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PREFACE TO THE THIRD EDITION 





With the enthusiastic response to the Second Edition of “GHOTECHNICAL ENGINEERING” 


from the academic community, the author has undertaken the task of preparing the Third 
Edition. 


The important features of this Edition are minor revision/additions in Chapters 7, 8, 10, 
17 and 18 and change over of the Illustrative Examples and Practice Problems originally left in 
the MKS units into the S.I. units so that the book is completely in the S.I. units. This is because 
the so-called “Period of Transition” may be considered to have been over. 


The topics involving minor revision/addition in the respective chapters specifically are : 
Chapter 7 : Estimation of the settlement due to secondary compression. 


Chapter8 : Uses and applications of Skempton’s pore pressure parameters, and 
“Stress-path” approach and its usefulness. 


Chapter 10 : Uniform load on an annular area (Ring foundation). 


Chapter 17 : Reinforced Earth and Geosynthetics, and their applications in 
geotechnical practice. 


Chapter 18 : The art of preparing a soil investigation report. 
Only brief and elementary treatment of the above has been given. 


Consequential changes at the appropriate places in the text, contents, answers to nu- 
merical problems, section numbers, figure numbers, chapter-wise references, and the indices 
have also been made. 


A few printing errors noticed in the previous edition have been rectified. The reader is 
requested to refer to the latest revised versions of the I.S. Codes mentioned in the book. 


In view of all these, it is hoped that the book would prove even more useful to the stu- 
dents than the previous edition. 


The author wishes to thank the geotechnical engineering fraternity for the excellent 
support given to his book. 


Finally, the author thanks the Publishers for bringing out this Edition in a relatively 
short time, while improving the quality of production. 


C. Venkatramaiah 


Tirupati 
India 
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PREFACE TO THE First EDITION 





The author does not intend to be apologetic for adding yet another book to the existing list in 
the field of Geotechnical Engineering. For one thing, the number of books available cannot be 
considered too large, although certain excellent reference books by Stalwarts in the field are 
available. For another, the number of books by Indian Authors is only a few. Specifically speak- 
ing, the number of books in this field in the S.I. System of Units is small, and books from Indian 
authors are virtually negligible. This fact, coupled with the author’s observation that not many 
books are available designed specifically to meet the requirements of undergraduate curricu- 
lum in Civil Engineering and Technology, has been the motivation to undertake this venture. 


The special features of this book are as follows: 


1. The S.I. System of Units is adopted along with the equivalents in the M.K.S. Units in 
some instances. (A note on the S.I. Units commonly used in Geotechnical Engineer- 
ing is included). 


2. Reference is made to the relevant Indian Standards*, wherever applicable, and ex- 
tracts from these are quoted for the benefit of the student as well as the practising 
engineer, 


3. A few illustrative problems and problems for practice are given in the M.K.S. Units 
to facilitate those who continue to use these Units during the transition period. 


4. The number of illustrative problems is fairly large compared to that in other books. 
This aspect would be helpful to the student to appreciate the various types of prob- 
lems likely to be encountered. 


5. The number of problems for practice at the end of each chapter is also fairly large. 
The answers to the numerical problems are given at the end of the book. 


6. The illustrative examples and problems are graded carefully with regard to the 
toughness. 


7. A few objective questions are also included at the end. This feature would be useful 


to students even during their preparation for competitive and other examinations 
such as GATE. 


8. “Summary of Main Points”, given at the end of each Chapter, would be very helpful 
to a student trying to brush up his preparation on the eve of the examination. 


9. Chapter-wise references are given; this is considered a better way to encourage fur- 
ther reading than a big Bibliography at the end. 


*Note: References are invited to the latest editions of these specifications for further details. These 
standards are available from Indian Standards Institution, New Delhi and its Regional Branch and In- 
spection Offices at Ahmedabad, Bangalore, Bhopal, Bhubaneshwar, Bombay, Calcutta, Chandigarh, 
Hyderabad, Jaipur, Kanpur, Madras, Patna, Pune and Trivandrum. 
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10. The sequence of topics and subtopics is sought to be made as logical as possible. 
Symbols and Nomenclature adopted are such that they are consistent (without sig- 
nificant variation from Chapter to Chapter), while being in close agreement with the 
internationally standardized ones. This would go a long way in minimising the possi- 
ble confusion in the mind of the student. 


11. The various theories, formulae, and schools of thought are given in the most logical 
sequence, laying greater emphasis on those that are most commonly used, or are 
more sound from a scientific point of view. 


12. The author does not pretend to claim any originality for the material; however, he 
does claim some degree of special effort in the style of presentation, in the degree of 
lucidity sought to be imparted, and in his efforts to combine the good features of 
previous books in the field. All sources are properly acknowledged. 


‘The book has been designed as a Text-book to meet the needs of undergraduate curricula 
of Indian Universities in the two conventional courses—“Soil Mechanics” and “Foundation Engi- 
neering”. Since a text always includes a little more than what is required, a few topics marked 
by asterisks may be omitted on first reading or by undergraduates depending on the needs of a 
specific syllabus. 

The author wishes to express his grateful thanks and acknowledgements to: 


(i) The Indian Standards Institution, for according permission to include extracts from a 
number of relevant Indian Standard Codes of Practice in the field of Geotechnical Engineering ; 


(ii) The authors and publishers of various Technical papers and books, referred to in the 
appropriate places; and, 


(iii) The Sri Venkateswara University, for permission to include questions and problems 
from their University Question Papers in the subject (some cases, in a modified system of Units). 


The author specially acknowledges his colleague, Prof. K. Venkata Ramana, for critically 
going through most of the Manuscript and offering valuable suggestions for improvement. 


Efforts will be made to rectify errors, if any, pointed out by readers, to whom the author 
would be grateful. Suggestions for improvement are also welcome. 


The author thanks the publishers for bringing out the book nicely. 


The author places on record the invaluable support and unstinted encouragement re- 
ceived from his wife, Mrs. Lakshmi Suseela, and his daughters, Ms. Sarada and Ms. Usha 
Padmini, during the period of preparation of the manuscript. 


C. Venkatramaiah 
Tirupati 
India 


PURPOSE AND SCOPE OF THE Book 


‘GEOTECHNICAL ENGINEERING’ 





There are not many books which cover both soil mechanics and foundation engineering which a 
student can use for his paper on Geotechnical Engineering. This paper is studied compulsorily 
and available books, whatever few are there, have not been found satisfactory. Students are 
compelled to refer to three or four books to meet their requirements. The author has been 
prompted by the lack of a good comprehensive textbook to write this present work. He has 
made a sincere effort to sum up his experience of thirty three years of teaching in the present 
book. The notable features of the book are as follows: 


1. 


aN S 


The S.I. (Standard International) System of Units, which is a modification of the 
Metric System of units, is adopted. A note on the S.I. Units is included by way of 
elucidation. 


The reader is requested to refer to the latest revised versions of the I.S. codes men- 
tioned in the book. 


Reference is made to the relevant Indian Standards, wherever applicable. 


The number of illustrative problems as well as the number of practice problems is 
made as large as possible so ag to cover the various types of problems likely to be 
encountered. The problems are carefully graded with regard to their toughness. 


A few “objective questions” are also included. 
“Summary of Main Points” is given at the end of each Chapter. 
References are given at the end of each Chapter. 


Symbols and nomenclature adopted are mostly consistent, while being in close agree- 
ment with the internationally standardised ones. 


The sequence of topics and subtopics is made as logical as possible. 
The author does not pretend to claim any originality for the material, the sources 
being appropriately acknowledged; however, he does claim some degree of it in the 


presentation, in the degree of lucidity sought to be imparted, and in his efforts to 
combine the good features of previous works in this field. 


In view of the meagre number of books in this field in S.I. Units, this can be expected to 
be a valuable contribution to the existing literature. 
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SoiL AND SoiL MECHANICS 


1.1 INTRODUCTION 


The term ‘Soil’ has different meanings in different scientific fields. It has originated from the 
Latin word Solum. To an agricultural scientist, it means “the loose material on the earth’s 
crust consisting of disintegrated rock with an admixture of organic matter, which supports 
plant life”. To a geologist, it means the disintegrated rock material which has not been trans- 
ported from the place of origin. But, to a civil engineer, the term ‘soil’ means, the loose 
unconsolidated inorganic material on the earth’s crust produced by the disintegration of rocks, 
overlying hard rock with or without organic matter. Foundations of all structures have to be 
placed on or in such soil, which is the primary reason for our interest as Civil Engineers in its 
engineering behaviour. 

Soil may remain at the place of its origin or it may be transported by various natural 
agencies. It is said to be ‘residual’ in the earlier situation and ‘transported’ in the latter. 

“Soil mechanics” is the study of the engineering behaviour of soil when it is used either 
as a construction material or as a foundation material. This is a relatively young discipline of 
civil engineering, systematised in its modern form by Karl Von Terzaghi (1925), who is rightly 
regarded as the “Father of Modern Soil Mechanics”.* 

An understanding of the principles of mechanics is essential to the study of soil mechan- 
ics. A knowledge and application of the principles of other basic sciences such as physics and 
chemistry would also be helpful in the understanding of soil behaviour. Further, laboratory 
and field research have contributed in no small measure to the development of soil mechanics 
as a discipline. 

The application of the principles of soil mechanics to the design and construction of 
foundations for various structures is known as “Foundation Engineering”. “Geotechnical 
Engineering” may be considered to include both soil mechanics and foundation engineering. 
In fact, according to Terzaghi, it is difficult to draw a distinct line of demarcation between soil 
mechanics and foundation engineering; the latter starts where the former ends. 


*According to him, “Soil Mechanics is the application of the laws of mechanics and hydraulics to 
engineering problems dealing with sediments and other unconsolidated accumulations of soil particles 
produced by the mechanical and chemical disintegration of rocks regardless of whether or not they 
contain an admixture of organic constiuents”. 
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Until recently, a civil engineer has been using the term ‘soil’ in its broadest sense to 
include even the underlying bedrock in dealing with foundations. However, of late, it is well- 
recognised that the sturdy of the engineering behaviour of rock material distinctly falls in the 
realm of ‘rock mechanics’, research into which is gaining impetus the world over. 


1.2 DEVELOPMENT OF SOIL MECHANICS 


The use of soil for engineering purposes dates back to prehistoric times. Soil was used not only 
for foundations but also as construction material for embankments. The knowledge was em- 
pirical in nature and was based on trial and error, and experience. 

The hanging gardens of Babylon were supported by huge retaining walls, the construc- 
tion of which should have required some knowledge, though empirical, of earth pressures. The 
large public buildings, harbours, aqueducts, bridges, roads and sanitary works of Romans 
certainly indicate some knowledge of the engineering behaviour of soil. This has been evident 
from the writings of Vitruvius, the Roman Engineer in the first century, B.C. Mansar and 
Viswakarma, in India, wrote books on ‘construction science’ during the medieval period. The 
Leaning Tower of Pisa, Italy, built between 1174 and 1350 A.D., is a glaring example of a lack 
of sufficient knowledge of the behaviour of compressible soil, in those days. 

Coulomb, a French Engineer, published his wedge theory of earth pressure in 1776, 
which is the first major contribution to the scientific study of soil behaviour. He was the first to 
introduce the concept of shearing resistance of the soil as composed of the two components— 
cohesion and internal friction. Poncelet, Culmann and Rebhann were the other men who 
extended the work of Coulomb. D’ Arcy and Stokes were notable for their laws for the flow of 
water through soil and settlement of a solid particle in liquid medium, respectively. These 
laws are still valid and play an important role in soil mechanics. Rankine gave his theory of 
earth pressure in 1857; he did not consider cohesion, although he knew of its existence. 

Boussinesq, in 1885, gave his theory of stress distribution in an elastic medium under a 
point load on the surface. 

Mohr, in 1871, gave a graphical representation of the state of stress at a point, called 
‘Mohr’s Circle of Stress’. This has an extensive application in the strength theories applicable 
to soil. 

Atterberg, a Swedish soil scientist, gave in 1911 the concept of ‘consistency limits’ for a 
soil. This made possible the understanding of the physical properties of soil. The Swedish 
method of slices for slope stability analysis was developed by Fellenius in 1926. He was the 
chairman of the Swedish Geotechnical Commission. 

Prandtl gave his theory of plastic equilibrium in 1920 which became the basis for the 
development of various theories of bearing capacity. 

Terzaghi gave his theory of consolidation in 1923 which became an important develop- 
ment in soil mechanics. He also published, in 1925, the first treatise on Soil Mechanics, a term 
coined by him. (Erd bau mechanik, in German). Thus, he is regarded as the Father of modern 
soil mechanics’. Later on, R.R. Proctor and A. Casagrande and a host of others were responsi- 
ble for the development of the subject as a full-fledged discipline. 
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Fifteen International Conferences have been held till now under the auspices of the 
international Society of Soil Mechanics and Foundation engineering at Harvard (Massachu- 
setts, U.S.A.) 1936, Rotterdam (The Netherlands) 1948, Zurich (Switzerland) 1953, London 
(U.K.) 1957, Paris (France) 1961, Montreal (Canada) 1965, Mexico city (Mexico) 1969, Moscow 
(U.S.S.R) 1973, Tokyo (Japan) 1977, Stockholm (Sweden) 1981, San Francisco (U.S.A.) 1985, 
and Rio de Janeiro (Brazil) 1989. The thirteenth was held in New Delhi in 1994, the fourteenth 
in Hamburg, Germany, in 1997 , and the fifteenth in Istanbul, Turkey in 2001. The sixteenth 
is proposed to be held in Osaka, Japan, in 2005. 

These conferences have given a big boost to research in the field of Soil Mechanics and 
Foundation Engineering. 


1.3 FIELDS OF APPLICATION OF SOIL MECHANICS 


The knowledge of soil mechanics has application in many fields of Civil Engineering. 


1.3.1 Foundations 


The loads from any structure have to be ultimately transmitted to a soil through the founda- 
tion for the structure. Thus, the foundation is an important part of a structure, the type and 
details of which can be decided upon only with the knowledge and application of the principles 
of soil mechanics. 


1.3.2 Underground and Earth-retaining Structures 


Underground structures such as drainage structures, pipe lines, and tunnels and earth-re- 
taining structures such as retaining walls and bulkheads can be designed and constructed 
only by using the principles of soil mechanics and the concept of ‘soil-structure interaction’. 


1.3.3 Pavement Design 


Pavement Design may consist of the design of flexible or rigid pavements. Flexible pavements 
depend more on the subgrade soil for transmitting the traffic loads. Problems peculiar to the 
design of pavements are the effect of repetitive loading, swelling and shrinkage of sub-soil and 
frost action. Consideration of these and other factors in the efficient design of a pavement is a 
must and one cannot do without the knowledge of soil mechanics. 


1.3.4 Excavations, Embankments and Dams 


Excavations require the knowledge of slope stability analysis; deep excavations may need tem- 
porary supports—timbering’ or ‘bracing’, the design of which requires knowledge of soil me- 
chanics. Likewise the construction of embankments and earth dams where soil itself is used as 
the construction material, requires a thorough knowledge of the engineering behaviour of soil 
especially in the presence of water. Knowledge of slope stability, effects of seepage, consolida- 
tion and consequent settlement as well as compaction characteristics for achieving maximum 
unit weight of the soil in-situ, is absolutely essential for efficient design and construction of 
embankments and earth dams. 
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The knowledge of soil mechanics, assuming the soil to be an ideal material elastic, iso- 
tropic, and homogeneous material—coupled with the experimental determination of soil prop- 
erties, is helpful in predicting the behaviour of soil in the field. 

Soil being a particulate and hetergeneous material, does not lend itself to simple analy- 
sis. Further, the difficulty is enhanced by the fact that soil strata vary in extent as well as in 
depth even in a small area. 


A through knowledge of soil mechanics is a prerequisite to be a successful foundation 
engineer. It is difficult to draw a distinguishing line between Soil Mechanics and Foundation 
Engineering; the later starts where the former ends. 


1.4 SOIL FORMATION 


Soil is formed by the process of ‘Weathering’ of rocks, that is, disintegration and decomposition 
of rocks and minerals at or near the earth’s surface through the actions of natural or mechani- 
cal and chemical agents into smaller and smaller grains. 


The factors of weathering may be atmospheric, such as changes in temperature and 
pressure; erosion and transportation by wind, water and glaciers; chemical action such as 
crystal growth, oxidation, hydration, carbonation and leaching by water, especially rainwater, 
with time. 

Obviously, soils formed by mechanical weathering (that is, disintegration of rocks by 
the action of wind, water and glaciers) bear a similarity in certain properties to the minerals in 
the parent rock, since chemical changes which could destroy their identity do not take place. 

It is to be noted that 95% of the earth’s crust consists of igneous rocks, and only the 
remaining 5% consists of sedimentary and metamorphic rocks. However, sedimentary rocks 
are present on 80% of the earth’s surface area. Feldspars are the minerals abundantly present 
(60%) in igneous rocks. Amphiboles and pyroxenes, quartz and micas come next in that order. 


Rocks are altered more by the process of chemical weathering than by mechanical weath- 
ering. In chemical weathering some minerals disappear partially or fully, and new compounds 
are formed. The intensity of weathering depends upon the presence of water and temperature 
and the dissolved materials in water. Carbonic acid and oxygen are the most effective dis- 
solved materials found in water which cause the weathering of rocks. Chemical weathering 
has the maximum intensity in humid and tropical climates. 

‘Leaching’ is the process whereby water-soluble parts in the soil such as Calcium Car- 
bonate, are dissolved and washed out from the soil by rainfall or percolating subsurface water. 
‘Laterite’ soil, in which certain areas of Kerala abound, is formed by leaching. 

Harder minerals will be more resistant to weathering action, for example, Quartz present 
in igneous rocks. But, prolonged chemical action may affect even such relatively stable miner- 
als, resulting in the formation of secondary products of weatheing, such as clay minerals— 
illite, kaolinite and montmorillonite. ‘Clay Mineralogy has grown into a very complicated and 
broad subject (Ref: ‘Clay Mineralogy’ by R.E. Grim). 
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Soil Profile 

A deposit of soil material, resulting from one or more of the geological processes described 
earlier, is subjected to further physical and chemical changes which are brought about by the 
climate and other factors prevalent subsequently. Vegetation starts to develop and rainfall 
begins the processes of leaching and eluviation of the surface of the soil material. Gradually, 
with the passage of geological time profound changes take place in the character of the soil. 
These changes bring about the development of ‘soil profile’. 

Thus, the soil profile is a natural succession of zones or strata below the ground surface 
and represents the alterations in the original soil material which have been brought about by 
weathering processes. It may extend to different depths at different places and each stratum 
may have varying thickness. 

Generally, three distinct strata or horizons occur in a natural soil-profile; this number 
may increase to five or more in soils which are very old or in which the weathering processes 
have been unusually intense. 

From top to bottom these horizons are designated as the A-horizon, the B-horizon and 
the C-horizon. The A-horizon is rich in humus and organic plant residue. This is usually 
eluviated and leached; that is, the ultrafine colloidal material and the soluble mineral salts 
are washed out of this horizon by percolating water. It is dark in colour and its thickness may 
range from a few centimetres to half a metre. This horizon often exhibits many undesirable 
engineering characteristics and is of value only to agricultural soil scientists. 

The B-horizon is sometimes referred to as the zone of accumulation. The material which 
has migrated from the A-horizon by leaching and eluviation gets deposited in this zone. There 
is a distinct difference of colour between this zone and the dark top soil of the A-horizon. This 
soil is very much chemically active at the surface and contains unstable fine-grained material. 
Thus, this is important in highway and airfield construction work and light structures such as 
single storey residential buildings, in which the foundations are located near the ground 
surface. The thickness of B-horizon may range from 0.50 to 0.75 m. 

The material in the C-horizon is in the same physical and chemical state as it was first 
deposited by water, wind or ice in the geological cycle. The thickness of this horizon may range 
from a few centimetres to more than 30 m. The upper region of this horizon is often oxidised to 
a considerable extent. It is from this horizon that the bulk of the material is often borrowed for 
the construction of large soil structures such as earth dams. 

Each of these horizons may consist of sub-horizons with distinctive physical and chemi- 
cal characteristics and may be designated as A,, A, B,, B,, etc. The transition between hori- 
zons and sub-horizons may not be sharp but gradual. At a certain place, one or more horizons 
may be missing in the soil profile for special reasons. A typical soil profile is shown in Fig. 1.1. 

The morphology or form of a soil is expressed by a complete description of the texture, 
structure, colour and other characteristics of the various horizons, and by their thicknesses 
and depths in the soil profile. For these and other details the reader may refer “Soil Engineer- 
ing” by M.G. Spangler. 
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n 


C, horizon 3 to 4 m 


C, horizon below 4 to 5 m 





: Light brown loam, leached 
: Dark brown clay, leached 


: Light brown silty clay, oxidised and unleached 
: Light brown silty clay, unoxidised and unleached 





Fig. 1.1 A typical soil profile 


1.5 RESIDUAL AND TRANSPORTED SOILS 


Soils which are formed by weathering of rocks may remain in position at the place of region. In 
that case these are ‘Residual Soils’. These may get transported from the place of origin by 
various agencies such as wind, water, ice, gravity, etc. In this case these are termed “Trans- 
ported soil”. Residual soils differ very much from transported soils in their characteristics and 
engineering behaviour. The degree of disintegration may vary greatly throughout a residual 
soil mass and hence, only a gradual transition into rock is to be expected. An important char- 
acteristic of these soils is that the sizes of grains are not definite because of the partially 
disintegrated condition. The grains may break into smaller grains with the application of a 
little pressure. 

The residual soil profile may be divided into three zones: (i) the upper zone in which 
there is a high degree of weathering and removal of material; (ii) the intermediate zone in 
which there is some degree of weathering in the top portion and some deposition in the bottom 
portion; and (iii) the partially weathered zone where there is the transition from the weath- 
ered material to the unweathered parent rock. Residual soils tend to be more abundant in 
humid and warm zones where conditions are favourable to chemical weathering of rocks and 
have sufficient vegetation to keep the products of weathering from being easily transported as 
sediments. Residual soils have not received much attention from geotechnical engineers be- 
cause these are located primarily in undeveloped areas. In some zones in South India, sedi- 
mentary soil deposits range from 8 to 15 m in thickness. 

Transported soils may also be referred to as ‘Sedimentary’ soils since the sediments, 
formed by weathering of rocks, will be transported by agencies such as wind and water to 
places far away from the place of origin and get deposited when favourable conditions like a 
decrease of velocity occur. A high degree of alteration of particle shape, size, and texture as 
also sorting of the grains occurs during transportation and deposition. A large range of grain 
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sizes and a high degree of smoothness and fineness of individual grains are the typical charac- 
teristics of such soils. 


Transported soils may be further subdivided, depending upon the transporting agency 
and the place of deposition, as under: 


Alluvial soils. Soils transported by rivers and streams: Sedimentary clays. 
Aeoline soils. Soils transported by wind: loess. 
Glacial soils. Soils transported by glaciers: Glacial till. 
Lacustrine soils. Soils deposited in lake beds: Lacustrine silts and lacustrine clays. 
Marine soils. Soils deposited in sea beds: Marine silts and marine clays. 
Broad classification of soils may be: 
1. Coarse-grained soils, with average grain-size greater than 0.075 mm, e.g., gravels and 
sands. 
2. Fine-grained soils, with average grain-size less than 0.075 mm, e.g., silts and clays. 
These exhibit different properties and behaviour but certain general conclusions are 
possible even with this categorisation. For example, fine-grained soils exhibit the property of 
‘cohesion’—bonding caused by inter-molecular attraction while coarse-grained soils do not; 
thus, the former may be said to be cohesive and the latter non-cohesive or cohesionless. 
Further classification according to grain-size and other properties is given in later 
chapters. 


1.6 SOME COMMONLY USED SOIL DESIGNATIONS 


The following are some commonly used soil designations, their definitions and basic proper- 
ties: 

Bentonite. Decomposed volcanic ash containing a high percentage of clay mineral— 
montmorillonite. It exhibits high degree of shrinkage and swelling. 

Black cotton soil. Black soil containing a high percentage of montmorillonite and colloi- 
dal material; exhibits high degree of shrinkage and swelling. The name is derived from the 
fact that cotton grows well in the black soil. 

Boulder clay. Glacial clay containing all sizes of rock fragments from boulders down to 
finely pulverised clay materials. It is also known as ‘Glacial till’. 

Caliche. Soil conglomerate of gravel, sand and clay cemented by calcium carbonate. 

Hard pan. Densely cemented soil which remains hard when wet. Boulder clays or gla- 
cial tills may also be called hard-pan— very difficult to penetrate or excavate. 

Laterite. Deep brown soil of cellular structure, easy to excavate but gets hardened on 
exposure to air owing to the formation of hydrated iron oxides. 

Loam. Mixture of sand, silt and clay size particles approximately in equal proportions; 
sometimes contains organic matter. 

Loess. Uniform wind-blown yellowish brown silt or silty clay; exhibits cohesion in the 
dry condition, which is lost on wetting. Near vertical cuts can be made in the dry condition. 
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Marl. Mixtures of clacareous sands or clays or loam; clay content not more than 75% 
and lime content not less than 15%. 


Moorum. Gravel mixed with red clay. 

Top-soil. Surface material which supports plant life. 

Varved clay. Clay and silt of glacial origin, essentially a lacustrine deposit; varve is a 
term of Swedish origin meaning thin layer. Thicker silt varves of summer alternate with thin- 
ner clay varves of winter. 


1.7 STRUCTURE OF SOILS 


The ‘structure’ of a soil may be defined as the manner of arrangement and state of aggregation 
of soil grains. In a broader sense, consideration of mineralogical composition, electrical proper- 
ties, orientation and shape of soil grains, nature and properties of soil water and the interac- 
tion of soil water and soil grains, also may be included in the study of soil structure, which is 
typical for transported or sediments soils. Structural composition of sedimented soils influ- 
ences, many of their important engineering properties such as permeability, compressibility 
and shear strength. Hence, a study of the structure of soils is important. 

The following types of structure are commonly studied: 

(a) Single-grained structure 

(b) Honey-comb structure 

(c) Flocculent structure 





1.7.1 Single-grained Structure 

Single-grained structure is characteristic of coarse- 
grained soils, with a particle size greater than 0.02 
mm. Gravitational forces predominate the surface þa 
forces and hence grain to grain contact results. The [| Í Cg a 


Jet 
can 


deposition may occur in a loose state, with large voids 
or in a sense state, with less of voids. 


1.7.2 Honey-comb Structure 


This structure can occur only in fine-grained soils, 
especially in silt and rock flour. Due to the relatively 
smaller size of grains, besides gravitational forces, 
inter-particle surface forces also play an important role 
in the process of settling down. Miniature arches are 
formed, which bridge over relatively large void spaces. 
This results in the formation of a honey-comb structure, 
each cell of a honey-comb being made up of numerous 
individual soil grains. The structure has a large void 
space and may carry high loads without a significant 
volume change. The structure can be broken down by 
external disturbances. 

















Fig. 1.3 Honey-comb structure 
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1.7.3 Flocculent Structure 


This structure is characteristic of fine-grained soils 
such as clays. Inter-particle forces play a predomi- 
nant role in the deposition. Mutual repulsion of the 
particles may be eliminated by means of an appro- 
priate chemical; this will result in grains coming 
closer together to form a ‘floc’. Formation of flocs is 
‘flocculation’. But the flocs tend to settle in a honey- 
comb structure, in which in place of each grain, a 
floc occurs. 

Thus, grains grouping around void spaces 
larger than the grain-size are flocs and flocs group- 
ing around void spaces larger than even the flocs 
result in the formation of a ‘flocculent’ structure. 

Very fine particles or particles of colloidal size 
(< 0.001 mm) may be in a flocculated or dispersed 
state. The flaky particles are oriented edge-to-edge 
or edge-to-face with respect to one another in the 
case of a flocculated structure. Flaky particles of 
clay minerals tend to from a card house structure 
(Lambe, 1953), when flocculated. This is shown in 
Fig. 1.5. 

When inter-particle repulsive forces are 
brought back into play either by remoulding or by 
the transportation process, a more parallel arrange- 
ment or reorientation of the particles occurs, as 
shown in Fig. 1.6. This means more face-to-face con- 
tacts occur for the flaky particles when these are in 
a dispersed state. In practice, mixed structures oc- 
cur, especially in typical marine soils. 


1.8 TEXTURE OF SOILS 

















Fig. 1.5 Card-house structure of 
flaky particles 











Fig. 1.6 Dispersed structure 


The term ‘Texture’ refers to the appearance of the surface of a material, such as a fabric. It is 
used in a similar sense with regard to soils. Texture of a soil is reflected largely by the particle 
size, shape, and gradation. The concept of texture of a soil has found some use in the classifica- 


tion of soils to be dealt with later. 


1.9 MAJ OR SOIL DEPOSITS OF INDIA 


The soil deposits of India can be broadly classified into the following five types: 


1. Black cotton soils, occurring in Maharashtra, Gujarat, Madhya Pradesh, Karnataka, 
parts of Andhra Pradesh and Tamil Nadu. These are expansive in nature. On account of 
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high swelling and shrinkage potential these are difficult soils to deal with in foundation 
design. 

Marine soils, occurring in a narrow belt all along the coast, especially in the Rann of 
Kutch. These are very soft and sometimes contain organic matter, possess low strength 
and high compressibility. 

Desert soils, occurring in Rajasthan. These are deposited by wind and are uniformly 
graded. 

Alluvial soils, occurring in the Indo-Gangetic plain, north of the Vindhyachal ranges. 
Lateritic soils, occurring in Kerala, South Maharashtra, Karnataka, Orissa and West 
Bengal. 


SUMMARY OF MAIN POINTS 


The term ‘Soil’ is defined and the development of soil mechanics or geotechnical engineering as 
a discipline in its own right is traced. 

Foundations, underground and earth-retaining structures, pavements, excavations, embank- 
ments and dams are the fields in which the knowledge of soil mechanics is essential. 

The formation of soils by the action of various agencies in nature is discussed, residual soils and 
transported soils being differentiated. Some commonly used soil designations are explained. 
The sturcture and texture of soils affect their nature and engineering performance. Single-grained 
structure is common in coarse grained soils and honey-combed and flocculent structures are 
common in fine-grained soils. 
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1.1 


1.2 


1.3 


1.4 


1.5 


1.6 


(a) Differentiate between ‘residual’ and ‘transported’ soils. In what way does this knowledge 
help in soil engineering practice? 
(b) Write brief but critical notes on ‘texture’ and ‘structure’ of soils. 
(c) Explain the following materials: 
(i) Peat, (ii) Hard pan, (iii) Loess, (iv) Shale, (v) Fill, (vi) Bentonite, (vii) Kaolinite, (viii) Marl, 
(ix) Caliche. (S.V.U.—B. Tech. (Part-time)—June, 1981) 
Distinguish between ‘Black Cotton Soil’ and Laterite’ from an engineering point of view. 
(S.V.U.—B.E., (R.R.)—Nov., 1974) 
Briefly descibe the processes of soil formation. (S.V.U.—B.E., (R.R.)—Nov., 1973) 
(a) Explain the meanings of ‘texture’ and ‘structure’ of a soil. 


(b) What is meant by ‘black cotton soil’? Indicate the geological and climatic conditions that tend 
to produce this type of soil. (S.V.U.—B.E., (R.R)—May, 1969) 
(a) Relate different formations of soils to the geological aspects. 
(b) Descibe different types of texture and structure of soils. 
(c) Bring out the typical characteristics of the following materials: 
(i) Peat, (ii) Organic soil, (iii) Loess, (iv) Kaolinite, (v) Bentonite, (vi) Shale, (vii) Black cotton 
soil. (S.V.U.—B. Tech., (Part-time)—April, 1982) 
Distinguish between 
(i) Texture and Structure of soil. 
(ii) Silt and Clay. 
(iii) Aeoline and Sedimentary deposits. (S.V.U.—B.Tech., (Part-time)—May, 1983) 


Chapter 2, 


COMPOSITION OF SOIL 
TERMINOLOGY AND DEFINITIONS 


2.1 COMPOSITION OF SOIL 


Soil is a complex physical system. A mass of soil includes accumulated solid particles or soil 
grains and the void spaces that exist between the particles. The void spaces may be partially or 
completely filled with water or some other liquid. Void spaces not occupied by water or any 
other liquid are filled with air or some other gas. 

‘Phase’ means any homogeneous part of the system different from other parts of the 
system and separated from them by abrupt transition. In other words, each physically or chemi- 
cally different, homogeneous, and mechanically separable part of a system constitutes a dis- 
tinct phase. Literally speaking, phase simply means appearance and is derived from Greek. A 
system consisting of more than one phase is said to be heterogeneous. 

Since the volume occupied by a soil mass may generally be expected to include material 
in all the three states of matter—solid, liquid and gas, soil is, in general, referred to as a 
“three-phase system”. 

A soil mass as it exists in nature is a more or less random accumulation of soil particles, 
water and air-filled spaces as shown in Fig. 2.1 (a). For purposes of analysis it is convenient to 
represent this soil mass by a block diagram, called ‘Phase-diagram’, as shown in Fig. 2.1 (b). It 
may be noted that the separation of solids from voids can only be imagined. The phase-dia- 
gram provides a convenient means of developing the weight-volume relationship for a soil. 


Soil grains 


Water around 
the particles 





Air in irregular 
spaces between 









and filling soil grains 

up irregular 

spaces between Solid 

the soil grains particles 
(Soil) 











Fig. 2.1 (a) Actual soil mass, (b) Representation of soil mass by phase diagram 
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When the soil voids are completely filled with water, the gaseous phase being absent, it 
is said to be ‘fully saturated’ or merely ‘saturated’. When there is no water at all in the voids, 
the voids will be full of air, the liquid phase being absent ; the soil is said to be dry. (It may be 
noted that the dry condition is rare in nature and may be achieved in the laboratory through 
oven-drying). In both these cases, the soil system reduces to a ‘two-phase’ one as shown in 
Fig. 2.2 (a) and (6). These are merely special cases of the three-phase system. 


: Air 
Solid Solid 
particles particles 
(Soil) (Soil) 


(a) (b) 


Fig. 2.2 (a) Saturated soil, (b) Dry soil represented as two-phase systems 























2.2 BASIC TERMINOLOGY 


A number of quantities or ratios are defined below, which constitute the basic terminology in 
soil mechanics. The use of these quantities in predicting the engineering behaviour of soil will 
be demonstrated in later chapters. 


Volume Weight 

















V 
Vs (Soil) is 
vy 
V, = Volume of air W, = Weight of air (negligible or zero) 
V „= Volume of water W_, = Weight of water 
V,, = Volume of voids W,, = Weight of material occupying void space 
V, = Volume of solids W, = Weight of solids 
V = Total volume of soil mass W = Total weight of solid mass 
W, = Wa 


Fig. 2.3. Soil-phase diagram (volumes and weights of phases) 
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The general three-phase diagram for soil will help in understanding the terminology 
and also in the development of more useful relationships between the various quantities. Con- 
ventionally, the volumes of the phases are represented on the left-side of the phase-diagram, 
while weights are represented on the right-side as shown in Fig. 2.3. 


Porosity 


‘Porosity’ of a soil mass is the ratio of the volume of voids to the total volume of the soil mass. 
It is denoted by the letter symbol n and is commonly expressed as a percentage: 


n= wx 100 .. (Eq. 2.1) 
Here V,=V,+V,3;V=Vi+V,+V, 
Void Ratio 


‘Void ratio’ of a soil mass is defined as the ratio of the volume of voids to the volume of solids in 
the soil mass. It is denoted by the letter symbol e and is generally expressed as a decimal 
fraction : 


‘a (Eq. 2.2) 


Sx 


S 

Here V, =V, tV, 

‘Void ratio’ is used more than ‘Porosity’ in soil mechanics to characterise the natural 
state of soil. This is for the reason that, in void ratio, the denominator, V, or volume of solids, 
is supposed to be relatively constant under the application of pressure, while the numerator, 
V „ the volume of voids alone changes ; however, in the case of porosity, both the numerator V, 
and the denominator V change upon application of pressure. 

Degree of Saturation 


‘Degree of saturation’ of a soil mass is defined as the ratio of the volume of water in the voids 
to the volume of voids. It is designated by the letter symbol S and is commonly expressed as a 
percentage : 


S= Vu x 100 ...(Eq. 2.3) 
V, 
Here V, =V tV, 
For a fully saturated soil mass, Vp = Vp 


Therefore, for a saturated soil mass S = 100%. 

For a dry soil mass, V „is zero. 

Therefore, for a perfectly dry soil sample S is zero. 

In both these conditions, the soil is considered to be a two-phase system. 


The degree of saturation is between zero and 100%, the soil mass being said to be ‘par- 
tially’ saturated—the most common condition in nature. 
Percent Air Voids 
‘Percent air voids’ of a soil mass is defined as the ratio of the volume of air voids to the total 
volume of the soil mass. It is denoted by the letter symbol n , and is commonly expressed as a 
percentage : 
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na = 52x 100 (Eq. 2.4) 
Air Content 
‘Air content’ of a soil mass is defined as the ratio of the volume of air voids to the total volume 
of voids. It is designated by the letter symbol a, and is commonly expressed as a percentage : 


a,= Va x 100 ... (Eq. 2.5) 
V, 
Water (Moisture) Content 
‘Water content’ or ‘Moisture content’ of a soil mass is defined as the ratio of the weight of water 
to the weight of solids (dry weight) of the soil mass. It is denoted by the letter symbol w and is 
commonly expressed as a percentage : 


W, 
au 2 100 (Eq. 2.6 
” = W. or Wi) eee 
= W-wy x 100 ...[Eq. 2.6(a)] 
Wa 


In the field of Geology, water content is defined as the ratio of weight of water to the 
total weight of soil mass ; this difference has to be borne in mind. 

For the purpose of the above definitions, only the free water in the pore spaces or voids 
is considered. The significance of this statement will be understood as the reader goes through 
the later chapters. 

Bulk (Mass) Unit Weight 
‘Bulk unit weight’ or ‘Mass unit weight’ of a soil mass is defined as the weight per unit volume 
of the soil mass. It is denoted by the letter symbol y. 


Hence, y= W/V ... (Eq. 2.7) 
Here W=W,,+W, 
and V=V,+V,+V, 


The term ‘density’ is loosely used for ‘unit weight’ in soil mechanics, although, strictly 
speaking, density means the mass per unit volume and not weight. 
Unit Weight of Solids 


‘Unit weight of solids’ is the weight of soil solids per unit volume of solids alone. It is also 
sometimes called the ‘absolute unit weight’ of a soil. It is denoted by the letter symbol y; 


y= (Eq. 2.8) 


Unit Weight of Water 
‘Unit weight of water’ is the weight per unit volume of water. It is denoted by the letter symbol 
ye 

W, 


= . (Eg. 2.9 
Vw A (Eq ) 


It should be noted that the unit weight of water varies in a small range with tempera- 
ture. It has a convenient value at 4°C, which is the standard temperature for this purpose. y, is 
the symbol used to denote the unit weight of water at 4°C. 
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The value of y, is 1g/em? or 1000 kg/m? or 9.81 kN/m. 
Saturated Unit Weight 


The ‘Saturated unit weight’ is defined as the bulk unit weight of the soil mass in the saturated 
condition. This is denoted by the letter symbol y 


sat’ 
Submerged (Buoyant) Unit Weight 
The ‘Submerged unit weight’ or ‘Buoyant unit weight’ of a soil is its unit weight in the sub- 


merged condition. In other words, it is the submerged weight of soil solids (W,).,,,, per unit of 
total volume, V of the soil. It is denoted by the letter symbol y’ : 
yis a ...(Eq. 2.10) 


(W..)..,» 18 equal to the weight of solids in air minus the weight of water displaced by the solids. 
This leads to: 


(Wup = W,- Ver Yo ...(Eq. 2.11) 

Since the soil is submerged, the voids must be full of water ; the total volume V, then, 
must be equal to (V, + V) . (Wup may now be written as : 
(Wan = W-W -V -Yw 

=W-V,, -Yu — V Yu 

=W-y,V„ + V,) 

=W-V.y,, 
Dividing throughout by V, the total volume, 


sub 


OW )sub 
s‘sub _ (W, = 
-y (W/V) — ¥,, 


or Y = Yeat — Yw ...(Eq. 2.12) 

It may be noted that a submerged soil is invariably saturated, while a saturated soil 
need not be sumberged. 

Equation 2.12 may be written as a direct consequence of Archimedes’ Principle which 
states that the apparent loss of weight of a substance when weighed in water is equal to the 
weight of water displaced by it. 

Thus, Y = Yeat — Yu 
since these are weights of unit volumes. 

Dry Unit Weight 
The ‘Dry unit weight’ is defined as the weight of soil solids per unit of total volume ; the former 
is obtained by drying the soil, while the latter would be got prior to drying. The dry unit weight 
is denoted by the letter symbol y, and is given by : 
W, (or Wg) 
Ya = y 

Since the total volume is a variable with respect to packing of the grains as well as with 

the water content, y, is a relatively variable quantity, unlike y, the unit weight of solids.* 


.. (Eq. 2.13) 


*The term ‘density’ is loosely used for ‘unit weight’ in soil mechanics, although the former really 
means mass per unit volume and not weight per unit volume. 
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Mass Specific Gravity 
The ‘Mass specific gravity’ of a soil may be defined as the ratio of mass or bulk unit weight of 
soil to the unit weight of water at the standard temperature (4°C). This is denoted by the letter 
symbol G,, and is given by : 

G2" (Eq. 2.14) 

Yo 
This is also referred to as ‘bulk specific gravity or ‘apparent specific gravity’. 

Specific Gravity of Solids 
The ‘specific gravity of soil solids’ is defined as the ratio of the unit weight of solids (absolute 
unit weight of soil) to the unit weight of water at the standard temperature (4°C). This is 
denoted by the letter symbol G and is given by : 


(Eq. 2.15) 


This is also known as ‘Absolute specific gravity’ and, in fact, more popularly as ‘Grain 
Specific Gravity’. Since this is relatively constant value for a given soil, it enters into many 
computations in the field of soil mechanics. 

Specific Gravity of Water 

‘Specific gravity of water’ is defined as the ratio of the unit weight of water to the unit weight 
of water at the standard temperature (4°C). It is denoted by the letter symbol, G „ and is given 
by: 


ea __.(Eq. 2.16) 
Yo 


Since the variation of the unit weight of water with temperature is small, this value is 
very nearly unity, and in practice is taken as such. 

In view of this observation, y, in Eqs. 2.14 and 2.15 is generally substituted by y,,, with- 
out affecting the results in any significant manner. 


























Volume 
A A oe A 
v ¥ 
| WE 
V i W = Vy = V.Gm-Yw 
Vs Solids W, = V5-¥s E Vs-G-Yw 
x | w RA 


Fig. 2.4. Soil phase diagram showing additional equivalents on the weight side 


2.3 CERTAIN IMPORTANT RELATIONSHIPS 


In view of foregoing definitions, the soil phase diagram may be shown as in Fig. 2.4, with 
additional equivalents on the weight side. 


18 


GEOTECHNICAL ENGINEERING 





A number of useful relationships may be derived based on the foregoing definitions and 
the soil-phase diagram. 


2.3.1 Relationships Involving Porosity, Void Ratio, Degree of Saturation, 
Water Content, Percent Air Voids and Air Content 




















n= V, , as a fraction 
Me Je V, =o W, 
= V V Gy V 
Wa 
=1- ... (Eq. 2.17 
GY WV wa i 
This may provide a practical approach to the determination of n. 
aa 
e= V, 
Wav) _ = VOo 4 
= V; V; W; 
V.G.y 
= —— e _] ...(Eq. 2.18 
e W, (Eq ) 
This may provide a practical approach to the determination of e. 
V, V, 
n= -> ATE 
V V; 
V, +V, V, V, (1+e) 
In = VIV, = —— $+ =Ve+1= 
m "Vy vV, vy, e 
e 
= ...(Eq. 2.19 
n= irea (Eq ) 


e =n/(1—n), by algebraic manipulation 


... (Eq. 2.20) 
These interrelationships between n and e facilitate computation of one if the other is 
known. 


or 


S=1. 


a,= T and -Vo 


...(Eq. 2.20) 
By definition, 


w = W,,/W,, as fraction ; S = V/V as fraction ; e = V,/V, 
S.e=V,/V, 





Va- Y Vot. 
w=W _/W = = = —— = -V /VG = S.e/G 
we VaVe Vg GYy JVs 
w.G=S.e 


... (Eq. 2.21) 
(Note. This is valid even if both w and S are expressed as percentages). For saturated condition, 
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Wot = e/G ore =W aa ... (Eq. 2.22) 
Uy Vw p_w 
n = Ya- Vo- Vw _ Us Us _ Us 
T V WV j% l+e 
Us 
But S.e=V,/V, 
oe ee eS) (Eq. 2.23) 
- l+e l+e 
Also n, = (eVl+e)(1—S) =n(1-S) ... (Eq. 2.24) 
a, z V/V. 
S=V_/V, 
(V, +V) 
S Ly V = 
a, V, d U 
a,=(1-S) ... (Eq. 2.25) 


In view of Eq. 2.25, Eq. 2.24 becomes n, = n.a „ which is Eq. 2.20. 


2.3.2 Relationships Involving Unit Weights, Grain Specific Gravity, Void 
Ratio, and Degree of Saturation 
W, +W, _ W,(1+W,/W,) 








= W; = 
TOWN = LV, VAA 
V, 
But W/W, = w, as a fraction ; Vv =e;and 
W., 
— =y. =G. 
v, Ys Ti 
y= Gy, ew) (w as a fraction) ... (Eq. 2.26) 
(1+ e) 
(G+wG) 
Furth eee 
urther, (te) LA 
But w.G =S.e 
y= red -Yw (S as a fraction) ... (Eq. 2.27) 
(1+e) 


This is a general equation from which the unit weights corresponding to the saturated 
and dry states of soil may be got by substituting S = 1 and S = 0 respectively (as a fraction). 


Gre 
Neat Gece ... (Eq. 2.28) 
G.y 
d —— ... (Eq. 2.29 
a Ya (1+ e) eq ) 


Note. y,,, and y, may be derived from first principles also in just the same way as y. 


The submerged unit weight y’ may be written as : 
Y= Ya Y ... (Eq. 2.12) 
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But, 


whence 


Va 


G 


m 


Solving for e, 

















_ (Gre) 
~ (1+e) Yo Yw 
‘ees | 
= Yw -1 
(+e) 
_(G-D 
~ (lt¢e) °” 
= W, 
ygs y 
W, . 
w= wW, as a fraction 
puje Vat _ way, 
W = W1 +w) 
= wan a = ET (w as a fraction) 
y _(G+S8.e) 
Tys Ato 
_ G-G,,) 
~ (Gn -S) 


2.3.3 Unit-phase Diagram 


The soil-phase diagram may also be shown with the volume of solids as unity ; in such a case, 
it is referred to as the ‘Unit-phase Diagram’ (Fig. 2.5). 


(Eq. 2.30) 


... (Eq. 2.31) 


... (Eq. 2.32) 


(Eq. 2.33) 


It is interesting to note that all the interrelationships of the various quantities enumer- 
ated and derived earlier may conveniently be obtained by using the unit-phase diagram also. 


Weight 
] * 


Zero 


4 


S.e.Yw 





1 1.Giyy 











y 


Fig. 2.5 Unit-phase diagram 


For example; Porosity, 


_ volume of voids _ ell +e) 





total volume 
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_ weight of water _ S.e. Yw 








Water content, Sweeto sie Cia = S.e/G 
or w.G = S.e 
_ total weight _ (G + S.e) _ Gy, (1+w) 
~ total volume (1+e) `” (1+e) 


weight of solids G.y,, 
total volume (+e) 


‘a= 





and so on. 


The reader may, in a similar manner, prove the other relationships also. 


2.4 ILLUSTRATIVE EXAMPLES 


Example 2.1: One cubic metre of wet soil weighs 19.80 KN. If the specific gravity of soil parti- 
cles is 2.70 and water content is 11%, find the void ratio, dry density and degree of saturation. 


(S.V.U.—B.E.(R.R.)—Nov. 1975) 





Bulk unit weight, = 19.80 kN/m? 
Water content, w=11%=0.11 
oo. y 19.80 r 
D t ht, = = KN/m° = 17.84 kN/më 
ET HETE ee “"Geu) asn i 


Specific gravity of soil particles G = 2.70 


G. Yw 
Y= l+e 
Unit weight of water, y,, = 9.81 kN/m? 
2.70 x 9.81 
17.84 = — 
(1+ e) 
TER E DE me Be 
17.84 
Void ratio, e = 0.485 
Degree of Saturation, S = wG/e 
ga MHIAN ygi 
0.485 


Degree of Saturation = 61.24%. 


Example 2.2: Determine the (i) Water content, (ii) Dry density, (iii) Bulk density, (iv) Void 
ratio and (v) Degree of saturation from the following data : 


Sample size 3.81 cm dia. x 7.62 cm ht. 


Wet weight = 1.668 N 
Oven-dry weight = 1.400 N 
Specific gravity 22.1 (S.V.U.—B. Tech. (Part-time)—June, 1981) 
Wet weight, W = 1.668 N 


Oven-dry weight, W} = 1.400 N 
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(1.668 — 1.400) 
KS 


Water content, x 100% = 19.14% 


1.40 
Total volume of soil sample, V = ; x (3.81)? x 7.62 cm? 
= 86.87 cm? 
Bulk unit weight, y= WIV = as = 0.0192 N/cm? 
= 18.84 kN/m? 
Dry unit weight, y= = S84 _ ein? = 15.81 kN/m? 





T (+w) (1+0.1914) 
Specific gravity of solids, G = 2.70 





G.Y 
= = 9.81 kN/m? 
Ya (1+e) Yw . 
2. 81 
15.81 = 2.1 x 9.81 (1 +e)= 2.1 x 9.81 = 1.675 
(1+e) 15.81 
Void ratio, e = 0.675 
Degree of saturation, S= Aue SAKET = 0.7656 = 76.56%. 
e 


Example 2.3: A soil has bulk density of 20.1 kN/m? and water content of 15%. Calculate the 
water content if the soil partially dries to a density of 19.4 kN/m? and the void ratio remains 








unchanged. (S.V.U.—B.E. (R.R.)—Dec., 1971) 
Bulk unit weight, y = 20.1 kN/m 
Water content, w = 15% 
Dry unit weight, Yq = i a kN/m? = 17.5 kN/m? 
(1+w) (1+0.15) 
G.Yy . 
But Yq = Ge)? 


if the void ratio remains unchanged while drying takes place, the dry unit weight also remains 
unchanged since G and y,, do not change. 


New value of y = 19.4 kN/m? 





= Y 
u= (1+w) 
5 y=y7,1+w) 
or 19.4=17.5 (1+w) 
(1+w)= aad = 1.1086 
17.5 
w = 0.1086 


Hence the water content after partial drying = 10.86%. 


Example 2.4: The porosity of a soil sample is 35% and the specific gravity ofits particles is 2.7. 
Calculate its void ratio, dry density, saturated density and submerged density. 


(S.V.U.—B.E. (R.R.)—May, 1971) 
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Porosity, n = 35% 
Void ratio, e =ni(1 —n) = 0.35/0.65 = 0.54 
Specific gravity of soil particles = 2.7 
: . G.Y 
Dry unit weight, = £ 
y unit weig Ya +e) 
~ 271X981 Nim = 17.20 kN/m? 
154 
. : (Gre) 
Saturated unit weight, = Yu 
aturated unit weig an (+e) y 
PHOTOES) agr N 
154 
= 20.64 kN/m 
Submerged unit weight, Y = Yat — Vw 
= (20.64 — 9.81) kN/m 
= 10.83 kN/m?. 


Example 2.5: (i) A dry soil has a void ratio of 0.65 and its grain specific gravity is = 2.80. What 


is its unit weight ? 


(ii) Water is added to the sample so that its degree of saturation is 60% without any 


change in void ratio. Determine the water content and unit weight. 


(iii) The sample is next placed below water. Determine the true unit weight (not consid- 


ering buoyancy) if the degree of saturation is 95% and 100% respectively. 


(S.V.U.—B.E.(R.R.)—Feb, 1976) 


(i) Dry Soil 
Void ratio, e = 0.65 
Grain specific gravity, G = 2.80 
_ Gy _ 2.80x 9.8 
(ite) 165 
(ii) Partial Saturation of the Soil 
Degree of saturation, S = 60% 


kN/m? = 16.65 kN/m3. 





Unit weight, Ya 


Since the void ratio remained unchanged, e = 0.65 
ee S.e _ 0.60 x 0.65 














Water content, = 0.1393 
G 2.80 
= 13.93% 
inde ween = LESS y = 280 DOOD SD) pita 
(1+e) 165 
= 18.97 kN/m?. 
(iii) Sample below Water 
High degree of saturation S = 95% 
; : (G + Se) (2.80 + 0.95 x 0.65) 3 
Unit ht = eS 9.81 kN/ 
OES Sa tea 165 = 


= 20.32 kN/m? 
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Full saturation, S = 100% 
Unit weight = CTE y = 2:80+0-65) 9 61 enins 
(1+e) 165 


= 20.51 kN/m?. 
Example 2.6: A sample of saturated soil has a water content of 35%. The specific gravity of 
solids is 2.65. Determine its void ratio, porosity, saturated unit weight and dry unit weight. 


(S.V.U.—B.E.(R.R.)—Dec., 1970) 
Saturated soil 








Water content, w = 35% 
specific gravity of solids, G = 2.65 
Void ratio, e =wG, in this case. 
: e = 0.35 x 2.65 = 0.93 
Porosity, ee 29782 Gago ag 20% 
l+e 193 
: . (Gre) 
Saturated unit weight, Ysat = Mro Yw 
a OB OY) yey 
(1+ 0.93) 
= 18.15 kN/m? 
Dry unit weight, Yq = GTa 
(1+ e) 
_ 2.65 x 9.81 
~ 193 
= 13.44 kN/m. 


Example 2.7: A saturated clay has a water content of 39.3% and a bulk specific gravity of 1.84. 
Determine the void ratio and specific gravity of particles. 


(S.V.U.—B.E.(R.R.)—May, 1969) 


Saturated clay 
Water content, w = 39.3% 
Bulk specific gravity, G „ = 1.84 
Bulk unit weight, Y=G m Yo 
= 1.84 x 9.81 = 18.05 kN/m 
In this case, Yeat = 18.05 kN/m? 
_ (G+e) 





fat = (ge) 1 
For a saturated soil, 
e=wG 
or e = 0.393 G 
(G + 0.393 G) 


18.05 = —— ~ (9.81 
ii (1+ 0.393 G) Hi 
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whence G = 2.74 
Specific gravity of soil particles = 2.74 
Void ratio = 0.393 x 2.74 = 1.08. 


Example 2.8: The mass specific gravity of a fully saturated specimen of clay having a water 
content of 30.5% is 1.96. On oven drying, the mass specific gravity drops to 1.60. Calculate the 








specific gravity of clay. (S.V.U.—B.E.(R.R.)—Nov. 1972) 
Saturated clay 
Water content, w = 30.5% 
Mass specific gravity, G,, = 1.96 
S Yeat = Cm Yu = 1-96 Y, 
On oven-drying, G,, = 1.60 
: Ya = Gm Yu = 1.60y,, 
(G+eyy ; 
Ysat = 1-96.7,, es PAC?) 
y4 = 1.60.7, = Ale (üi) 
For a saturated soil, e=wG 
e = 0.305G 
From (i), 
1.96 = (G + 0.305G) 7 1305G 
(1+0.305G) (1+0.305G) 
> 1.96 + 0.598G = 1.305G 
> sa 2.77 
0.707 
From (ii), 
1.60 = G/(1 +e) 
=> G = (1 + 0.305G) 1.6 
> G = 1.6 + 0.485G 
> 0.512G = 1.6 
> G = 1.6/0.512 = 3.123 


The latter part should not have been given (additional and inconsistent data). 
Example 2.9: A sample of clay taken from a natural stratum was found to be partially satu- 
rated and when tested in the laboratory gave the following results. Compute the degree of 
saturation. Specific gravity of soil particles = 2.6 ; wet weight of sample = 2.50 N; dry weight of 


sample = 210 N ; and volume of sample = 150 cm®. (S.V.U.—B.E.(R.R.)—Nov., 1974) 
Specific gravity of soil particles, G = 2.60 
Wet weight, W = 2.50 N; 
Volume, V = 150 cm? 


Dry weight, W,=2.10N 
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o- WW, 


d 
_ 040 100% = 19.05% 
2.10 


Bulk unit weight, y= WIV = 2.50/150 = 0.0167 N/cm? 
= 16.38 kN/m? 
S y 16.38 ; 
D t weight, = 7 kN/ 
EY ner WOIS U= +w (+01905) 7 


= 13.76 kN/m? 


_ (25-2.1) 


Water content, 100 x 100% 








Also, Ya= a = 2.10/150 = 0.014 N/em? = 13.734 kN/m? | 


_ GYw 

~ (1+e) 

2.6 x 9.81 
(1+ e) 

tise 2.6 x 9.81 

13.76 
e = 0.854 
wG _ 0.1905 x 2.6 


e 0.854 
= 58% 


Aliter. From the phase-diagram (Fig. 2.6) 
V = 150 cc 
W=2.50N 
W,= W, =2.10N 


But Va 
13.76 = 


= 1.854 


Degree of saturation, S&S = 


= 0.58 














pJ $ 
3 
Vy = 69.23 cm 
A 
Vy = 40 cm? 
w = cm 
y 
A 
3 
V = 150 cm 
Vg = 80.77 cm” 
X X 

















Fig. 2.6 Phase diagram (Example 2.9) 
W „ = (2.50 — 2.10) N 


=0.40 N 
V A DAU = 40 cm, 


ey, 9.01 
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ya eK W, _ 2.10 

S Ys GY, 2.60.01 

V, = (V-V,) = (150 - 80.77) = 69.23 cm? 
V, 


Degree of saturation, S= Vv. 


v 
S = 40/69.23 = 0.578 
S = 40/69.23 = 0.578 


Degree of saturation = 57.8% 


= 80.77 cm 


Thus, it may be observed that it may sometimes be simpler to solve numerical problems 


by the use of the soil-phase diagram. 


Note. All the illustrative examples may be solved with the aid of the soil-phase diagram or the 


unit-phase diagram also ; however, this may not always be simple. 


SUMMARY OF MAIN POINTS 


1. 


Soil is a complex physical system ; generally speaking, it is a three-phase system, mineral grains 
of soil, pore water and pore air, constituting the three phases. If one of the phases such as pore 
water or pore air is absent, it is said to be dry or saturated in that order ; the system then reduces 
to a two-phase one. 

Phase-diagram is a convenient representation of the soil which facilitates the derivation of use- 
ful quantitative relationships involving volumes and weights. 

Void ratio, which is the ratio of the volume of voids to that of the soil solids, is a useful concept in 
the field of geotechnical engineering in view of its relatively invariant nature. 

Submerged unit weight is the difference between saturated unit weight and the unit weight of 
water. 

Specific gravity of soil solids or grain specific gravity occurs in many relationships and is one of 
the most important values for a soil. 
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QUESTIONS AND PROBLEMS 


2.1. 


2.2. 


2.3. 


2.4. 


2.5. 


2.6. 


2.7. 


(a) Define : 
(i) Void ratio, (ii) Porosity, (iii) Degree of saturation, (iv) Water content, (v) Dry density, (vi) 
Bulk density, (vii) Submerged density. 
(b) Derive from fundamentals : 
(i) S.e = w.G, 
where 
S represents degree of saturation, 
e represents void ratio, 
w represents water content, and 
G represents grain specific gravity 
(ii) Derive the relationship between dry density and bulk density in terms of water content. 
(S.V.U.—B. Tech., (Part-time)—June, 1981) 
Sketch the phase diagram for a soil and indicate the volumes and weights of the phases on it. 
Define ‘Void ratio’, ‘Degree of saturation’, and ‘Water content’. What is a unit phase diagram ? 
(S.V.U.—B.E., (R.R.)—Feb., 1976) 


Establish the relationship between degree of saturation, soil moisture content, specific gravity 
of soil particles, and void ratio. 
The volume of an undisturbed clay sample having a natural water content of 40% is 25.6 cm® and 
its wet weight is 0.435 N. Calculate the degree of saturation of the sample if the grain specific 
gravity is 2.75. (S.V.U.—B.E., (R.R.)—May, 1975) 
(a) Distinguish between Black cotton soil and Laterite from an engineering point of view. 
(b) Defining the terms ‘Void ratio’, ‘Degree of saturation’ and ‘Water content’, explain the engi- 
neering significance of determining these properties. (S.V.U.—B.E., (R.R.)—Nov., 1974) 
A piece of clay taken from a sampling tube has a wet weight of 1.553 N and volume of 95.3 cm’. 
After drying in an oven for 24 hours at 105°C, its weight 1.087 N. Assuming the specific gravity 
of the soil particles as 2.75, determine the void ratio and degree of saturation of the clay sample. 
(S.V.U.—B.E., (R.R.)—Nov., 1973) 
Derive the formula between soil moisture content (w), degree of saturation (S), specific gravity 
(G), and void ratio (e). 
A saturated clay has a water content of 40% and bulk specific gravity of 1.90. Determine the void 
ratio and specific gravity of particles. (S.V.U.—B.E., (R.R.)—May, 1970) 
Derive the relation between void ratio (e), specific gravity of particles (G) and moisture content 
at full saturation (w). 
A certain sample of saturated soil in a container weighs 0.65 N. On drying in an oven in the 
container it weighs 0.60 N. The weight of container is 0.35 N. The grain specific gravity is 2.65. 
Determine the void ratio, water content, and bulk unit weight. 
(S.V.U.—B.E., (R.R.)—Nov., 1969) 
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2.8. 


2.9. 


2.10. 


2.11. 


2.12. 


(a) Define ‘Soil Texture’ and ‘Soil structure’. What are the various terms used to describe the 
above properties of the soil ? 

(b) A clay sample containing natural moisture content weighs 3.462 N. The specific gravity of 
soil particles is 2.70. After oven drying, the soil weighs 2.036 N. If the displaced volume of 
the wet soil sample is 24.26 cm? calculate : (i) the moisture content of the sample, (ii) its void 
ratio, and (iii) degree of saturation. (S.V.U.—B.E., (N.R.)—Sep., 1968) 

(a) The porosity and the specific gravity of solids of 100% saturated soil are known. In terms of 
these quantities and with the aid of a properly drawn sketch, derive a formula for the mois- 
ture content of the soil. 


(b) A highly sensitive volcanic clay was investigated in the laboratory and found to have the 
following properties : 


(i) Yuet = 12.56 kN/m? (ii) G = 2.75 
(iii) e = 9.0 (iv) w = 811%. 
In rechecking the above values, one was found to be inconsistent with the rest. Find the incon- 
sistent value and report it correctly. (S.V.U.—B.E., (N.R.)—April, 1966) 


A partially saturated soil from an earth fill has a natural water content of 19% and a bulk unit 
weight of 19.33 kN/m®. Assuming the specific gravity of soil solids as 2.7, compute the degree of 
saturation and void ratio. If subsequently the soil gets saturated, determine the dry density, 
buoyant unit weight and saturated unit weight. (S.V.U.—B. Tech., (Part-time)—April, 1982) 
In a field density test, the volume and wet weight of soil obtained are 785 cm® and 15.80 N 
respectively. If the water content is found to be 36%, determine the wet and dry unit weights of 
the soil. If the specific gravity of the soil grains is 2.6, compute the void ratio. 

(S.V.U.—B. Tech. (Part-time)—May, 1983) 
A clay sample, containing its natural moisture content, weighs 0.333 N. The specific gravity of 
solids of this soil is 2.70. After oven-drying, the soil sample weighs 0.2025 N. The volume of the 
moist sample, before oven-drying, found by displacement of mercury is 24.30 cm*. Determine the 
moisture content, void ratio and degree of saturation of the soil. 


Chapter 3 


INDEX PROPERTIES AND 
CLASSIFICATION TESTS 


3.1 INTRODUCTION 


As an aid for the soil and foundation engineer, soils have been divide into basic categories 
based upon certain physical characteristics and properties. The categories have been rela- 
tively broad in scope because of the wide range of characteristics of the various soils that exist 
in nature. For a proper evaluation of the suitability of soil for use as foundation or construction 
material, information about its properties, in addition to classification, is frequently neces- 
sary. Those properties which help to assess the engineering behaviour of a soil and which 
assist in determining its classification accurately are termed ‘Index Properties’. The tests re- 
quired to determine index properties are in fact ‘classification tests’. Index properties include 
indices that can be determined relatively quickly and easily, and which will have a bearing on 
important aspects of engineering behaviour such as strength or load-bearing capacity, swell- 
ing and shrinkage, and settlement. These properties may be relating to individual soil grains 
or to the aggregate soil mass. The former are usually studied from disturbed or remoulded soil 
samples and the latter from relatively undisturbed samples, i.e., from soil in-situ. 

Some of the important physical properties, which may relate to the state of the soil or 
the type of the soil include soil colour, soil structure, texture, particle shape, grain specific 
gravity, water content, in-situ unit weight, density index, particle size distribution, and con- 
sistency limits and related indices. The last two are classification tests, strictly speaking. These, 
and a few properties peculiar to clay soils, will be studied in the following sections, except soil 
structure and texture, which have already been dealt with in Chapter 1. 


3.2 SOIL COLOUR 


Colour of soil is one of the most obvious of its features. Soil colour may vary widely, ranging 
from white through red to black ; it mainly depends upon the mineral matter, quantity and 
nature of organic matter and the amount of colouring oxides of iron and manganese, besides 
the degree of oxidation. 

Iron compounds of some minerals get oxidised and hydrated, imparting red, brown or 
yellow colour of different shades to the soil. Manganese compounds and decayed organic matter 
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impart black colour to the soil. Green and blue colours may be imparted by famous compounds 
such as pyrite. Absence of coloured compounds will lead to grey and white colours of the soil. 
Quartz, kaolinite and a few other clay minerals may induce these colours. Light grey colour 
may be imparted by small amounts of organic matter as well. Soil colour gets darkened by an 
increase in organic content. 

Change in moisture content leads to lightening of soil colour. A dark coloured soil turns 
lighter on oven-drying. For identification and descriptive purposes, the colour should be that 
of moist state and, preferably, of the undisturbed state. In general, clays are darker in colour 
than sands and silts because of the capacity of the former for retention of water. 


3.3 PARTICLE SHAPE 


Shape of individual soil grains is an important qualitative property. In the case of coarse- 
grained soils, including silts, the grains are bulky in nature, indicating that the three principal 
dimensions are approximately of the same order. 

Individual particles are frequently very irregular in shape, depending on the parent 
rock, the stage of weathering and the agents of weathering. The particle shape of bulky grains 
may be described by terms such as ‘angular’, ‘sub-angular’, ‘sub-rounded’, ‘rounded’ and ‘well- 
rounded’ (Fig. 3.1). Silt particles rarely break down to less that 2u size (on u = one micron 
= 0.001 mm), because of their mineralogical composition. 





Angular Subangular Subbrounded Rounded Well-rounded 
Fig. 3.1 Shapes of granular soil particles 


The mineralogical composition of true clay is distinctly different from the mineral com- 
ponents of other soil types, thus necessitating the distinction between clay minerals and non- 
clay minerals. Clay particles are invariably less than 2u size. Microscopic studies of such soils 
reveal that the particle shape is flake-like or needle-like ; clay minerals are invariably crystal- 
line in nature, having an orderly, sheet-like molecular structure. Clay particles, in fact, may 
consist of several such sheets on top of one another. The clay minerals, kaolinite, illite, and 
montmorillonite, show such sheet structure and flaky particle shape. 


3.4 SPECIFIC GRAVITY OF SOIL SOLIDS 


Specific gravity of the soil solids is useful in the determination of void-ratio, degree of satura- 
tion, etc., besides the ‘Critical Hydraulic gradient’, and ‘Zero-air-voids’ in compaction. It is 
useful in computing the unit weight of the soil under different conditions and also in the deter- 
mination of particle size by wet analysis. Hence, the specific gravity of soil solids should be 
determined with great precision. 
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The grain specific gravities of some common soils are listed in Table 3.1, which should 
serve as a guideline to the engineer: 


Table 3.1 Grain specific gravities of some soils 


Quartz sand 2.64 — 2.65 
Silt 2.68 — 2.72 
Silt with organic matter 2.40 — 2.50 
Clay 2.44 — 2.92 
Bentonite 2.34 

Loess 2.65 — 2.75 
Lime 2.70 

Peat 1.26 — 1.80 


1. 
2. 
3. 
4. 
5. 
6. 
hs 
8. 
9. 


Humus 1.37 





The standardised detailed procedure for the determination of the specific gravity of soil 
solids is contained in the Indian Standard Specification — “IS:2720 (Part-IIT)-1980, First Revi- 
sion-Method of Test for Soils, Part III, Determination of specific gravity”. (Section 1 for fine- 
grained soils and section 2 for fine, medium and coarse grained soils). 

However, the general procedure is set out below: 

A 50-cc density bottle or a 500-cc pycnometer may be used. While the density bottle is 
the more accurate and suitable for all types of soils, the pycnometer (Fig. 3.2) is used only for 
coarse-grained soils. The sequence of observations and the procedure are similar in both cases. 
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Fig. 3.2 Pycnometer 
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First, the weight of the empty pycnometer is determined (W,) in the dry condition. Then 
the sample of oven-dried soil, cooled in the desiccator, is placed in the pycnometer and its 
weight with the soil is determined (W,). The remaining volume of the pycnometer is then 
gradually filled with distilled water or kerosene. The entrapped air should be removed either 
by gentle heating and vigorous shaking or by applying vacuum. The weight of the pycnometer, 
soil and water is obtained (W,) carefully. Lastly, the bottle is emptied, thoroughly cleaned and 
filled with distilled water or kerosene, and its weight taken (W,). 

With the aid of these four observations, the grain specific gravity may be determined as 
follows: 


























MLL 


(a) Empty (b) Pycnometer + (c) Pycnometer + soil (d) Pycnometer + 
pycnometer wt. W, Dry soil wt. W, + water wt. W3 water wt. W, 


Fig. 3.3 Determination of grain specific gravity 


From the readings, the wt of solids W, = W, — W,, from (a) and (b) 

Wt of water = W, — W, from (b) and (c) 

Wt of distilled water = W, — W}, from (a) and (d) 

<. Weight of water having the same volume as that of soil solids = (W, —W,) — (W, - W). 
By definition, and by Archimedes’ principle, 











_ Weight of soil solids 
Weight of water of volume equal to that of solids 
_ (W, - W,) 
(W, — W,) - (W; — Wo) 
= (W - W,) 
(Ws — W1) - (W; — W3) 
W, 
G= WW W) ...(Eq. 3.1) 


W, is nothing but the dry weight of the soil. 


Aliter. If the soil solids are removed from W, and replaced by water of equal volume, W, 
is obtained. 


W. 
Volume of solids = G 
W. 
W, =Z W, = W, + G 


W, 
(W,) — (W; - Wa) 





Q 
I 


Hence, , same as Eq. 3.1. 
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If kerosene is used, 
W, .G, 
W, - (W; - W3) 


where G, = Specific gravity of kerosene at the temperature of the test. 


G= ...(Eq. 3.2) 


Kerosene is used in preference to distilled water, if a density bottle is used; kerosene 
has better wetting capacity, which may be needed if the soil sample is of clay. In the case of 
clay, de-airing should be done much more carefully by placing the bottle in a vacuum desiccator 
for about 24 hours. This procedure should be resorted to for obtaining the weights W, and W,. 

Conventionally, the specific gravity is reported at a temperature of 27°C. If the room 
temperature at the time of testing is different from this, then temperature correction becomes 
necessary. Alternatively, the weights W, and W, should be taken after keeping the bottle in a 
constant temperature bath at the desired temperature of 27°C. 


If the specific gravity, determined at a temperature of T,°C, is Gr, and it is desired to 


obtain the specific gravity Gr, at a temperature of T,°C, the following equation may be used: 





... (Eq. 3.3) 


where (G,,)7, and (G,,)7, are the specific gravities of water at temperatures T,°C and T,°C 


respectively. (These should be the values for kerosene if that liquid has been used in plane of 
water). 


In other words, the grain specific gravity is directly proportional to the specific gravity 
of the water at the test temperature. In the light of this observation, Eq. 3.1 is sometimes 
modified to read as follows: 


... (Eq. 3.4) 


where (G „)ris the specific gravity of water at the test temperature. 


If (G „ris taken as unity, which is true only at 4°C, Eq. 3.4 reduces to Eq, 3.1; that is to 
say, Eq. 3.1 may be used if one desires to report the value of G at 4°C and if one would like to 
ignore the effect of temperature. (The proof of the equations 3.3 and 3.4 is not difficult and is 
left to the reader). 


Since the specific gravity of water varies only in a small range (1.0000 at 4°C and 0.9922 
at 40°C), the temperature correction in the determination of grain specific gravity is quite 
often ignored. However, errors due to the presence of entrapped air can be significant. 


3.5 WATER CONTENT 


‘Water content’ or ‘moisture content’ of a soil has a direct bearing on its strength and stability. 
The water content of a soil in its natural state is termed its ‘Natural moisture content’, which 
characterises its performance under the action of load and temperature. The water content 
may range from a trace quantity to that sufficient to saturate the soil or fill all the voids in it. 
If the trace moisture has been acquired by the soil by absorption from the atmosphere, then it 
is said to be ‘hygroscopic moisture’. 
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The knowledge of water content is necessary in soil compaction control, in determining 
consistency limits of soil, and for the calculation of stability of all kinds of earth works and 
foundations. 


The method for the determination of water content, recommended by the Indian Stand- 
ards Institution (I.S.I.), is set out in “IS: 2720 (Part-II)-1973, Methods of Test for soils-Part II 
Determination of Moisture content”, and is based on oven-drying of the soil sample. 
The following methods will be given here: 
(i) Over-drying method 
(ii) Pyenometer method 
(iii) Rapid moisture Tester method. 


3.5.1 Oven-drying Method 
The most accurate approach is that of oven-drying the soil sample and is adopted in the labo- 
ratory. 

A clean container of non-corrodible material is taken and its empty weight along-with 
the lid is taken. A small quantity of moist soil is placed in the container, the lid is replaced, and 
the weight is taken. 

The lid is taken removed and the container with the soil is placed in a thermostatically- 
controlled oven for 24 hours, the temperature being maintained between 105-110°C. After 
drying, the container is cooled in a desiccator, the lid is replaced and the weight is taken. For 
weighing a balance with an accuracy of 0.0001 N (0.01 g) is used. 

Thus, the observations are: 

Weight of an empty container with lid = W, 

Weight of container with lid + wet soil = W, 

Weight of container with lid + dry soil = W, 

The calculations are as follows: 

Weight of dry soil = W, — W, 

Weight of water in the soil = W, — W, 


Water content, w= = OE ae x 100% 
Wt of dry soil 
(Wa - W3) 
= —— x 100% ...(Eq. 3.5) 
Y= W- W) í ý 


Sandy soils need only about four hours of drying, while clays need at least 15 hours. To 
ensure complete drying, 24 hours of oven drying is recommended. A temperature of more than 
110°C may result in the loss of chemically bound water around clay particles and hence should 
not be used. A low value such as 60°C is preferred in the case of organic soils such as peat to 
prevent oxidation of the organic matter. If gypsum is suspected to be present in the soil, drying 
at 80°C for longer time is preferred to prevent the loss of water of crystallisation of gypsum. 

To obtain quick results in the field, sometimes heating on a sand-bath for about one 
hour is resorted to instead of oven-drying. This is considered to be a crude method since there 
is no temperature control. 
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3.5.2 Pycnometer Method 
This method may be used when the specific gravity of solids is known. This is a relatively quick 
method and is considered suitable for coarse-grained soils only. 
The following are the steps involved: 
(i) The weight of the empty pycnometer (Fig. 3.2) with its cap and washer is found 
(W,). 
(ii) The wet soil sample is placed in the pycnometer (upto about 1/4 to 1/3 of the volume) 
and its weight is obtained (W,). 
(iii) The pycnometer is gradually filled with water, stirring and mixing thoroughly with 
a glass rod, such that water comes flush with the hole in the conical cap. The 
pycnometer is dried on the outside with a cloth and its weight is obtained (W,). 
(iv) The pycnometer is emptied and cleaned thoroughly; it is filled with water upto the 
hole in the conical cap, and its weight is obtained (W,). 
The water content of the soil sample may be calculated as follows: 


(W,-W,)(G-1 
= = 1 (o) ... . . 
E Wa a | x 100% (Eq. 3.6) 





This can be easily derived from the schematic phase diagrams shown in Fig. 3.4: 
If the solids from (iii) are replaced with water, we W, of (iv). 


Volume of solids = — 








(a) Empty (b) Pycnometer + wet (c) Pycnometer + wet (d) Pycnometer + 
pycnometer wt. W, soil wt. W, soil + water wt. W, water wt. W, 


Fig. 3.4 Determination of water content 


= (W, - W,) IGG - 1)] 
Weight of water W „in vi soil sample is a A by: 
= (W, - W,) - 


W, 
Water content, w = —— 
W, 


INDEX PROPERTIES AND CLASSIFICATION TESTS 37 





W, -W,-W, — (We - Wy) 








VE WOW 
_W-WDG-D 
~ (W;-W,) G 
WW (G1) 
ee he et (Eq. 3. 
w = G x 100% (Eq. 3.6) 


It may be noted that this method is suitable for coarse-grained soils only, since W, 
cannot be determined accurately for fine-grained soils. 


3.5.3 Rapid Moisture Tester Method 


A device known as ‘Rapid Moisture Tester’ has been developed for rapid determination of the 
water content of a soil sample. The principle of operation is based on the reaction that occurs 
between a carbide reagent and soil moisture. The wet soil sample is placed in a sealed con- 
tainer with calcium carbide, and the acetylene gas produced exerts pressure on a sensitive 
diaphragm placed at the end of the container. This pressure is correlated to the moisture 
content and is calibrated on a dial gauge on the other side of the diaphragm. 

However, the reading gives the moisture expressed as a percentage of the wet weight of 
the soil. It may be converted to the moisture content expressed as a percentage of the dry 
weight by the following relationship: 





Wr 
w= fw) x 100% ... (Eq. 3.7) 


where w, = moisture content obtained by the rapid moisture tester, expressed as a decimal 
fraction. 

The method is rapid and results may be got in about ten minutes. 

The field kit consists of the moisture tester, a single small pan weighing balance, a 
bottle of calcium carbide and a brush. 

This method is becoming popular in the filed control of compaction (Chapter 12) where 
quick results are imperative. 


Even nuclear approaches have been developed for the determination of moisture con- 
tent. Sometimes, penetration resistance is calibrated against water content and is determined 
by a penetrometer needle. (Chapter 12). 


3.6 DENSITY INDEX 


Density Index (or relative density according to older terminology) of a soil, I}, indicates the 
relative compactness of the soil mass. This is used in relation to coarse-grained soils or sands. 

In a dense condition, the void ratio is low whereas in a loose condition, the void ratio is 
high. Thus, the in-place void ratio may be determined and compared, with the void ratio in the 
loosest state or condition and that in the densest state or condition (Fig. 3.5). 
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Fig. 3.5 Relative states of packing of a coarse-grained soil 


The density index may be considered zero if the soil is in its loosest state and unity if it 
is in the densest state. Consistent with this idea, the density index may be defined as follows: 


fw Ema = 20) (Eq. 3.8) 
Cmax — Emin) 
where, 
e max = Maximum void ratio or void ratio in the loosest state. 
e nin = Minimum void ratio or void ratio in the densest state. 


e) = void ratio of the soil mass in the natural state or the condition under question. 
e max and enin are referred to as the limiting void ratios of the soil. 
Sometimes Iņ is expressed as a percentage also. Equation 3.8 may be recast in terms of 
the dry unit weights as follows: 
I 


1 1 1 1 
2 ... (Eq. 3.9) 
p (+ Yo Vie. =] 


= [= Yo — Ymin ) .. (Eq. 3.10) 








Yo Ymax ~ Ymin 
These forms are more convenient since the dry unit weights may be determined directly. 
However, if it is desired to determine the void ratio in any state, the following relation- 
ships may be used: 


e= ——— -1 ...(Eq. 3.11) 
Va 
V.G.Yy 
= ——“— -1 ... (Eq. 3.12 
e W, (Eq ) 


A knowledge of the specific gravity of soil solids in necessary for this purpose. The deter- 
mination of the volume of the soil sample may be a source of error in the case of clay soils; 
however, this is not so in the case of granular soils, such as sands, for which alone the concept 
of density index is applicable. 

The maximum unit weight (or minimum void ratio) may be determined in the labora- 
tory by compacting the soil in thin layers in a container of known volume and subsequently 
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obtaining the weight of the soil. The compaction is achieved by applying vibration and a 
compressive force simultaneously, the latter being sufficient to compact the soil without breaking 
individual grains. The extent to which these should be applied depends on experience and 
judgement. More efficient packing may be achieved by applying the vibratory force (with the 
aid of a vibratory table as specified in IS-2720 (Part XIV)—1983)* in the presence of water; 
however this needs a proper drainage arrangement at the base of the cylinder used for the 
purpose, and also the application of vacuum to remove both air and water. It should be noted, 
however, that it is not possible to obtain a zero volume of void spaces, because of the irregular 
size and shape of the soil particles. Practically speaking, there will always be some voids in a 
soil mass, irrespective of the efforts (natural or external) at densification. 

In the dry method, the mould with the dry soil in it is placed on a vibratory table and 
vibrated for 8 minutes at a frequency of 60 vibrations per second, after having placed a stand- 
ard surcharge weight on top. 

In the wet method, the mould should be filled with wet soil and a sufficient quantity of 
water added to allow a small quantity of water to accumulate on the surface. During and just 
after filling, it should be vibrated for a total of 6 minutes. Amplitude of vibration may be 
reduced during this period to avoid excessive boiling. The mould should be again vibrated for 
8 minutes after adding the surcharge weight. Dial gauge readings are recorded on the sur- 
charge base plate to facilitate the determination of the final volume. 

The wet method should be preferred if it is found to give higher maximum densities 
than the dry method; otherwise, the latter may be employed as quicker results are secured by 
this approach. 

Other details are contained in the relevant Indian Standard, and its revised versions. 

The minimum unit-weight (or maximum void ratio) can be determined in the laboratory 
by carefully letting the soil flow slowly into the test cylinder through a funnel. Once this task 
has been carefully performed, the top surface is struck level with the top of the cylinder by a 
straight edge and the weight of the soil of known volume may be found in this state, which is 
considered to be the loosest. Oven-dried soil is to be used. Even the slightest disturbance may 
cause slight densification, thus affecting the result. 

If proper means are available for the determination of the final volume of vibrated sand, 
the known weight of sand in the loosest state may itself be used for the determination of the 
void ratio in the densest state. In that case the sequence of operations will change. 

Thus, it may be understood, that there is some degree of arbitrariness involved in the 
determination of the void ratio or unit weight in the densest as well as in the loosest state. 

The concept of Density Index is developed somewhat as follows: 

Assuming that the sand is in the loosest state: 

V, 


vmax 


max ` y 2 


smin 


e 
for which the corresponding value of density index is taken as zero. 
*“T S.—2720 (Part XIV)-1983 Methods of Test for Soils—Part XIV Determination of Density Index 


(Relative Density) for Soils” gives two approaches—the dry method and the wet method for the determi- 
nation of the maximum density. 


40 GEOTECHNICAL ENGINEERING 





Assuming that the sand is in the densest state: 
Vomin 
min 7 V. ? 


smax 





for which the corresponding value of density index is taken as unity. 
It can be understood that the density index is a function of the void ratio: 


Ty = fle) ... (Eq. 3.13) 
This relation between e and I} may be expressed graphically as follows. 










A 
N This fact that the 
Ike k relationship is 
linear may be 
2 guessed easily 
x< 
o 
O 
= 
Plas alae 
n I 
= I 
© 1 
a 1 
I 
I 
I 
Q e 


min €o Emax 


Void ratio, e 
Fig. 3.6 Void ratio-density index relationship 
It may be seen that: 


1 
tan 0 = TTE ai 
cot 6 = (e nax — Emin) ...(Eq. 3.14) 
For any intermediate value e,, 
(e nax 7 £o) =Lp- cot O ...(Eq. 3.15) 
= (emax — eo) 
po cot 0 


Substituting for cot 6 from Eq. 3.14 


(e max = eo) 
Ip= eran (Eq. 3.8) 
Ip =0, 
Ty =1. 

For vary dense gravelly sand J, sometimes comes out to be greater than unity. This 
would only indicate that the natural packing does not permit itself to be repeated or simulated 
in the laboratory. 


Obviously, ife) =e 


max? 


and if ep = enin’ 


Representative values of density index and typical range of unit weights are given in 
Table 3.2. 
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Table 3.2 Representative values of Density Index and typical unit 
weights (Mc Carthy, 1977) 


Descriptive condition Density index, % Typical range of unit 
weight, kN/m? 


Loose Less than 35 Less than 14 
Medium dense 35 to 65 14 to 17 
Dense 65 to 85 17 to 20 


Very dense Greater than 85 Above 20 





Depending upon the texture, two sands with the same void ratio may display different 
abilities for densification; hence the density index gives a better idea of the unit weight than 
the void ratio itself. 

The density index concept finds application in compaction of granular material, in various 
soil vibration problems associated with earth works, pile driving, foundations of machinery, 
vibrations transmitted to sandy soils by automobiles and trains, etc. Density index value gives 
us an idea, in such cases, whether or not such undesirable consequences can be expected from 
engineering operations which might affect structures or foundations due to vibration settlement. 


3.7 IN-SITU UNIT WEIGHT 


The in-situ unit weight refers to the unit weight of a soil in the undisturbed condition or of a 
compacted soil in-place. 

Determination of in-situ unit weight is made on borrow-pit soils so as to estimate the 
quantity of soil required for placing and compacting a certain fill or embankment. During the 
construction of compacted fills, it is standard practice to make in-situ determination of a unit 
weight of the soil after it is placed to ensure that the compaction effort has been adequate. 

Two important methods for the determination of thein-situ unit weight are being given: 

(i) Sand-replacement method. 

(it) Core-cutter method. 


3.7.1 Sand-replacement Method 


The principle of the sand replacement method consists in obtaining the volume of the soil 
excavated by filling in the hole in-situ from which it is excavated, with sand, previously cali- 
brated for its unit weight, and thereafter determining the weight of the sand required to fill 
the hole. 

The apparatus* consists of the sand pouring cylinder (Fig. 3.7), tray with a central cir- 
cular hole, container for calibration, balance, scoop, etc. 


*“TS—2720 (Part XXVIIT)—-1974 (First revision)—Methods of Test for Soils-Determination of in- 
place density by sand-replacement method” contains the complete details of the apparatus and the 
recommended procedure in this regard. 
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(a) Sand-pouring cylinder (b) Calibrating container 
Fig. 3.7 Sand pouring cylinder 


The procedure consists of calibration of the cylinder and later, the measurement of the 
unit weight of the soil. 

(a) Calibration of the Cylinder and Sand: This consists in obtaining the weight of sand 
required to fill the pouring cone of the cylinder and the bulk unit weight of the sand. Uni- 
formly graded, dry, clean sand is used. The cylinder is filled with sand almost to be top and the 
weight of the cylinder with the sand is taken (W,). 

The sand is run out of the cylinder into the conical portion by pulling out the shutter. 
When no further sand runs out, the shutter is closed. The weight of the cylinder with the 
remaining sand is found (W,). The weight of the sand collected in the conical portion may also 
be found separately for a check (W,), which should be equal to (W, — W,). 

The cylinder is placed centrally above the calibrating container such that the bottom of 
the conical portion coincides with the top of the container. There sand is allowed to run into 
the container as well as the conical portion until both are filled, as indicated by the fact that no 
further sand runs out; then the shutter is closed. The weight of the cylinder with the remain- 
ing sand is found (W,). The weight of the sand filling the calibrating container (W,.) may be 
found by deducting the weight of sand filling the conical portion (W,) from the weight of sand 
filling this and the container (W, — W,). Since the volume of the cylindrical calibrating con- 
tainer (V) is known precisely from its dimensions, the unit weight of the sand may be ob- 
tained by dividing the weight W» by the volume V- (W, may also be found directly by strik- 
ing-off the sand level with the top of the container and weighting it). 

The observations and calculations relating to this calibration part of the work will be as 
follows: 


Initial weight of cylinder + sand = W, 
Weight of cylinder + said, after running sand into the conical portion = W, 
Weight of sand occupying conical portion, W, = (W, — W,) 
Weight of cylinder + sand, after running sand into the conical portion and calibrating 
container = W, 


Weight of sand occupying conical portion and calibrating container = (W, — W.) 
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Weight of sand filling the calibrating container, 
W,, = (W,- W,) —W, 
= (W, — W,) - (W, - W,) 
= (2W, - W, - W;) 
Volume of the calibrating container = V, 
Unit weight of the sand: 


W, 


cc 
Vec 

(b) Measurement of Unit Weight of the Soil: The site at which the in-situ unit weight is 
to be determined is cleaned and levelled. A test hole, about 10 cm diameter and for about the 
depth of the calibrating container (15 cm), is made at the site, the excavated soil is collected 
and its weight is found (W). The sand pouring cylinder is filled with sand to about 3/4 capacity 
and is placed over the hole, after having determined its initial weight with sand (W,), and the 
sand is allowed to run into it. The shutter is closed when not further movement of sand takes 
place. The weight of the cylinder and remaining sand is found (W,). The weight of the sand 
occupying the test hole and the conical portion will be equal to (W, — W,). The weight of the 
sand occupying the test hole, W, will be obtained by deducting the weight of the sand occupying 
the conical portion, W, from this value. The volume of the test hole, V, is then got by dividing 
the weight, W,, by the unit weight of the sand. 

The in-situ unit weight of the soil, y, is then obtained by dividing the weight of the soil, 
W, by its volume, V. If the moisture content, w, is also determined, the dry unit weight of the 


Y 


C 





Ngee 





soil, y,, is obtained as 5 Thus, the observations and calculations for this part may be set 
w 


out as follows: 
Initial weight of cylinder + sand =W, 
Weight of cylinder + sand, after running sand into the test hole and the conical portioin 
= W; 
Weight sand occupying the test hole and the conical portion = (W, — W;) 
Weight of sand occupying the test hole, W, = (W, - W;) - W, 
= (W, — W,) - (W,- W,) 


W, 
Volume of test hole, V= PA 
sS 
In-situ unit weight of the soil, = W/V 
Dry unit weight, y= WA +w), 


where, w = water content (fraction). 

In an alternative approach, the volume of the test hole may be determined more directly 
by inflating a rubber balloon into the hole, making it fit the hole snugly, and reading off the fall 
in water level in a graduated Lucite cylinder which is properly connected to the balloon. 


3.7.2 Core-cutter Method 
The apparatus consists of a mild steel-cutting ring with a dolly to fit its top and a metal rammer. 
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Fig. 3.8 Core-cutter apparatus 


The core-cutter is 10 cm in diameter and 12.5 cm in length. The dolly is 2.5 cm long. The 
bottom 1 cm of the ring is sharpened into a cutting edge. The empty weight (W,) of the core- 
cutter is found. The core-cutter with the dolly is rammed into the soil with the aid of a 14-cm 
diameter metal rammer. The ramming is stopped when the top of the dolly reaches almost the 
surface of the soil. The soil around the cutter is excavated to remove the cutter and dolly full of 
soil, from the ground. The dolly is also removed later, and the soil is carefully trimmed level 
with the top and bottom of the core-cutter. The weight of the core-cutter and the soil is found 
(W,). The weight of the soil in the core-cutter, W, is then got as (W, — W,). The volume of this 
soil is the same as that of the internal volume of the cutter, V, which is known. 

The in-situ unit weight of the soil, y, is given by W/V. If the moisture content, w, is also 
found, the dry-unit weight, y,, may be found as y, = y/(1 + w). 

This method* is suitable for soft cohesive soils. It cannot be used for stiff clays, sandy 
soils and soils containing gravel particles, which could damage the cutting edge. 

In an alternative approach, the volume, V, of a clay soil sample which can be trimmed 
into a more or less regular-shaped piece, can be obtained by coating it with paraffin and then 
immersing it in a graduated jar filled with water. The rise in water level in the jar gives the 
volume of the sample together with the paraffin. The volume of the paraffin can be got by 
dividing the weight of paraffin by its known unit weight. It can then be subtracted from this to 
obtain the volume of the soil sample. The weight of the soil sample, W, would have been ob- 
tained earlier before coating it with paraffin. The weight of the paraffin can also be got as the 
increase in weight of the sample on coating it with the paraffin. The in-situ unit weight of the 
soil may now be got as y = W/V. 


*“IS: 2720 (Part XXIX)-1975—Methods of Test for Soils-Determination of in-place density by the 
core-cutter method” contains the complete details of the apparatus and the recommended procedure in 
this regard. 


INDEX PROPERTIES AND CLASSIFICATION TESTS 45 





Paraffin, being water-proof, prevents the entry of water into the soil sample, thus af- 
fording a simple means to determine the volume of the sample, 


3.8 PARTICLE SIZE DISTRIBUTION (MECHANICAL ANALYSIS) 


This classification test determines the range of sizes of particles in the soil and the percentage 
of particles in each of these size ranges. This is also called ‘grain-size distribution’; ‘mechanical 
analysis’ means the separation of a soil into its different size fractions.* 

The particle-size distribution is found in two stages: 

(i) Sieve analysis, for the coarse fraction. 

(ii) Sedimentation analysis or wet analysis, for the fine fraction. 

‘Sieving’ is the most direct method for determining particle sizes, but there are practical 
lower limits to sieve openings that can be used for soils. This lower limit is approximately at 
the smallest size attributed to sand particles (75u or 0.075 mm). 


Sieving is a screening process in which coarser fractions of soil are separated by means 
of a series of graded mesh. Mechanical analysis is one of the oldest test methods for soils. 


3.8.1 Nomenclature of Grain Sizes 

Natural soils are mixtures of particles of various sizes and it is necessary to have a nomencla- 
ture for the various fractions comprising particles lying between certain specified size limits. 
Particle size is customarily expressed in terms of a single diameter. This is taken as the size of 
the smallest square hole in a sieve, through which the particle will pass. 


The Indian standard nomenclature is as follows: 


Gravel es 80 mm to 4.75 mm 
Sand wae 4.75 mm to 0.075 mm 
Silt es 0.075 mm to 0.002 mm 
Clay es Less than 0.002 mm 


3.8.2 Sieve Analysis 

Certain sieve sizes have been standardised by certain Standard Organisations such as the 
British Standards Organisation (B.S.), American Society for Testing Materials (A.S.T.M.), and 
Indian Standards Institution (1.S.I.); the first two, in F.P.S. units and the third, in M.K.S. 
units. Sieve designation is specified by the number of openings per inch in the B.S. and A.S.T.M. 
standards, while it is specified by the size of the aperture in mm or microns in the I.S. stand- 
ard. (IS: 460-1978 Revised). 


*Determination of the textural composition of the soil is also known as ‘granulometry’. 
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Information with regard to important I.S. Sieves in common use is given in Table 3.3. 


Table 3.3 Certain I.S. Sieves and their aperture sizes 


Designation Aperture mm Designation Aperture mm 


(60)** 


(15)** 





*Proposed as an International Standard (ISO). u = micron = 0.001 mm. 
**Old I.S. Designations were based on nearest one-hundredths of a mm. 


The test procedure for sieve analysis has been standardised by ISI as given in IS:2720 
(Part IV)-1985. 

The general procedure may be summerised as follows: 

A series of sieves* having different-size openings are stacked with the larger sizes over 
the smaller. A receiver is kept at the bottom and a cover is kept at the top of the assembly. The 
soil sample to be tested is dried, clumps are broken if necessary, and the sample is passed 
through the series of sieves by shaking. The fractions retained on and passing 2 mm IS Sieve 
are tested separately. An automatic sieve-shaker, run by an electric motor, may be used; about 
10 to 15 minutes of shaking is considered adequate. Larger particles are caught on the upper 
sieves, while the smaller ones filter through to be caught on one of the smaller underlying 
sieves. 

The material retained on any particular sieve should naturally include that retained on 
the sieves on top of it, since the sieves are arranged with the aperture size decreasing from top 
to bottom. The weight of material retained on each sieve is converted to a percentage of the 


*The sieves may be 600-micron, 212-micron and 75-micron I.S. Sieves. These correspond to the 
limits of coarse, medium and fine sand. Other sieves may be introduced depending upon the additional 
information desired to be obtained from the analysis. 
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total sample. The percentage material finer than a sieve size may be got by subtracting this 
from 100. The material passing the bottom-most sieve, which is usually the 75—u sieve, is used 
for conducting sedimentation analysis for the fine fraction. 

If the soil is clayey in nature the fine fraction cannot be easily passed through the 75—u 
sieve in the dry condition. In such a case, the material is to be washed through it with water 
(preferably mixed with 2 gm of sodium hexametaphosphate per litre), until the wash water is 
fairly clean. The material which passes through the sieve is obtained by evaporation. This is 
called ‘wet sieve analysis, and may be required in the case of cohesive granular soils’. 

Soil grains are not of an equal dimension in all directions. Hence, the size of a sieve 
opening will not represent the largest or the smallest dimension ofa particle, but some inter- 
mediate dimension, if the particle is aligned so that the greatest dimension is perpendicular 
to the sieve opening. 

The resulting data are conventionally presented as a “Particle-size distribution curve” 
(or “Grain-size distribution curve”—the two terms being used synonymously hereafter) plotted 
on semi-log co-ordinates, where the sieve size is on a horizontal ‘logarithmic’ scale, and the 
percentage by weight of the size smaller than a particular sieve-size is on a vertical ‘arithmetic’ 
scale. The “reversed” logarithmic scale is only for convenience in presenting coarser to finer 
particles from left to right. A typical presentation is shown in Fig. 3.9. (Results may be presented 
in tabular form also). 


Logarithmic scales for the particle diameter gives a very convenient representation of 
the sizes because a wide range of particle diameter can be shown in a single plot; also a different 
scale need not be chosen for representing the fine fraction with the same degree of precision as 
the coarse fraction. 
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Fig. 3.9 Particle-size distribution curve 


The characteristics of grain-size distribution curves will be studied in a later sub-section. 
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3.8.3 Sedimentation Analysis (Wet Analysis) 

The soil particles less than 75- size can be further analysed for the distribution of the various 
grain-sizes of the order of silt and clay be ‘sedimentation analysis’ or ‘wet analysis’. The soil 
fraction is kept in suspension in a liquid medium, usually water. The particles descend at 
velocities, related to their sizes, among other things. 

The analysis is based on ‘Stokes Law’ for what is known as the ‘terminal velocity’ of a 
sphere falling through an infinite liquid medium. If a single sphere is allowed to fall in an 
infinite liquid medium without interference, its velocity first increases under the influence of 
gravity, but soon attains a constant value. This constant velocity, which is maintained indefi- 
nitely unless the boundary conditions change, is known as the ‘terminal velocity’. The princi- 
ple is obvious; coarser particles tend to settle faster than finer ones. 

By Stokes’ law, the terminal velocity of the spherical particle is given by 

v = (1/18) . [(y,- y,)/u,] . D? ...(Eq. 3.16) 
which is dimensionally consistent. 

Thus, if 

Y, = unit weight of the material of falling sphere in g/cm, 
y, = unit weight of the liquid medium in g/cm’, 
u, = viscosity of the liquid medium in g sec/cm?, 

and D = diameter of the spherical particle in cm, 

v, the terminal velocity, is obtained in cm/s. 

In S.I. units, 
if y, and y, are expressed in kN/m?, 

u in KN sec/m?, 

D in metres, 

v will be obtained in m/sec. 

Since, usually D is to be expressed in mm, while v is to be expressed in cm/sec, an p, in 

N-sec/m?, Eq. 3.15 may be rewritten as follows: 
= ee Pere, _D? 
180 w 

Here y, and y, are in kN/m?, u, in N-sec/m?, and D in mm; v will then be in cm/sec. 
Usually, the liquid medium is water; then y, and u, will be substituted by y,, and u,,. Then 
Eq. 3.16 will become: 


... (Eq. 3.17) 


1 (Ys — Yig) : D? 
180 up 
It should be noted thaty,, and u „ vary with temperature, the latter varying more signifi- 
cantly than the former. 


Noting that y, = G.y,,, 


v= ...(Eq. 3.18) 


1 Yy (G = D 2 
= —„ “D ...(Eq. 3.1 
UO Tan is (Eq. 3.19) 
At 20°C, Y = 9.9982 g/cm = 0.9982 x 9.810 kN/m? 
= 9.792 kN/më 


u, = 0.001 N-sec/m? 
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Assuming G = 2.67, on an average, 
1 — (9.792)(2.67 — 1) 
= x 2 = 2 
U 180 0.001 . D? = 90.85D 
v ~ 91D? ...(Eq. 3.20) 


where D is in mm and v is in cm/sec. 


Using the approximate version of Stoke’s law, one can determine the time required for 
a particle of a specified diameter to settle through a particular depth; e.g., a particle of 0.06 
mm diameter settles through 10 cm in about 1/2 minute, while one of 0.002 mm diameter 
settles in about 7 hours 38 minutes. 


From Eq. 3.19, 
l Yw 
= —.— (G -1). D? 
AET ( ) 
pe 180 .u,, .v 
Yy(G-D 


If the particle falls through H cm in ¢ minutes 
v = H/60t cm/sec. 


_ [ 180p,,.H 
~ Vy, (G- 1). 60¢ 


- | 3u, an 
Ya(G -D t 


D=KJHk (Eq. 3.21) 


| SLL, 
where K= y,(G-) ... (iq. 3.22) 


Here, 








G = grain specific gravity of the soil particles, 
Y„ = unit weight of water in kN/m? at the particular 
LL, = viscosity of water in N-sec/m? | temperature. 
H = fallin cm, and ¢ = time in min. 
The factor K can be tabulated or gaphically represented for different values of tempera- 
ture and grain specific gravity. 
Stokes’ Law is considered valid for particle diameters ranging from 0.2 to 0.0002 mm. 


For particle sizes greater than 0.2 mm, turbulent motion is set up and for particle sizes 
smaller than 0.002 mm, Brownian motion is set up. In both these cases Stokes’ law is not valid. 

The general procedure for sedimentation analysis, which may be performed either with 
the aid of a pipette or a hydrometer is as follows: 

An appropriate quantity of an oven-dried soil sample, finer than 75- size, is mixed 
with a known volume (V) of distilled water in jar. The sample is pretreated with an oxidising 
agent and an acid to remove organic matter and calcium compounds. Addition of hydrogen 
peroxide an heating would remove organic matter. Treatment with 0.2 N hydrochloric acid 
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would remove calcium compounds. Later, a deflocculating or a dispersing agent, such as so- 
dium hexameterphosphate is added to the solution. (Further details regarding the prepara- 
tion of the sample may be obtained from IS: 2720 (Part IV)—1985 and its revised versions). The 
mixture is shaken thoroughly by means of a mechanical stirrer and the test is started, keeping 
the jar vertical. The soil particles are assumed to be uniformly distributed throughout the 
suspension, at the instant of commencement of the test. After the lapse time t, only 
those particles which have settled less than depth H would remain in suspension. The size of 
the particles, finer than those which have settled to depth H or more at this instant, can be 
found from Eqs. 3.21 and 3.22, Hence, sampling at different time intervals (by pipette), or 
determining the specific gravity of the suspension (by hydrometer), at this sampling depth, 
would provide the means of determining the content of particles of different sizes. (The logic 
would become much clearer if all particles are considered to be of the same size). Since, the soil 
particles are dispersed uniformly throughout the suspension, and according to Stoke’s law, 
particles of the same size settle at the same rate, particles of a given size, wherever they exist, 
have the same degree of concentration as at the commencement of the test. As such, particles 
smaller than a given size will be present in the same degree of concentration as at the start, 
and particles larger than this size would have settled already below the sampling depth, and 
hence are not present at that depth. The percentage of particles finer than a specified size may 
be got by determining their concentration at that depth at different times either with the aid 
of a pipette or of a hydrometer. 

The limitations of sedimentation analysis, based on Stokes’ law, or the assumptions are 

as follows: 

(i) The finer soil particles are never perfectly spherical. Their shape is flake-like or 
needle-like. However, the particles are assumed to be spheres, with equivalent 
diameters, the basis of equivalence being the attainment of the same terminal velocity 
as that in the case of a perfect sphere. 

(ii) Stokes’ law is applicable to a sphere falling freely without any interference, in an 
infinite liquid medium. The sedimentation analysis is conducted in a one-litre jar, 
the depth being finite; the walls of the jar could provide a source of interference to 
the free fall of particles near it. The fall of any particle may be affected by the presence 
of adjacent particles; thus, the fall may not be really free. 

However, itis assumed that the effect of these sources of interference is insignificant 
if suspension is prepared with about 50 g of soil per litre of water. 

(iii) All the soil grains may not have the same specific gravity. However, an average 
value is considered all right, since the variation may be insignificant in the case of 
particles constituting the fine fraction. 

(iv) Particles constituting to fine soil fraction may carry surface electric charges, which 
have a tendency to create ‘flocs’. Unless these floces are broken, the sizes calculated 
may be those of the flocs. Flocs can be a source of erroneous results. 

A deflocculating agent, such as sodium silicate, sodium oxalate, or sodium hexa- 
metaphosphate, is used to get over this difficulty. 
Pipette Analysis 

The sedimentation analysis may be conducted with the aid of a pipette in the labora- 

tory. A pipette, sedimentation jar, and a number of sampling bottles are necessary for the test. 
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A boiling tube of 500 ml capacity kept in a constant temperature bath may also be used in 
place of a sedimenation jar. The capacity of the sampling pipette is usually 10 ml. 

The method consists in drawing off 10 ml samples of soil suspension by means of the 
sampling pipette from a standard depth of 10 cm at various time intervals after the start of 
sedimentation. The soil-water suspension should have been prepared as has been mentioned 
earlier. The usual total time intervals at which the samples are drawn are 30 s, 1 min., 2 min., 
4 min., 8 min., 5 min., 30 min., 1 h, 2h, and 4 h from the start of sedimentation. The pipette 
should be inserted about 20 seconds prior to the chosen instant and the process of sucking 
should not take more than 20 seconds. Each of the samples taken is transferred to a sampling 
bottle and dried in an oven. The weight of solids, W, in the suspension, finer than a certain 
size D, related to the time of sampling, may be found by careful weighing, from the concentra- 
tion of these solids in the pipette sample. Let W, be the weight of soil (fine fraction) used in the 
suspension of volume V, and W, be the weight of soil particles finer than size D in the entire 
suspension. Also, let W, be the weight of solids in the pipette sample of volume Vy 

Then, by the argument presented in the general procedure for sedimentation analysis, 


W 
Wo _ (Eq. 3.23) 
V vV, 
W 
or Wp=—.V=W, LS ...(Eq. 3.24) 
Vp Vp 


The calculation will be somewhat as follows: 
From Equations (3.21) and (3.22), for the known values of H and t, we obtain the size D. 


Let the weight of solids per ml in the pipette sample be multiplied be multiplied by the 
total volume of the suspension; this would give W, as defined in Eq. 3.24. 


Percentage of particles finer than the size D, in the fine-fraction, N, is given by: 


Wp 
N,= W, x 100 .. (Eq. 3.25) 
Substituting for W, from Eq. (3.24), 
roe ee a ee Eqn. 3.2 
rw, LV, x 100 ...(Eqn. 3.26) 


This is to be corrected if a dispersing agent is added. Ifw is the weight of the dispersing 
agent added, 


(Wp = w) 
N; = wo x 
For a combined sieve and sedimentation analysis, if W is the total dry weight of the soil 


originally taken, the over-all percentage, N, of particles, finer than D, is given by: 


100 (Eq. 3.27) 


W 
N=N,x — ... (Eq. 3.28) 
W 


where W,= Weight of fine soil fraction out of the total weight of a soil sample, W, taken for the 
combined sieve and sedimentation analysis. 
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The calculations completed for all the samples would provide information for the grain- 
size distribution curve. 

The pipette analysis, although very simple and direct in principle, is tedious and requires 
very sensitive weighing apparatus. Accurate results are rather difficult to obtain. For 
this reason, the hydrometer analysis is preferred in the laboratory. 

Hydrometer Analysis 

The hydrometer method differs from the pipette analysis in that the weights of solids 
per ml in the suspension at the chosen depth at chosen instants of time are obtained indirectly 
by reading the specific gravity of the soil suspension with the aid of a hydrometer. 





Ri, Sp. gr. 
-5 || 0.995 
0 | = 1.000 Note. The readings may indicate di- 
5 |4 rectly the specific gravity, as shown on 
10 a 1.010 the right; 1 may be subtracted from the 
I J specific gravity and the resulting value 
E multiplied by 1000 and marked as the 
20 | -4 1.020 hydrometer reading, as shown on the 
25 |4 left. 
30 | 4 1.030 
35 | 
40 | 1.040 








Fig. 3.10 Hydrometer 


Hydrometer is a device which is used to measure the specific gravity of liquids (Fig. 3.10). 
However, for a soil suspension, the particles start settling down right from the start, and 
hence the unit weight of the suspension varies from top to bottom. 

It can be established that measurement of unit weight of the suspension at a known 
depth at a particular time provides a point on the grain-size distribution curve. 

Let W be weight of fine soil fraction mixed in water 

V be the volume of suspension 
Initially, the weight of solids per unit volume of suspension 


= W/V 
Volume of solids per unit volume of suspension = 
V.G.Yy 
: . WwW 
Volume of water per unit volume of suspension =1- 
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Weight of water per unit volume of suspension = Y, f — rez 
Yw 





V.G. 
W 
“WG 
Initial weight of a unit volume of suspension = x + (ra - uA 
V VG 
Initial unit weight, Y; =Y, + Z 1 . = .. (Eq. 3.29) 


Let us consider a level XX, at a depth z from the surface and let t be the elapsed time 
from the start (Fig. 3.11). 


Size D of the particles which have fallen from the surface through the depth z in time £ 
may be got from Eqs. 3.21 and 3.22, by substituting z from H. Above the level XX, no particle of 
size greater than D will be present. In an elemental depth dz at this depth z, the suspension 
may be considered uniform, since, initially it was uniform, and all particles of the same size 
have settled through the same depth in the given time. In this element, particles of the size 
smaller than D exist. Let the percentage of weight of these particles to the original weight of 
the soil particles in the suspension by N. 

Wt of solids per unit volume of the suspension at depth z = (N/100) . (W/V) 

By similar reasoning as for Eq. 3.29, the unit weight of the suspension, y,, at depthz and 
at time ¢, is given by: 

r G-D) N W 








100G V . 
N= G-p 07: w ...(Eq. 3.31) 


Hence, ify, is obtained by a hydrometer, N can be got, thus getting a point on the grain- 
size distribution curve. 

In pipette analysis, the sampling depth is kept fixed; however, in the hydrometer analy- 
sis, the sampling depth (known as the effective depth) goes on increasing with time since the 
particles are allowed to settle. It is, therefore, necessary to calibrate the hydrometer with 
respect to the sedimenation jar, with a view to determining the value of the effective depth for 
any particular reading of the hydrometer. If the same hydrometer and the same sedimentation 
jar are used for a number of tests, one calibration chart will serve the purpose for all the tests. 





Soil 
suspension 





Fig. 3.11 Suspension jar 
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Calibration 
The method of calibration can be easily understood from Fig. 3.12. 

Let h be the higher of the bulb and H be the height of any reading R, from the top of the 
bulb or neck. The jar with a soil suspension is shown in Fig. 3.12 (b); the surface is xx and the 
level at which the specific gravity of the suspension is being measured is designated yy, the 
depth being H, the effective depth. 

As shown in Fig. 3.12 (c), on immersion of the hydrometer into the suspension in the jar, 
the levels xx and yy will rise to x’x’ and y’y’ respectively. 



































(a) Hydrometer (b) Sedimentation jar before (c) Sedimentation jar after 
immersion of hydrometer immersion of hydrometer 


Fig. 3.12 Calibration of hydrometer with respect to sedimenation jar 


IfV, is the volume of the hydrometer andA is the area of cross-section of the jar containing 
the suspension, the rise in the level xx is given by V,/A. The rise in the level yy will be approxi- 
mately v,/2A since the effective depth is reckoned to the middle level of the hydrometer bulb. 
The level y’y’ correspond to this mid-level, but the soil particles at this level are in the same 
concentration as they were at yy, as the level yy has merely risen to y’y’ consequent to the 
immersion of the hydrometer in the suspension. 


Therefore, on correlating (b) and (c), 


H = Helge -Va 
e 2 2A) A 
1 V, 
or H,=H+3[ - “4 ...(Eq. 3.32) 


Thus, the effective depth H, at which the specific gravity is measured depends upon H 
and, hence, upon the observed hydrometer reading, R’. However, h, V,, and A are independ- 
ent of R,’, and may be easily obtained with a fair degree of accuracy. A calibration graph 
between R,’ and H, can be prepared as shown in Fig. 3.13 for use with a particular hydrometer 
and a particular suspension jar. 
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Fig. 3.13 Calibration graph between hydrometer reading and effective depth 


For the first few readings for about 2 minutes, the hydrometer may not go down much 
and H, may be taken approximately to be equal (H + h/2). 

Procedure: The method of preparation of the soil suspension has already been indicated. 
The volume of the suspension is 1000 ml in this case. The sedimenation jar is shaken vigorously 
and is then kept vertical over a firm base and stopwatch is started simultaneously. The hy- 
drometer is slowly inserted in the jar and readings taken at elapsed times 30 s, 1 min and 2 
min. The hydrometer is then taken out. Further readings are taken at elapsed times of 4 min, 
8 min, 15 min, 30 min, 1h, 2h, 4h, etc., by inserting the hydrometer about 20 seconds prior to 
the desired instant. The hydrometer should be stable without oscillations at the time each 
reading is taken. Since the soil suspension is opaque, the reading is taken corresponding to the 
upper level of the meniscus. The temperature is recorded. For good results, the variation should 
not be more than 2° celsius. 

Certain corrections are required to be applied to the recorded hydrometer readings be- 
fore these could be used for the computation of the unit weight of the suspension. 
Corrections to Hydrometer Readings 

The following three corrections are necessary: 

1. Meniscus correction 

2. Temperature correction 

3. Deflocculating agent correction. 

Meniscus Correction 

The reading should be taken at the lower level of the meniscus. However, since the soil suspen- 
sion is opaque, the reading is taken at the upper meniscus. Therefore, a correction is required 
to be applied to the observed reading. Since the hydrometer readings increase downward on 
the stem, the meniscus correction (C,,,) is obviously positive. 

The magnitude of the correction can be got by placing the hydrometer in distilled water 
in the same jar and noting the difference in reading at the top and bottom levels of the meniscus. 
Temperature Correction 


Hydrometers are usually calibrated at a temperature of 27°C. If the temperature at the time 
of conducting the test is different, a correction will be required to be applied to the hydrometer 
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reading on this account. For this purpose, the hydrometer is placed in clean distilled water at 
different temperatures and a calibration chart prepared for the correction required. If the 
temperature at the time of test is more than that of calibration of the hydrometer, the ob- 
served reading will be less and the correction (C,) would be positive and vice versa. 
Deflocculating Agent Correction 

The addition of the deflocculating agent increases the density of the suspension and thus ne- 
cessitates a correction (C„) which is always negative. This is obtained by immersing the hy- 
drometer, alternately in clean distilled water and a solution of the deflocculating agent in 
water (with the same concentration as is to be used in the test), and noting the difference in 
the reading. 

A composite correction for all the above may be obtained by noting the hydrometer 
readings in a solution of the deflocculating agent at different temperatures. These with reversed 
sign give the composite correction. 

The corrected hydrometer reading R, may be got from the observed reading R,’ by ap- 
plying the composite correction ‘C’: 

R,=R,+C ... (Eq. 3.33) 
where C=C, -C,+C, 

The next step is to determine the percentage finer of the particles of a specified size 
related to any hydrometer reading. 

Calculations: After obtaining the corrected hydrometer readings R,’ at various elapsed 
times ż, and the corresponding effective depths H,, Equations 3.20 and 3.21 may be used (H, 
being used for H), to obtain the corresponding particle size. Now Eq. 3.27 may be used as 
follows for determining the percent finer than the particle size D: 

100G 
~ (G-D 
But y, = G,, Yw» where G,, = specific gravity of soil suspension 





= Yw) - VIW 





1000 
_ 100G.y, Rp 7 V Gw V R, 
(G-D (1000 W (G-1) W 10 
qe ie Ve (Œq. 3.34) 
(G-1) W 10 
Thus for each hygrometer reading, R, we obtain a set of values for D and N, fixing one 
point on the grain-size distribution curve. 


R, : 
=|1+ . Ya» Since R, = 1000(G,, — 1). 








The grain-size distribution may thus be completed by the sedimentation analysis in 
conjunction with sieve analysis for the coarse fraction. 


3.8.4 Characteristics of Grain-size Distribution Curves 

Grain-size distribution curves of soils primarily indicate the type of the soil, the history and 
stage of its deposition, and the gradation of the soil, If the soil happens to be predominantly 
coarse-grained or predominantly fine-grained, this will be very clearly reflected in the curve. 
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Typical grain-size distribution curves are shown Fig. 3.14. A soil is said to be “well- 
graded”, if it contains a good representation of various grain-sizes. Curve marked (a) indicates 
a well-graded soil. If the soil contains grains of mostly one size, it is said to be “uniform” or 
“poorly graded”. Curve marked (b) indicates a unifrom soil. A soil is said to be “gap-graded”, if 
it is deficient in a particular range of particle sizes. Curve marked (c) indicates a gap-graded 
soil. A “young residual” soil is indicated by curved marked (d); in course of time, as the particles 
get broken, the soil may shown a curve nearing type (a). Curve (e) indicates a soil which is 
predominantly coarse-grained, while curve (f ) indicates a soil which is predominantly fine- 
grained. The more uniform a soil is, the steeper is its grain-size distribution curve. 
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Fig. 3.14 Typical grain-size distribution curves 


River deposits may be well-graded, uniform, or gap-graded, depending upon the veloc- 
ity of the water, the volume of suspended solids, and the zone of the river where the deposition 
occurred. 

Certain properties of granular or coarse-grained soils have been related to particle di- 
ameters. Allen Hazen (1892) tried to establish the particular diameter in actual spheres that 
would cause the same effect as a given soil, and opined that the diameter for which 10% was 
finer would give this equivalence. It may be recalled that the effective diameter of a soil particle 
is the diameter of a hypothetical sphere that is assumed to act in the same way as the particle 
of an irregular shape, and that data obtained from sedimentation analysis using Stokes’ law 
lead to effective diameters, D, of the soil particles. Thus, Allen Hazen’s D,, = D,- The effective 
diameter is also termed the “Effective Size” of the soil. It is this size that is related to permeability 
and capillarity. D,, may be easily determined by reading-off from the grain-size distribution 
curve for the soil. 

An important property of a granular or coarse-grained soil is its “degree of uniformity”. 
The grain-size distribution curve of the soil itself indicates, by its shape, the degree of soil 
uniformity. A steeper curve indicates more uniform soil. Because of this, the grain-size distri- 
bution curve is also called the ‘uniformity curve’. 
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Quantitatively speaking, the uniformity of a soil is defined by its “Coefficient of Uni- 
formity” U: 


U=- .. (Eq. 3.35) 


where Dgo = 60% finer size. 
and D o= 10% finer size, or effective size. 
These can be obtained from the grain-size distribution curve as shown in Fig. 3.15. 
The soil is said to be very unifrom, if U < 5; it is said to be of medium uniformity, if well- 
graded, U=5 to 15; and it is said to be very non-uniform or well-graded, if U > 15. 
Another parameter or index which represents the shape of the grain-size distribution 
curve is known as the “Coefficient of Curvature”, C „ defined as: 


(Day)? 


625 LE 
© Dio - Deo 


... (Eq. 3.36) 


where D, = 30% finer size. 
C, should be 1 to 3 for a well-graded soil. 
On the average, 
for sands U = 10 to 20, 
for silts U = 2 to 4, and 
for clays U = 10 to 100 (Jumikis, 1962) 


3.9 CONSISTENCY OF CLAY SOILS 


‘Consistency’ is that property of a material which is manifested by its resistance to flow. In this 
sense, consistency of a soil refers to the resistance offered by it against forces that tend to 
deform or rupture the soil aggregate; in other words, it represents the relative ease with which 
the soil may be deformed. Consistency may also be looked upon as the degree of firmness of a 
soil and is often directly related to strength. This is applicable specifically to clay soils and is 
generally related to the water content. 

Consistency is conventionally described as soft, medium stiff (or medium firm), stiff (or 
firm), or hard. These terms are unfortunately relative and may convey different meaning to 
different persons. In the case of in-situ or undisturbed clays, it is reasonable and practical to 
relate consistency to strength, for purposes of standardisation. (A little more of this aspect will 
be studied in one of the later sections). 


In the remoulded state, the consistency of a clay soil varies with the water content, 
which tends to destroy the cohesion exhibited by the particles of such a soil. As the water 
content is reduced from a soil from the stage of almost a suspension, the soil passes through 
various states of consistency, as shown in Fig. 3.16. A. Atterberg, a Swedish Soil Scientist, in 
1911, formally distinguished the following stages of consistency—liquid, plastic, semi-solid, 
and solid. The water contents at which the soil passes from one of these states to the next have 
been arbitrarity designated as ‘consistency limits’——Liquid limit, Plastic limit and Shrinkage 
limit, in that order. These are called ‘Atterberg limits’ in honour of the originator of the concept. 
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Fig. 3.15 Effective size and uniformity coefficient from grain-size distribution curve 
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Fig. 3.16 Variation of volume of soil mass with variation of water content 


Initially intended for use in agricultural soil science, the concept was later adapted for 
engineering use in classification of soils. Although the consistency limits have little direct 
meaning in so far as engineering properties of soils are concerned, correlations between these 
and engineering properties have been established since then. 

‘Plasticity’ of a soil is defined as that property which allows it to be deformed, without 
rupture and without elastic rebound, and without a noticeable change in volume. Also, a soil is 
said to be in a plastic state when the water content is such that it can change its shape without 
producing surface cracks. Plasticity is probably the most conspicuous property of clay. 
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3.9.1 Consistency Limits and Indices—Definitions 
The consistency limits or Atterberg limits and certain indices related to these may be defined 
as follows: 
Liquid Limit 
‘Liquid limit’ (LL or w,) is defined as the arbitrary limit of water content at which the soil is 
just about to pass from the plastic state into the liquid state. At this limit, the soil possesses a 
small value of shear strength, losing its ability to flow as a liquid. In other words, the liquid 
limit is the minimum moisture content at which the soil tends to flow as a liquid. 
Plastic Limit 
‘Plastic limit’ (PL or w) is the arbitrary limit of water content at which the soil tends to pass 
from the plastic state to the semi-solid state of consistency. Thus, this is the minimum water 
content at which the change in shape of the soil is accompanied by visible cracks, i.e., when 
worked upon, the soil crumbles. 
Shrinkage Limit 
‘Shrinkage limit’ (SL or w,) is the arbitrary limit of water content at which the soil tends to 
pass from the semi-solid to the solid state. It is that water content at which a soil, regardless, 
of further drying, remains constant in volume. In other words, it is the maximum water content 
at which further reduction in water content will not cause a decrease in volume of the soil 
mass, the loss in moisture being mostly compensated by entry of air into the void space. In 
fact, it is the lowest water content at which the soil can still be completely saturated. The 
change in colour upon drying of the soil, from dark to light also indicates the reaching of 
shrinkage limit. 

Upon further drying, the soil will be in a partially saturated solid state; and ultimately, 
the soil will reach a perfectly dry state. 


Plasticity Index 
‘Plasticity index’ (PI or I) is the range of water content within which the soil exhibits plastic 
properties; that is, it is the difference between liquid and plastic limits. 
Pl(or I) = (LL — PL) = (w; - wz) ... (Eq. 3.37) 

When the plastic limit cannot be determined, the material is said to be non-plastic (NP). 
Plasticity index for sands is zero. 

Burmister (1947) classified plastic properties of soils according to their plasticity indices 
as follows: 


Table 3.4 Plasticity characteristics 


Plasticity index Plasticity 


0 Non-plastic 
1to5 Slight 


5 to 10 Low 
10 to 20 Medium 
20 to 40 High 

> 40 Very high 
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At the liquid limit the soil grains are separated by water just enough to deprive the soil 
mass of shear strength. At the plastic limit the soil moisture does not separate the soil grains, 
and has enough surface tension to effect contact between the soil grains, causing the soil mass 
to behave as a semi-solid. 

For proper evaluation of the plasticity properties of a soil, it has been found desirable to 
use both the liquid limit and the plasticity index values. As will be seen in the next chapter, 
engineering soil classification systems use these values as a basis for classifying the fine- 
grained soils. 

Shrinkage Index 

‘Shrinkage index’ (SJ or I) is defined as the difference between the plastic and shrinkage 
limits of a soil; in other words, it is the range of water content within which a soil is in a semi- 
solid state of consistency. 

SI(or I) = (PL — SL) = (w, - w,) ... (Eq. 3.38) 
Consistency Index 
‘Consistency index’ or ‘Relative consistency’ (CI or I) is defined as the ratio of the difference 
between liquid limit and the natural water content to the plasticity index of a soil: 
(LL-w) (wy -w) 


PI 2 


where w = natural water content of the soil (water content of a soil in the undisturbed condi- 
tion in the ground). 


IfI =0,w=LL 
I =1,w=PL 
I, > 1, the soil is in semi-solid state and is stiff. 





Cl(or I) = ... (Eq. 3.39) 


I, < 0, the natural water content is greater than LL, and the soil behaves like a liquid. 
Liquidity Index 
‘Liquidity index (LI or I,)’ or ‘Water-plasticity ratio’ is the ratio of the difference between the 
natural water content and the plastic limit to the plasticity index: 


(w — PL) _W-Wy 





Li(or I,) = Pl(or I,) = T, ...(Eq. 3.40) 
If J, =0,w=PL 
T,=1,w =LL 
I, > 1, the soil is in liquid state. 
I, < 0, the soil is in semi-solid state and is stiff. 
Obviously, 
CI+LI=1 ...(Eq. 3.41) 


For the purpose of convenience, the consistency of a soil in the field may be stated or 
classified as follows on the basis of CI or LI values: 
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Table 3.5 Consistency classification 


1.00 to 0.75 0.00 to 0.25 Stiff 


0.75 to 0.50 0.25 to 0.50 Medium-soft 
0.50 to 0.25 0.50 to 0.75 Soft 
0.25 to 0.00 0.75 to 1.00 Very soft 





3.9.2 Laboratory Methods for the Determination of Consistency Limits and 
Related Indices 


The definitions of the consistency limits proposed by Atterberg are not, by themselves, adequate 
for the determination of their numerical values in the laboratory, especially in view of the 
arbitrary nature of these definitions. In view of this, Arthur Casagrade and others suggested 
more practical definitions with special reference to the laboratory devices and methods developed 
for the purpose of the determination of the consistency limits. 

In this sub-section, the laboratory methods for determination of the liquid limit, plastic 
limit, shrinkage limit, and other related concepts and indices will be studied, as standardized 
and accepted by the Indian Standard Institution and incorporated in the codes or practice. 
Determination of Liquid Limit 
The liquid limit is determined in the laboratory with the aid of the standard mechanical liquid 
limit device, designed by Arthur Casagrande and adopted by the ISI, as given in IS:2720 (Part 
V)-1985. The apparatus required are the mechanical liquid limit device, grooving tool, porce- 
lain evaporating dish, flat glass plate, spatula, palette knives, balance, oven wash bottle with 
distilled water and containers. The soil sample should pass 425— IS Sieve. A sample of about 
1.20 N should be taken. Two types of grooving tools—Type A (Casagrande type) and Type B 
(ASTM type)—are used depending upon the nature of the soil. (Fig. 3.17). 

The cam raises the brass cup to a specified height of 1 cm from where the cup drops 
upon the block exerting a blow on the latter. The cranking is to be performed at a specified rate 
of two rotations per second. The grooving tool is meant to cut a standard groove in the soil 
sample just prior to giving blows. 

Air-dried soil sample of 1.20 N passing 425-u I.S. Sieve is taken and is mixed with water 
and kneaded for achieving uniformity. The mixing time is specified as 5 to 10 min. by some 
authorities. The soil paste is placed in the liquid limit cup, and levelled off with the help of the 
spatula. A clean and sharp groove is cut in the middle by means of a grooving tool. The crank 
is rotated at about 2 revolutions per second and the number of blows required to make the 
halves of the soil pat separated by the groove meet for a length of about 12 mm is counted. The 
soil cake before and after the test are shown in Fig. 3.17. The water content is determined from 
a small quantity of the soil paste. 

This operation is repeated a few more times at different consistencies or moisture contents. 
The soil samples should be prepared at such consistencies that the number of blows or shocks 
required to close the groove will be less and more than 25. The relationship between the number 
of blows and corresponding moisture contents thus obtained are plotted on semi-logarithmic 


INDEX PROPERTIES AND CLASSIFICATION TESTS 63 





graph paper, with the logarithm of the number of blows on the x-axis, and the moisture con- 
tents on the y-axis. The graph thus obtained, i.e., the best fit straight line, is referred to as the 
‘Flow-graph’ or ‘Flow curve’. (Fig. 3.18). 
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Fig. 3.17 Liquid limit apparatus 
The moisture content corresponding to 25 blows from the flow curve is taken as the 
liquid limit of the soil. This is the practical definition of this limit with specific reference to the 
liquid limit apparatus and the standard procedure recommended. Experience indicates that 
such as curve is actually a straight line. 
The equation to this straight line will be 


Ni 
(w.— Wy) = I, logo N, ...(Eq. 3.42) 


where w, and w, are the water contents corresponding to the number of blows N} and N, and 
Iis the slope of the flow curve, called the ‘flow index’. 
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Fig. 3.18 Flow graph 


I,= (w, - w,)/log,, N/N) ...(Eq. 3.43) 

If the flow curve is extended such that N, and N, correspond to one log-cycle difference, 
I, will be merely the difference of the corresponding water contents. 

One-point Method 

Attempts have been made to simplify the trial and error procedure of the determination 
of liquid limit described above. One such is the ‘One-point method’ which aims at determining 
the liquid limit with just one reading of the number of the blows and the corresponding mois- 
ture content. 

The trial moisture content should be as near the liquid limit as possible. This can be 
done with a bit of experience with the concerned soils. For soils with liquid limit between 50 
and 120%, the accepted range shall require 20 to 30 drops to close the groove. For soils with 
liquid limit less than 50%, a range of 15 to 35 drops is acceptable. At least two consistent 
consecutive closures shall be observed before taking the moisture content sample for calculation 
of the liquid limit. The test shall always proceed from the drier to the water condition of the 
soil. (IS: 2720, Part V-1970). 

The water content w y of the soil of the accepted trial shall be calculated. The liquid limit 
w, of the soil shall be calculated by the following relationship. 

w; = Wy(N/25)* ... (Eq. 3.44) 
where 

N = number of drops required to close the groove at the moisture content wy. Prelimi- 
nary work indicates that x = 0.092 for soils with liquid limit less than 50% and x = 0.120 for 
soils with liquid limit more than 50%. 

Note: The liquid limit should be reported to the nearest whole number. The history of the soil 
sample, that is, natural state, air-dried, oven-dried, the method used, the period of soaking should also 
be reported. 

Cone Penetration Method 

This method is based on the principle of static penetration. The apparatus is as ‘Cone 
Penetrometer’, consisting of a metallic cone with half angle of 15° 30’ + 15’ and 30.5 mm coned 
depth (IS: 2720, Part V—1985). It shall be fixed at the end of a metallic rod with a disc at the top 
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of the rod so as to have a total sliding weight of (1.48 + 0.005) N. The rod shall pass through two 
guides (to ensure vertical movement), fixed to a stand as shown in Fig. 3.19. 
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Fig. 3.19 Cone penetrometer 


























Suitable provision shall be made for clamping the vertical rod at any desired height 
above the soil paste in the trough. A trough 50 mm in diameter and 50 mm high internally 
shall be provided. The soil sample shall be prepared as in the case of other methods. 

In the case of clay soils, it is recommended that the soil shall be kept wet and allowed to 
stand for a sufficient time (24 hrs.) to ensure uniform distribution of moisture. 

The wet soil paste shall then be transferred to the cylindrical trough of the cone 
penetrometer and levelled to the top of the trough. The penetrometer shall be so adjusted that 
the cone point just touches the surface of the soil paste in the trough. The penetrometer scale 
shall then be adjusted to zero and the vertical rod released so that the cone is allowed to 
penetrate into the soil paste under its weight. The penetration shall be noted after 30 seconds 
from the release of the cone. If the penetration is less than 20 mm, the wet soil from the trough 
shall be taken out and more water added and thoroughly mixed. The test shall then be re- 
peated till a penetration between 20 mm and 30 mm is obtained. The exact depth of penetra- 
tion between these two values obtained during the test shall be noted. The moisture content of 
the corresponding soil paste shall be determined in accordance with IS procedure, referred to 
earlier. 

The liquid limit of the soil which corresponds to the moisture content of a paste which 
would give 25 mm penetration of the cone shall be determined from the following formula: 


Wr =W, + 0.01(25 - a)(w, + 15) ...(Eq. 3.45) 
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where 
w,, = liquid limit of the soil, 
w,, = moisture content corresponding to penetration Q, 
œ = depth of penetration of cone in mm. 

The liquid limit may also be read out directly from a ready-made monographic chart. 

The expression is based on the assumption that, at the liquid limit, the shear strength of 
the soil is about 0.176 N/cm? , which the penetrometer gives for a depth of 25 mm under a total 
load of 1.48 N. 

Determination of Plastic Limit 

The apparatus consists of a porcelain evaporating dish, about 12 cm in diameter (or a flat glass 
plate, 10 mm thick and about 45 cm square), spatula, about 8 cm long and 2 cm wide (or palette 
knives, with the blade about 20 cm long and 3 cm wide, for use with flat glass plate for mixing 
soil and water), a ground-glass plate, about 20 x 15 cm, for a surface for rolling, balance, oven, 
containers, and a rod, 3 mm in diameter and about 10 cm long. (IS: 2720, Part V—1985). 

A sample weighing about 0.20 N from the thoroughly mixed portion of the material 
passing 425- IS sieve is to be taken. The soil shall be mixed with water so that the mass 
becomes plastic enough to be easily shaped into a ball. The mixing shall be done in an evapo- 
rating dish or on the flat glass plate. In the case of clayey soils, sufficient time (24 hrs.) should 
be given to ensure uniform distribution of moisture throughout the soil mass. A ball shall be 
formed and rolled between the fingers and the glass plate with just enough pressure to roll the 
mass into a thread of uniform diameter throughout its length. The rate of rolling shall be 
between 80 and 90 strokes per minute, counting a stroke as one complete motion of the hand 
forward and back to the starting position again. The rolling shall be done till the threads are of 
3 cm diameter. The soil shall then be kneaded together to a uniform mass and rolled again. 
This process of alternate rolling an kneading shall be continued until the thread crumbles 
under the pressure required for rolling and the soil can no longer be rolled into a thread. At no 
time shall attempt be made to produce failure at exactly 3 mm diameter. The crumbling may 
occur at a diameter greater than 3 mm; this shall be considered a satisfactory end point, pro- 
vided the soil has been rolled into a thread of 3 mm in diameter immediately before. The pieces 
of crumbled soil thread shall be collected and the moisture content determined, which is the 
‘plastic limit’. The history of the soil sample shall also be reported. 

‘Toughness Index’ (J) is defined as the ratio of the plasticity index to the flow index: 


Ip= 2 ...(Eq. 3.46) 


where I p= Plasticity index 
I r= Flow index. 
Determination of Shrinkage Limit 


Ifa saturated soil sample is taken (with water content, a little over the liquid limit) and 
allowed to dry up gradually, its volume will go on decreasing till a stage will come after which 
the reduction in the water content will not result in further reduction in the total volume of 
the sample; the water content corresponding to this stage is known as the shrinkage limit. 
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By analysing the conditions of the soil pat at the initial stage, at the stage of shrinkage 
limit, and at the completely dry state, one can arrive at an expression for the shrinkage limit 
as follows (Fig. 3.20): 
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Fig. 3.20 Determination of shrinkage limit 
Weight of water initially = (W, -Wp 
Loss of water from the initial stage to the 
stage of shrinkage limit = (V, — V „Y, 
Weight of water at shrinkage limit =(W,-W,)-(V,-V,,V,, 
W; - Wa) - (V; -V, 
Shrinkage limit, w, = Í i- Wa) m $ th] x 100% (Eq. 3.47) 
d 
(V; —- Va)Yw 
or w, = Ç - te x 100% ...(Eq. 3.48) 
d 


where w, = initial water content 
V, = initial volume of the soil pat 
V,=V,, = dry volume of the soil pat 

W = dry weight of the soil sample 

This equation suggests a laboratory method for the determination of the shrinkage limit. 

The equipment or apparatus consists of a porcelain evaporating dish of about 12 cm 
diameter with float bottom, a shrinkage dish of stainless steel with flat bottom, 45 mm in 
diameter and 15 mm high, two glass plates, each 75 mm x 75 mm, 3 mm thick—one plain 
glass, and the other with three metal prongs, glass cup 50 mm in diameter and 25 mm high, 
with its top rim ground smooth and level, straight edge, spatula, oven, mercury desiccator, 
balances and sieves. (Fig. 3.21)(IS: 2720, Part VI-1972). 

If the test is to be made on an undisturbed sample, it is to be trimmed to a pat about 
45 mm in diameter and 15 mm in height. If it is to be conducted on a remoulded sample, about 
1 N ofa thoroughly mixed portion of the material passing 425-u~—IS sieve is to be used. 

The procedure is somewhat as follows: 

The volume of the shrinkage dish is first determined by filling it with mercury, remov- 
ing the excess by pressing a flat glass plate over the top and then weighing the dish filled with 
mercury. The weight of the mercury divided by its unit weight (0.136 N/cm?) gives the volume 
of the dish which is also the initial volume of the wet soil pat (V,). The inside of the dish is 
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coated with a thin layer of vaseline. The dish is then filled with the prepared soil paste in 
instalments. Gentle tapping is given to the hard surface to eliminate entrapped air. The excess 
soil is removed with the aid of a straight edge and any soil adhering to the outside of the dish 
is wiped off. The weight of the wet soil pat of known volume is found (W,). The dish is then 
placed in an oven and the soil pat is allowed to dry up. The weight of the dry soil pat can be 
found by weighing (W). 
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Fig. 3.21 Apparatus for determining volume-change in the shrinkage limit test 


The glass cup is filled with mercury and excess is removed by pressing the glass plate 
with three prongs firmly over the top. The dry soil pat is placed on the surface of the mercury 
in the cup and carefully pressed by means of the glass plate with prongs. The weight of the 
displaced mercury is found and divided by its unit weight to get the volume of the dry soil pat 
(V3). The shrinkage limit may then be obtained by Eq. 3.47 or 3.48. 

Alternative approach: Shrinkage limit may also be determined by an alternative ap- 
proach if the specific gravity of the soil solids has already been determined. 

From Fig. 3.20 (iii), 


w, = Va y“ x 100 
[va = 2e) Vw 
= ~w x 100 
w, = [e = va) x 100 ...(Eq. 3.49) 


This may also be written as 
w, = [Y /Ya) — 1/G] x 100 ...(Eq. 3.50) 
where y4 = dry unit weight based on the minimum or dry volume. 
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Substituting % = rau in Eq. 3.46, 
e 
_(+e) 1 e 





w, G Ge .. (Eq. 3.51) 
where e is the void ratio of the soil at its minimum volume. (This also indicates that the soil is 
still saturated at its minimum volume). Initial wet weight and initial wet volume are not 
required in this approach. 

Another alternative approach is to determine the weight and volume of the soil pat ata 
series of decreasing moisture contents using air-drying (and ultimately oven-drying to obtain 
the values in the dry state) and plotting the volume observations against the moisture contents 
as follows (Fig. 3.22): 

The straight line portion of the curve is produced to meet the horizontal through the 
point representing the minimum or dry volume. The water content corresponding to this meeting 
point is the shrinkage limit, w,. However, this approach is too laborious. 


Volume change of soil pat 











WwW Water content % 


S 
Fig. 3.22 Water content vs volume soil pat 


Approximate Value of G from Shrinkage Limit 
The approximate value of G may be got from this test as follows: 





W, = Wa 
Wa GW ayy, 
Wa 
or G= 
V Yw 
From Fig. 3.20 (ĉi), 
V.=V, (W; - Wg) 
Vw 
Wa 
G=- (Eq. 3.52) 
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Also from Eq. 3.47, if the shrinkage limit is already determined by the first approach, 


Ge — t __(Eiq. 3.53) 


Yw _ Ws 
Yq 100 





w, being in per cent. 

Shrinkage Ratio (R) 

‘Shrinkage ratio’ (R) is defined as the ratio of the volume change expressed as per cent of the 
dry volume to the corresponding change in moisture content from the initial value to the shrink- 
age limit: 


(V; - Va) 
R=—_— x 100/w;-w,) ...(Eq. 3.54) 
Va 
w, and w, being expressed as percentage. 
(V; - Vaw : = = 
(w,-w,) = ~y * 100 from Fig. 3.20 (ii) and (iii). 
d 


Substituting in Eq. 3.54, 


W W, 
d__ Yd _ Gnfary) = a ... (Eq. 3.55) 
d 


VaYw Yw 
Thus, the shrinkage ratio is also the mass specific gravity of the soil in the dry state. 
The test data from shrinkage limit test can be substituted directly either in Eq. 3.54 or 
in Eq. 3.55 to obtain the shrinkage ratio. 
If the shrinkage limit and shrinkage ratio are obtained, the approximate value of G may 
be got as follows: 
1 


C = (WR) —w,/100) 


...(Eq. 3.56) 


w, being in per cent. 

(Note: This relationship is easily derived by recasting Eq. 3.46 and recognising that R = y,/y,,). 
Volumetric Shrinkage (V) 
The ‘Volumeter Shrinkage’ (or Volumetric change V,) is defined as the decrease in the volume 


of a soil mass, expressed as a percentage of the dry volume of the soil mass, when the water 
content is reduced from an initial value to the shrinkage limit: 


(V; - Va) 
V.=— > x100 ... (Eq. 3.57) 
s Va 
Obviously, the numerator of Eq. 3.54 is V. 
R= Vs 
(w; — ws) 
or V,= Rw, - w,) ...(Eq. 3.58) 


Degree of Shrinkage (S,) 
‘Degree of Shrinkage’ (S,) is expressed as the ratio of the difference between initial volume and 
final volume of the soil sample to its initial volume. 
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V,-V. 
S.= Sie x 100 ... (Eq. 3.59) 


i 
The only difference between this and the volumetric shrinkage is in the denominator, 
which is the initial volume in this case. 


Schedig classifies the soil qualitatively based on its degree of shrinkage as following: 


Good soil wee S, <5% 

Medium soil P S.-5 to 10% 

Poor soil ake S.—10 to 15% 

Very poor soil “a S, > 15% 
Linear Shrinkage (L,) 


‘Linear Shrinkage (L,)’ is defined as the decrease in one dimension of the soil mass 
expressed as a percentage of the initial dimension, when the water content is reduced from a 
given value to the shrinkage limit. This is obtained as follows: 


bling ao ...(Eq. 3.60) 
V, + 100 


Shrinkage Limit of Undisturbed Soil (w,,) 
The shrinkage limit of undisturbed soil speciman is obtained as follows: 


w= (Fa - 3) x 100 (Eq. 3.61) 
Wau 


where V,,, and W}, are the volume in ml and weight in g, respectively, of the oven-dry soil 
specimen. 


3.10 ACTIVITY OF CLAYS 


The presence of even small amounts of certain clay minerals can have significant effect on the 
properties of the soil. The identification of clay minerals requires special techniques and equip- 
ment. The techniques include microscopic examination, X-ray diffraction, differential thermal 
analysis, optical property determination and electron micrography. Even qualitative identifi- 
cation of the various clay minerals is adequate for many engineering purposes. Detailed treat- 
ment of clay minerals is considered out of scope of the present text. 

An indirect method of obtaining information on the type and effect of clay mineral ina 
soil is to relate plasticity to the quantity of clay-size particles. It is known that for a given 
amount of clay mineral the plasticity resulting in a soil will vary for the different types of 
clays. 

‘Activity (AY is defined as the ratio of plasticity index to the percentage of clay-sizes: 


I 
A= ... (Eq. 3.62) 
c 


where c is the percentage of clay sizes, i.e., of particles of size less than 0.002 mm. 

Activity can be determined from the results of the standard laboratory tests such as the 
wet analysis, liquid limit and plastic limit. Clays containing kaolinite will have relatively low 
activity and those containing montmorillonite will have high activity. 
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A qualitative classification based on activity is given in Table 3.6: 


Table 3.6 Activity classification 


Activity Classification 


Less than 0.75 Inactive 


0.75 to 1.25 Normal 
Greater than 1.25 Active 





3.11 UNCONFINED COMPRESSION STRENGTH AND SENSITIVITY 
OF CLAYS 


The unconfined compression strength of a clay soil is obtained by subjecting an unsupported 
cylindrical clay sample to axial compressive load, and conducting the test until the sample 
fails in shear. The compressive stress at failure, giving due allowance to the reduction in area 
of cross-section, is termed the ‘unconfined compression strength’ (q,,). In the field, a vane- 
shear device or a pocket penetrometer may be used for quick and easy determination of strength 
values, which may be related to qualitative terms indicating consistency. (These and other 
aspects of strength will be studied in greater detail in Chapter 8). 

It has been established that the strength of a clay soil is reacted to its structure. If the 
original structure is altered by reworking or remoulding or chemical changes, resulting in 
changes in the orientation and arrangement of the particles, the strength or the clay gets 
decreased, even without alteration in the water content. (It is known that the strength of a 
remoulded clay soil is affected by water content). 

‘Sensitivity (S, ofa clay is defined as the ratio of the its unconfined compression strength 
in the natural or undisturbed state to that in the remoulded state, without any change in the 
water content: 


_ q,(undisturbed) 
= 


S 





q„(remoulded) (Eq. 3.63) 


The classification of clays based on sensitivity, in a qualitative manner, is given in 
Table 3.7: 


Table 3.7 Sensitivity classification 


Normal or less sensitive Honeycomb structure 


Sensitive Honey or flocculent structure 


Extra-sensitive Flocculent structure 


Quick Unstable 
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*3.12 THIXOTROPY OF CLAYS 


When clays with a flocculent structure are used in construction, these may lose some strength 
as a result of remoulding. With passage of time, however, the strength increases, though not 
back to the original value. This phenomenon of strength loss-strength gain, with no change in 
volume or water content, is called ‘Thixotropy’. This may also be said to be “a process of soften- 
ing caused by remoulding, followed by a time-dependent return to the original harder state”. 

The loss of strength on remoulding is partly due to the permanent destruction of the 
structure in the in-situ condition, and partly due to the reorientation of the molecules in the 
adsorbed layers. The gain in strength is due to the rehabilition of the molecular structure of 
the soil. The strength loss due to destruction of structure cannot be recouped with time. 

‘Thixis’ means the tough, the shaking, and tropo means to turn, to change. Thus, thix- 
otropy means “to change by touch”; it may also be defined, basically, as a reversible gel-sol-gel 
transformation in certain colloidal systems brought about by a mechanical disturbance fol- 
lowed by a period of rest. 

The loss in strength on remoulding and the extent of strength gain over a period of time 
are dependent on the type of clay minerals involved; generally, the clay minerals that absorb 
large quantities of water into their lattice structures, such as montmorillonites, experience 
greater thixotropic effects than other more stable clay minerals. 

For certain construction situations, thixotropy is considered a beneficial phenomenon, 
since with passage of time, the earth structure gets harder and presumably safer. However, it 
has its problems—handing of materials and equipments may pose difficulties. Thixotropic 
influences have affected piles, a type of foundation construction, driven in soils. The distur- 
bance may cause temporary loss in strength of the surrounding soil. Driving must be fully 
done before thixotropic recovery becomes pronounced. Thixotropic fluids used in drilling op- 
erations are called ‘drilling muds’. 


3.13 ILLUSTRATIVE EXAMPLES 


Example 3.1: In a specific gravity test with pyknometer, the following observed readings are 
available: 

Weight of the empty pyknometer = 7.50 N 

Weight of pyknometer + dry soil = 17.30 N 

Weight of pyknometer + dry soil + water filling the remaining volume = 22.45 N 

Weight of pyknometer + water = 16.30 N 

Determine the specific gravity of the soil solids, ignoring the effect of temperature. 

The given weights are designated W, to W, respectively. 

Then, 

the weight of dry soil solids, W, = W, — W} 
= (17.30 — 7.50) N = 9.80 N 
The specific gravity of soil solids is given by Eq. 3.1: 


G (ignoring the effect of temperature) 


— OW 
— W, - (W; - Wy) 
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7 9.80 
~ 9.80 — (22.45 — 16.30) 
~ (9.80 — 16.15) © 


Specific gravity of the soil solids = 2.685. 


Example 3.2: In a specific gravity test, the weight of the dry soil taken is 0.66 N. The weight 
of the pyknometer filled with this soil and water is 6.756 N. The weight of the pyknometer full 
of water is 6.3395 N. The temperature of the test is 30°C. Determine the grain specific gravity, 
taking the specific gravity of water at 30°C as 0.99568. 

Applying the necessary temperature correction, report the value of G which would be 
obtained if the test were conducted at 4°C and also at 27°C. The specific gravity values of 
water at 4°C and 27°C are respectively 1 and 0.99654. 


Weight of dry soil taken, W, = 0.66 N 
Weight of pyknometer + soil + water (W,) = 6.756 N 
Weight of pyknometer + Water (W,) = 6.3395 N 
Temperature of the Test (T) = 30°C 
Specific gravity of water at 30°C (G) = 0.99568 
By Eq. 3.4, 
W, .G, 
Qe il ee 
W, — (W; — W,) 
0.66 x 0.99568 





= = 2.69876 = 2.70 
0.66 — (6.756 — 6.3395) 


If the test were conducted at 4°C, Gu, = 1 


W,.1 B 0.66 x 1 
W, — (Ws - W4) 0.66 — (6.756 — 6.3395) — 
If the tests were conducted at 27°C, G, = 0.99654 


G= 





2.71 


W, x 0.99654 0.66 x 0.99654 


— W,- (W; - W4) 0.66- (6.756 — 6.3395) 
= 2.7011 ~ 2.70. 


Example 3.3: In a specific gravity test in which a density bottle and kerosene were used, the 
following observations were made: 


Weight of empty density bottle = 0.6025 N 

Weight of bottle + clay sample = 0.8160 N 

Weight of bottle + clay + kerosene filling the remaining volume = 2.5734 N 
Weight of bottle + kerosene = 2.4217 N 

Temperature of the test = 27°C 
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Specific gravity of kerosene at 27°C = 0.773 

Determine the specific gravity of the soil solids. 

What will be the value if it has to be reported at 4°C? 
Assume the specific gravity of water at 27°C as 0.99654. 


Let the weight be designated as W, through W, in that order. 

Wt of dry clay sample, W, = (W, — W,) = (0.816 — 0.6025) N = 0.2135 N 
By Eq. 3.2, 

B W, .G, 

— W, - (W; - W,4) 

G, here is given as 0.773. 


G 


0.2135 x 0.773 











G= = 2.67 
0.2135 — (2.5734 — 2.4217) 
If the value has to be reported at 4°C, by Eq. 3.3, 
Gu 
Gr, =Gr, -= 
wr 
CC E E 
0.99654 0.99654 
Example 3.4: In a specific gravity test, the following observation were made: 
Weight of dry soil : 1.04 N 
Weight of bottle + soil + water 5.38 N 
Weight of bottle + water i 4.756 N 


What is the specific gravity of soil solids. If, while obtaining the weight 5.38 N, 3 ml of 
air remained entrapped in the suspension, will the computed value of G be higher or lower 
than the correct value? Determine also the percentage error. 


Neglect temperature effects. 


Neglecting temperature effects, by Eq. 3.1, 





W, 
G = ————. 
W, — (W; - W3) 
It this case, W, = 1.04 N; W, = 5.38; W, = 6.756 N 
1.04 
G = 2.50 


~ 1.04 — (5.38 — 4.756) 
If some air is entrapped while the weight W, is taken, the observed value of W, will be 
lower than if water occupied this air space. Since W, occurs with a negative sign in Eq. 3.1 in 
the denominator, the computed value of G would be lower than the correct value. 
Since the air entrapped is given as 3 ml, this space, if occupied by water, would have 
enhanced the weight W, by 0.03 N. 
1.04 _ 1.040 


= = 2.694 
1.04 —(5.41— 4.756) 0.386 





Correct value of G = 
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_ (2.694 — 2.500) 


2.694 
Example 3.5: A pyknometer was used to determine the water content of a sandy soil. The 
following observation were obtained: 


Percentage error x 100 = 7.2. 


Weight of empty pyknometer = 8 N 

Weight of pyknometer + wet soil sample = 11.60 N 

Weight of pyknometer + wet soil + water filling remaining volume = 20 N 
Weight of pyknometer + water = 18 N 

Specific gravity of soil solids (determined by a separate test) = 2.66 
Compute the water content of the soil sample. 


The weights may be designated W, through W, in that order, 


By Eq. 3.6, 
(W, - W,) < a 
- ilki 
w [m G oo 





Substituting the values, 





_[@1.60-8.00) (266-1) 4] 14, 
wW=| (20 — 18) 2.66 j 

E o 1.66 1] en 

“l20 266 |” 


= (1.1233 — 1) x 100 = 12.33 
Water content of the soil sample = 12.33%. 
Example 3.6: A soil sample with a grain specific gravity of 2.67 was filled in a 1000 ml con- 
tainer in the loosest possible state and the dry weight of the sample was found to be 14.75 N. It 
was then filled at the densest state obtainable and the weight was found to be 17.70 N. The 


void ratio of the soil in the natural state was 0.63. Determine the density index in the natural 
state. 








G = 2.67 
Loosest state: 
Weight of soil = 14.75 N 
Volume of solids = tee cm? = 552.4 cm? 
0.0267 
Volume of voids = (1000 — 552.4) cm? = 447.6 cm? 
Void ratio, e, = 447.6/552.4 = 0.810 
Densest state: 
Weight of soil =17.70N 
Volume of solids pow cm? = 662.9 cm? 
0.0267 
Void ratio, e. = ces = 0.508 


min” 662.9 
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Void ratio in the natural sate, e = 0.63 


(e max = e) 


Density Index, Ip= , by (Eq. 3.8) 


(emag ~ Emin) 
_ 0.810- 0.630 _ 0.180 
~ 0.810- 0.508 0.302 
Ip = 59.6%. 


Example 3.7: The dry unit weight of a sand sample in the loosest state is 13.34 kN/m? and in 
the densest state, it is 21.19 kN/m. Determine the density index of this sand when it has a 
porosity of 33%. Assume the grain specific gravity as 2.68. 


= 0.596 





Ymin(loosest state) = 13.34 kN/m? 
Y„ „(densest state) = 21.19 kN/m 


max 


Porosity, n = 33% 





Void ratio, ep = 33/67 = 0.49 


= (1=n) 
G.Yw _ 2.68x9.81 
Vo= (1-e)  (1+0.49) 
Density Index, I, (by Eq. 3.10) 
= (Ymax) Yo — Ymin 
(Yo) 
_ 21.19 . (17.64 —13.34) _ 21.19 ` 4.30 
~ 17.64 (21.19-13.34) 17.64 7.85 





kN/m? = 17.64 KN/më8 





Ymax ~ Ymin 





= 0.658 = 65.8% 


Alternatively: 
G.y 2.68 x 9.81 
_ = —— 4 — 13.34 = ————_ 
Yimin (i= Emar) = (1 + Eaa 
e nax = 0.971 
G.y 2.68 x 9.81 
= — 2 R Ee = TE 
Ymax (l= ee) = (+ emin 
e n = 0.241 


(Emax — eo) 
I=- A Eq. 3. 
? (e max T emin) ; Ry 3 "i 


_ (0.971-0.49) _ 0.48 
~ (0.971-0.241) 0.73 


Example 3.8: The following data were obtained during an in-situ unit wt determination of an 
embankment by the sand-replacement method: 





= 56.8%. 


Volume of calibrating can = 1000 ml 
Weight of empty can =9N 
Weight of can + sand =25N 


Weight of sand filling the conical portion of the sand-pouring cylinder = 4.5 N 
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Initial weight of sand-pouring cylinder + sand = 54 N 

Weight of cylinder + sand, after filling the excavated hole = 41.4 N 
Wet weight of excavated soil = 9.36 N 

In-situ water content = 9% 

Determine the in-situ unit weight and in-situ dry unit weight. 


Sand-replacement method of in-situ unit weight determination: 

Weight of sand filling the calibrating can of volume 1000 ml = (25-9) N=16N 
Unit weight of sand = 16/1000 N/cm? = 0.016 N/cm? 

Weight of sand filling the excavated hole 

and conical portion of the sand pouring cylinder = (54 — 41.4) = 12.60 N 





Weight of sand filling the excavated hole = (12.6 — 4.5) = 8.10 N 
8.10 
Volume of the excavated hole = F016 cm? = 506.25 cm? 
Weight of excavated soil = 9.36 N 
In-situ unit weight, y = 9.36/506.25 N/cm? = 18.15 kN/m? 
Water content, w = 9% 
In-situ dry unit weight, y, = ao = Gane kN/m? = 16.67 kN/m?. 


Example 3.9: A field density test was conducted by core-cutter method and the following data 
was obtained: 


Weight of empty core-cutter = 22.80 N 
Weight of soil and core-cutter = 50.05 N 
Inside diameter of the core-cutter = 90.0 mm 
Height of core-cutter = 180.0 mm 
Weight or wet sample for moisture 
determination = 0.5405 N 
Weight of oven-dry sample = 0.5112 N 
Specific gravity so soil grains = 2.72 


Determine (a) dry density, (b) void-ratio, and (c) degree of saturation. 
(S.V.U.—B.E.(Part-time)—FE—April, 1982) 


Weight of soil in the core-cutter (W) = (50.05 — 22.80) = 27.25 N 


Volume of core-cutter (V) = (7/4) x 9? x 18 cm? = 1145.11 cm? 
27.25 
Wet unit weight of soil (y) = W/V = T1461 N/cm? = 23.34 kN/m? 
Weight of oven-dry sample =0.5112N 
Weight of moisture = (0.5405 — 0.5112) = 0.0293 N 
_ 0.0293 





Moisture content, w x 100% = 5.73% 


~ 0.5112 
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; = y _ 28.34 R 
Dry unit weight, y, = +w) (140.0573) kN/m 
= 22.075 kN/më 
Grain specific gravity, G = 2.72 
G. Yw 2.72 x 9.81 
Ya = (ite) 22.075 = “Ao 
whence, the void-ratio, e = 0.21 
0.0573 x 2.72 
Degree of saturation, S = wG/e =— 651 7 74.2%. 


Example 3.10: A soil sample consists of particles ranging in size from 0.6 mm to 0.02 mm. The 
average specific gravity of the particles is 2.66. Determine the time of settlement of the coars- 
est and finest of these particles through a depth of 1 metre. Assume the viscosity of water as 
0.001 N-sec/m? and the unit weight as 9.8 kN/m. 


By Stokes’ law (Eq. 3.19), 
v = (1/180). (y,,/u,,) (G - 1)D? 
where v = terminal velocity in cm/sec, 
Y„ = unit weight of water in kN/m?, 
LL, = viscosity of water in N-sec/m?, 
G = grain specific gravity, and 


D = size of particle in mm. 


1 9.80 
v= 180 x 0.001 (2.66 — 1)D? = 90D? 
For the coarsest particle, D = 0.6 mm 
v = 90 x (0.6)? cm/sec. = 32.4 cm/sec. 
t =h/v = 100.0/32.4 sec. = 3.086 sec. 
For the finest particle, D = 0.02 mm. 


v = 90(0.02)? cm/sec. = 0.036 cm/sec. 
‘cic 100.000 
0.036 


This time of settlement of the coarsest and finest particles through one metre are nearly 
4 sec. and 46 min. 18 sec. respectively. 


sec. = 2777.78 sec. = 46 min. 17.78 sec. 


Example 3.11: In a pipette analysis, 0.5 N of dry soil (fine fraction) of specific gravity 2.72 were 
mixed in water to form half a litre of uniform suspension. A pipette of 10 ml capacity was used 
to obtain a sample from a depth of 10 cm after 10 minutes from the start of sedimenation. The 
weight of solids in the pipette sample was 0.0032 N. Assuming the unit weight of water and 
viscosity of water at the temperature of the test as 9.8 kN/m? and 0.001 N-sec/m? respectively, 
determine the largest size of the particles remaining at the sampling depth and percentage of 
particles finer than this size in the fine soil fraction taken. If the percentage of fine fraction in 
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the original soil was 50, what is the percentage of particles finer computed above in the entire 
soil sample? 


By Eqs. 3.21 and 3.22, 


D=K,JHit 


| 3H 
where K= iG=D 
3 x 0.001 min 
K = _|———— = 0.0133 
\9.8x (2.721 S or 


D = 0.0133 2 mm = 0.0133 mm 





This is the largest size remaining at the sampling depth. 
By Eq. 3.26, 


N- |12 a 100 
E= Ww, JUV, | * 


Here Wy = 0.0032 N; W, = 0.5 N; V = 500 ml; V, =10ml. 
0.0032 500 


= x — = 
f= 050 10 x 100 = 32% 


Thus, the percentage of particles finer than 0.0133 mm is 32. 

By Eq. 3.28, N=N<W,/W) 

Here W,/W is given as 0.50. 

2; N = 32 x 0.50 = 16 

Hence, this percentage is 16, based on the entire sample of soil. 
Example 3.12: In a hydrometer analysis, the corrected hydrometer reading in a 1000 ml 
uniform soil suspension at the start of sedimentation was 28. After a lapse of 30 minutes, the 
corrected hydrometer reading was 12 and the corresponding effective depth 10.5 cm. The spe- 
cific gravity of the solids was 2.70. Assuming the viscosity and unit weight of water at the 
temperature of the test as 0.001 N-s/m? and 9.8 kN/m? respectively, determine the weight of 
solids mixed in the suspension, the effective diameter corresponding to the 30-min. reading 
and the percentage of particles finer than this size. 








The corrected hydrometer reading initially, R}, = 28 
y; = 0.01028 N/cm? 

But, by Eq. 3.29, 
Y; = Y, + [G — 1)/G] W/V 





Substituting, 
(2.7-1) W 
= 0.01 + x —— 
UOLO 2.7 1000 
.028 x 2. 
whence W = DOZE L N = 0.445 N 


L7 


INDEX PROPERTIES AND CLASSIFICATION TESTS 81 





<. The weight of solid mixed in the suspension = 0.445 N. 
By Eqs. 3.21 and 3.22, 


D=KJH/t 


3 bw 








3 x 0.001 min 
oe ee ey) 
K = \98x@7-D D 


D = 0.01342 = mm = 0.00794 mm = 0.008 mm 


.. The effective diameter corresponding to the 30-min, reading = 0.008 mm 





By Eq. 3.34, 
G.y, V Ra 
N=(@-) W 10 
2.7 1000 12 
= —x0.01x ——x— = 
17 0.445 10 zee 


<. The percentage of particles finer than 0.008 mm is 43. 
Example 3.13: The liquid limit of a clay soil is 56% and its plasticity index is 15%. (a) In what 
state of consistency is this material at a water content of 45% ? (b) What is the plastic limit of 
the soil ? (ce) The void ratio of this soil at the minimum volume reached on shrinkage, is 0.88. 
What is the shrinkage limit, if its grain specific gravity is 2.71 ? 


Liquid limit, W, = 56% 

Plasticity index, I, = 15% 
[,=W,-W,» by Eq. 3.37. 
15 = 56 —w, 


Whence the plastic limit, w, = (56 - 15) = 41% 
.. At a water content of 45%, the soil is in the plastic state of consistency. 


Void ratio at minimum volume, e=0.88 
Grain specific gravity, G = 2.71 
Since at shrinkage limit, the volume is minimum and the soil is still saturated, 
e=wG 
or w, = e/G = 0.88/2.71 = 32.5% 


Shrinkage limit of the soil = 32.5%. 


Example 3.14: A soil has a plastic limit of 25% and a plasticity index of 30. If the natural 
water content of the soil is 34%, what is the liquidity index and what is the consistency index ? 
How do you describe the consistency ? 


Plastic limit, w,= 25% 
Plasticity index, I,=30 
By Eq. 3.37, [,=W,-W, 
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Liquid limit, w, = L + w, =30 + 25 = 55%. 
By Eq. 3.40, 
ee eee (w — Wp) 
Liquidity index, I, = TT 
P 
where w is the natural moisture content. 
34-25 
Liquidity index, I= 25 = 0.30 
By Eq. 3.39, 
(wz, — w) 
Consistency index, L= 7 
P 
55-34 
Consistency index, I,= a“ = 0.70 


The consistency of the soil may be described as ‘medium soft’ or ‘medium stiff. 
Example 3.15: A fine grained soil is found to have a liquid limit of 90% and a plasticity index 
of 50. The natural water content is 28%. Determine the liquidity index and indicate the prob- 
able consistency of the natural soil. 


Liquid limit, Ww, = 90% 

Plasticity index, I, = 50 

By Eq. 3.37, [,=W,-W, 

<. Plastic limit, W, = Wy - L, = 90 — 50 = 40% 


The natural water content, w = 28% 
Liquidity index, I,, by Eq. 3.40, is given by 
W-W, 28-40 12 


I, 50 50 


Since the liquidity index is negative, the soil is in the semi-solid state of consistency and 
is stiff; this fact can be inferred directly from the observation that the natural moisture con- 
tent is less than the plastic limit of the soil. 

Example 3.16: A clay sample has void ratio of 0.50 in the dry condition. The grain specific 
gravity has been determined as 2.72. What will be the shrinkage limit of this clay ? 








I, = = — 0.24 (negative) 


The void ratio in the dry condition also will be the void ratio of the soil even at the 
shrinkage limit: but the soil has to be saturated at this limit. 

For a saturated soil, 

e=wG 
or w =e/G 
w, =e/G = 0.50/2.72 = 18.4%, 

Hence the shrinkage limit for this soil is 18.4%. 
Example 3.17: The following are the data obtained in a shrinkage limit test: 

Initial weight of saturated soil = 0.956 N 

Initial volume of the saturated soil = 68.5 cm? 
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Final dry volume = 24.1 cm? 
Final dry weight = 0.435 N 
Determine the shrinkage limit, the specific gravity of grains, the initial and final dry 


unit weight, bulk unit weight, and void ratio. (S.V.U.—B.Tech. (Part-time)—Sept. 1982) 

From the data, 

0.956 — 0.435 
Initial water content, w; = 095670430 x 100 = 119.77% 
By Eq. 3.48, the shrinkage limit is given by 

PE (V; — Va) i 

Ww, = i Ww, -Yw | x 100 
= [11977 eae ee x 001| x 100 = 17.70% 
0.435 


0.435 
Final dry unit weight = ET N/cm? = 17.71 kN/m? 


6 
Initial bulk unit weight = N/cm? = 13.70 kN/m? 











68.5 
By Eq. 3.53, 
. . ; 1 1 
Grain specific gravity = E “7981 1770) = 2.65 
[te - 7s) fall 100 
ital dey E E EL 1370 __ _ 6.23 kN/m’ 





(+w;) (1+ 11977) 
Initial void ratio = w,G = 1.1977 x 2.65 = 3.17 
Final void ratio = w,G = 0.1770 x 2.65 = 0.47. 


Example 3.18: The Atterberg limits of a clay soil are: Liquid limit = 75%; Plastic limit = 45%; 
and Shrinkage limit = 25%. If a sample of this soil has a volume of 30 cm? at the liquid limit 
and a volume 16.6 cm? at the shrinkage limit, determine the specific gravity of solids, shrink- 
age ratio, and volumetric shrinkage. 


The phase diagrams at liquid limit, shrinkage limit, and in the dry state are shown in 
Fig. 3.23: 


















Vit 
Vin 
Vs 


Solids W, = Wg Solids 




















(a) At liquid limit (b) At shrinkage limit (c) Dry state 


Fig. 3.23 Phase diagrams of the clay soil (Example 3.18) 
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Difference in the volume of water at LL and SL = (30 — 16.6) em’ = 13.4 cm? 
Corresponding difference in weight of water = 0.134 N 
But this is (0.75 — 0.25) W,, or 0.50 W} from Fig. 3.23. 
; 0.50 W, = 0.134 
W; = 0.268 N 
Weight of water at SL = 0.25 W} = 0.25 x 0.268 = 0.067 N 
Volume of water at SL = 6.7 cm 

Volume of solids, V = Total volume at SL — volume of water at SL. 

= (16.6 — 6.7) cm? = 9.9 cm’. 
Weight of solids, W; = 0.268 N 

0.268 


y, = arte N/cm? = 0.027 N/cm? = 27 kN/m? 


.. Specific gravity of solids = - eat = 2.71 


Shrinkage ratio, = —^= —— = 161 


Volumetric shrinkage, V = R(w;-w,) = R(w,- w,), here 
= 1.61 (75 — 25) = 80.5%. 


Example 3.19: The mass specific gravity of a saturated specimen of clay is 1.84 when the 
water content is 38%. On oven drying the mass specific gravity falls to 1.70. Determine the 
specific gravity of solids and shrinkage limit of the clay. 


For a saturated soil, 
e=w.G 
a 0.38 G 
Mass specific gravity in the saturated condition 
Ysat _ (G +e) (G+0.38 G) 
=“ yu (+e) (1+038G) 


e 





138 G 
1.84 = ———_ 
1+ 0.38 G 
whence G =2.71 


Specific gravity of the solids = 2.71 
By Eq. 3.50, the shrinkage limit is given by 


Yw 1 
_|—-— |x100 
TE z) 


where y,=dry unit weight in dry state. 


But, 


Yı = (mass specific gravity in the dry state) y, 
=1.70 y, 
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Y 1 1 1 ) 
2 -— |100 =| — - — |100 
v= z) (a0 2.71 
= 21.9% 


<. Shrinkage limit of the clay = 21.9%. 


Example 3.20: A saturated soil sample has a volume of 23 cm? at liquid limit. The shrinkage 
limit and liquid limit are 18% and 45%, respectively. The specific gravity of solids is 2.73. 
Determine the minimum volume which can be attained by the soil. 








The minimum volume which can be attained by the soil occurs at the shrinkage limit. 
The phase diagrams of the soil at shrinkage limit and at liquid limit are shown in Fig. 3.24: 











(a) At liquid limit (b) At shrinkage limit 
Fig. 3.24 Phase diagrams (Example 3.20) 
At liquid limit, 
Volume of water = 45 W, cm’, if W, is the weight of solids in N. 


_ W, 1000 
9.81x10 9.81 


S 


Volume of solids = Gy, 





W, cm? 


1 
Total volume = 2000 W, + 45 W, = 23 





9.81 
whence W, = 0.2818 N 
At shrinkage limit, 
the volume, V „= V, + 0.18 W, 
0.2818 
= + 18 x 0.2818 3 
= to 


= 15.4 cm®. 


Example 3.21: An oven-dry soil sample of volume 225 cm? weighs 3.90 N. If the grain specific 
gravity is 2.72, determine the void-ratio and shrinkage limit. What will be the water content 
which will fully saturate the sample and also cause an increase in volume equal to 8% of the 
original dry volume ? 
. F 3.9 3 3 
Dry unit weight of the oven-dry sample = 225 N/cm’? = 17.33 kN/m 
_G.Yw 


But Yq = (14) 
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1733 = 2.72 x 10 
(1+e) 
e = 0.57 
S Void-ratio = 0.57 
Shrinkage limit, w, =e/G = 0.57/2.72 = 21% 


The conditions at shrinkage limit and final wet state are shown in Fig. 3.25: 





J] 4 
“| 0.21 Wy 





r T 
Solids 


(a) At shrinkage limit (b) Final wet state 

















Fig. 3.25 Phase-diagrams of soil (Example 3.21) 


~ G ~ 0.0272 
Volume in the final wet state, V = (225 + 0.08 x 225) = 243 cm? 
Volume of water in the final wet state, V „ = (243 — 143.38) cm? = 99.62 cm? 
Weight of water in the final wet state = 0.9962 N 


0.9962 ə 

390 7 5.5%. 
Example 3.22: The plastic limit and liquid limit of a soil are 33% and 45% respectively. The 
percentage volume change from the liquid limit to the dry state is 36% of the dry volume. 
Similarly, the percentage volume change from the plastic limit to the dry state is 24% of the 
dry volume. Determine the shrinkage limit and shrinkage ratio. 


Water content in the final wet state = 





The data are incorporated in Fig. 3.26 for making things clear: 
Say, V, is the dry volume. 





PB = 0.24 V} 
LC = 0.36 V} 
LD = 0.12 V} 
PD = 12% 
From the triangles LPD and LSC, which are similar, 
PD/SC = LD/LC 
12 0.12 V, 
sc 036V, ae 
SC = 36% 


Shrinkage limit, w, = Wz — (SC) = (45 — 36) = 9% 
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=v 
Shrinkage ratio = as 100/w, —w,) 
(Va) 
-V 
= (yn) 100/(45 — 9) = 36%/36% = 1.00. 
d 


Volume 








Wp(33%) wy (45%) 


S 
Water content 


Fig. 3.26 Water content vs volume of soil (Example 3.22) 


Example 3.23: The liquid limit and plastic limit of a clay are 100% and 25%, respectively. 
From a hydrometer analysis it has been found that the clay soil consists of 50% of particles 
smaller than 0.002 mm. Indicate the activity classification of this clay and the probable type of 
clay mineral. 


Liquid limit, w, = 100% 
Plastic limit, w, = 25% 
Plasticity Index, I,=(w,-w,) 


= (100 — 25)% = 75% 
Percentage of clay-size particles = 50 


I 
Activity, A= ...(Eq. 3.62) 
C 


where c is the percentage of clay-size particles. 
> A = 75/50 = 1.50 
Since the activity is greater than 1.25, the clay may be classified as being active. 
The probable clay mineral is montmorillonite. 


Example 3.24: A clay soil sample has been obtained and tested in its undisturbed condition. 
The unconfined compression strength has been obtained as 200 kN/m?. It is later remoulded 
and again tested for its unconfined compression strength, which has been obtained as 
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40 kN/m?. Classify the soil with regard to its sensitivity and indicate the possible structure of 
the soil. 


Unconfined compression strength in the undisturbed state, q,,,, = 200 kN/m? 
Unconfined compression strength in the remoulded state, q, = 40 kN/m? 


Sensitiviy, = 4u =~ —_=5§ 


Since the sensitivity falls between 4 and 8, the soil may be soil to be “sensitive” . The 
possible structure of the soil may be ‘honeycombed’ or ‘flocculent’. 


SUMMARY OF MAIN POINTS 


1. Certain physical properties such as colour, structure, texture, particle shape, grain specific grav- 
ity, water content, in-situ unit weight, density index, particle size distribution, consistency lim- 
its and related indices are termed index properties, some of which are useful as classification 
tests. 

2. Grain specific gravity or the specific gravity of soil solids is useful in the determination of many 
other quantitative characteristics of soil and is, as such, considered basic to the study of 
geotechnical engineering. Water content assumes importance because the presence of water can 
significantly alter the engineering behaviour of soil. 

3. Density index, which indicates the relative compactness, is an important characteristic of a 
coarse grained soil; it has bearing on its engineering behaviour. 

4, Grain size analysis is a useful index for textural classification; it consists of sieve analysis appli- 
cable to coarse fraction and wet analysis applicable to fine fraction. Stokes’ law is the basis for 
wet analysis. Effective size and uniformity coefficient indicate the average grain-size and degree 
of gradation. 

5. Consistency limits or Atterberg limits provide the main basis for the classification of cohesive 
soils; plasticity index indicating the range of water content over which the soil exhibits plastic- 
ity, is the most important index. 

6. Activity, sensitivity and thixotropy are properties which are typical of cohesive soils. 
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QUESTIONS AND PROBLEMS 


3.1 


3.2 


3.3 


3.4 


3.5 
3.6 


3.7 
3.8 


3.9 


Distinguish Between: 
(i) Silt size and clay size 
(ii) Degree of sensitivity and degree of saturation. (S.V.U.—B.Tech., (Part-time)—May, 1983) 


Sketch typical complete grain-size distribution curves for (i) well graded soil and (ii) uniform 
silty sand. Form the curves, determine the uniformity coefficient and effective size in each case. 
What qualitative inferences can you draw regarding the engineering properties of each soil ? 


(S.V.U.—B.Tech., (Part-Time)—May, 1983) 
Define the following: 
(i) flow index, (ii) Toughness index, (iii) Liquidity index, (iv) Shrinkage index, (v) Plasticity index, 
(vi) Uniformity coefficient (vii) Relative density (Density index), (viii) Sensitivity, (ix) Activity. 

(S.V.U.—B.Tech., (Part-time)—Sep., 1982) 
Write short notes on the “Methods of determination of Atterberg limits”. 

(S.V.U.—B.Tech., (Part-Time)—Apr., 1982) 
Write a short note on ‘Relative density’. (S.V.U.—B.Tech., (Part-Time)—June, 1982) 
Define and explain the following: 
(i) Uniformity coefficient, (ii) Relative density, (iii) Stokes’ law, (iv) Flow index. 

(S.V.U.—B.Tech., (Part-Time)—Apr., 1982) 
Write short note on ‘consistency of clayey soils’. (S.V.U.—B.E., (R.R.)—June, 1972) 
Define and explain: Liquid limit; Plastic limit; shrinkage limit; and Plasticity index. 
Briefly describe the procedure to determine the Liquid Limit of a soil. 

(S.V.U.—B.E., (R.R.)—Dec., 1977) 

Distinguish between: 
(i) Liquid limit and liquidity index, 
(ii) Density and relative density. (S.V.U.—B.E.,(R.R.)—Sept., 1967) 
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3.10 


3.11 


3.12 


3.13 


3.14 


3.15 


3.16 


3.17 


3.18 


3.19 


An oven-dried soil weighing 1.89 N is placed in a pyknometer which is then filled with water. 
The total weight of the pyknometer with water and soil is 15.81 N. The pyknometer filled with 
water alone weighs 14.62 N. What is the specific gravity of the soil, if the pyknometer is cali- 
brated at the temperature of the test ? 

In a specific gravity test, 1.17 N of oven-dired soil was taken. The weight of pyknometer, soil and 
water was obtained as 6.51 N. The weight of pyknometer full of water alone was 5.80 N. What is 
the value of the specific gravity of solids at the temperature of the test ? If, while determining the 
weight of pyknometer, soil, and water, 2 cm? of air got entrapped, what is the correct value of the 
specific gravity and what is the percentage of error ? 

In order to determine the water content of a wet sand, a sample weighing 4 N was put in a 
pyknometer. Water was then poured to fill it and the weight of the pyknometer and its contents 
was found to be 22.5 N. The weight of pyknometer with water alone was 20.3 N. The grain 
specific gravity of the sand was known to be 2.67. Determine the water content of the sand 
sample. 

An undisturbed sample of sand has a dry weight of 18.9 N and a volume of 1143 cm3. The solids 
have a specific gravity of 2.72. Laboratory tests indicate void ratios of 0.40 and 0.90 at the maxi- 
mum and minimum unit weights, respectively. Determine the density index of the sand sample. 
A sand at a borrow pit is determined to have an in-situ dry unit weight of 18.4 kN/m?. Laboratory 
tests indicate the maximum and minimum unit weight values of 19.6 kN/m? and 16.32 kN/m?, 
respectively. What is the density index of the natural soil ? 

The following observations were recorded in a Field density determination by sand-replacement 
method: 

Volume of Calibrating can = 1000 cm? 

Weight of empty can = 10 N 

Weight of can + sand = 26.6 N 

Weight of sand required to fill the excavated hole = 8.28 N 

Weight of excavated soil = 9.90 N 

In-situ water content = 10% 

Determine the in-situ dry unit weight and the in-situ dry unit weight. 

A core-cutter 12.6 cm in height and 10.2 cm in diameter weighs 10.71 N when empty. It is used 
to determine the in-situ unit weight of an embankment. The weight of core-cutter full of soil is 
29.7 N. If the water content is 6%, what are in-situ dry unit weight and porosity ? If the embank- 
ment gets fully saturated due to heavy rains, what will be the increase in water content and bulk 
unit weight, if no volume change occurs ? The specific gravity of the soil solids is 2.69. 

Using Stokes’ law, determine the time of settlement of a sand particle of 0.2 mm size (specific 
gravity 2.67) through a depth of water of 30 cm. The viscosity of water is 0.001 N-sec/m? and unit 
weight is 9.80 kN/m?. 

In a pipette analysis, 0.5 N of dry soil of the fine fraction was mixed in water to form one litre of 
uniform suspension. A pipette of 10 ml capacity was used to obtain a sample from a depth of 10 
cm, 40 min. from the start of sedimentation. The weight of solids in the pipette sample was 0.002 
N. Determine the co-ordinates of the corresponding point on the grain-size distribution curve. 
Assume the grain-specific gravity as 2.70, the viscosity of water as 0.001 N-sec/m?, and the unit 
weight of water as 9.8 kN/m. 

A litre of suspension containing 0.5 N of soil with a specific gravity of 2.70 is prepared for a 
hydrometer test. When no temperature correction is considered necessary, what should be the 
hydrometer reading if the hydrometer could be immersed and read at the instant sedimentation 
begins ? 


INDEX PROPERTIES AND CLASSIFICATION TESTS 91 





3.20 


3.21 


3.22 


3.23 


3.24 


3.25 


3.26 


3.27 


In a hydrometer analysis, 0.5 N of soil was mixed in water to form one litre of uniform suspen- 
sion. The corrected hydrometer reading after a lapse of 60 min. from the start of sedimentation 
was 1.010, and the corresponding effective depth was 10.8 cm. The grain specific gravity was 
2.72. Assuming the viscosity of water as 0.001 N-sec/m? and the unit weight of water as 
9.8 kN/m?, determine the co-ordinates of the corresponding point on the grain-size distribution 
curve. 
The liquid limit and plastic limit of a soil are 75% and 33% respectively. What is the plasticity 
index ? The void ratio of the soil on oven-drying was found to be 0.63. What is the shrinkage 
limit ? Assume grain specific gravity as 2.7. 
A piece of clay taken from a sampling tube has a wet weight of 1.553 N and volume of 95.3 cm. 
After drying in an oven for 24 hours at 105°C, its weight is 1.087 N. The liquid and plastic limits 
of the clay are respectively 56.3% and 22.5%. Determine the liquidity index and void ratio of the 
sample. Assume the specific gravity of soil particles as 2.75. (S.V.U—B.E., (R.R.)—Nov., 1973) 
A completely saturated sample of clay has a volume of 31.25 cm’ and a weight of 0.5866 N. The 
same sample after drying has a volume of 23.92 cm? and a weight of 0.4281 N. Compute the 
porosity of the initial soil sample, specific gravity of the soil grains and shrinkage limit of the 
sample. (S.V.U.—Four-year B.Tech.—June, 1982) 
In a shrinkage limit test, the following data were obtained: 
Initial weight of the saturated soil = 1.928 N 
Initial volume of saturated soil = 106.0 cm? 
Weight after complete drying = 1.462 N 
Volume after complete drying = 77.4 cm® 
Determine the shrinkage limit, the specific gravity of soil grains, initial void ratio, bulk unit 
weight, and dry unit weight and final void ratio and unit weight. 

(S.V.U.—B.Tech., (Part-Time)—April, 1982) 
The Atterberg limits of a clay soil are: Liquid limit = 63%, Plastic limit = 40%, and shrinkage 
limit = 27%. If a sample of this soil has a volume of 10 cm? at the liquid limit and a volume of 6.4 
cm? at the shrinkage limit, determine the specific gravity of solids, shrinkage ratio, and volumet- 
ric shrinkage. 
A 100 cm?-clay sample has a natural water content of 30%. Its shrinkage limit is 18%. If the 
specific gravity of solids is 2.72, what will be the volume of the sample at a water content of 
15% ? 
The oven-dry weight of a pat of clay is 1.17 N and the weight of mercury displaced by it is 0.855 
N. Assuming the specific gravity of solids as 2.71, determine the shrinkage limit and shrinkage 
ratio. What will be the water content, at which the volume increase is 10% of the dry volume ? 


Chapter 4 


IDENTIFICATION AND 
CLASSIFICATION OF SOILS 


4.1 INTRODUCTION 


It has already been stated that certain terms such as ‘Gravel’, ‘Sand’, ‘Silt? and ‘Clay’ are used 
to designate a soil and are based on the average grain-size or particle-size. Most natural soils 
are mixtures of two or more of these types, with or without organic matter. The minor compo- 
nent of a soil mixture is prefixed as an adjective to the major one—for example, ‘silty sand’, 
‘sandy clay’, etc. A soil consisting of approximately equal percentages of sand, silt, and clay is 
referred to as ‘Loam’. The differentiation between ‘coarse-grained soils’ and ‘fine-grained soils’ 
has already been brought out in Chapters 1 and 3. 

In this chapter, certain procedures for field identification of the nature of a soil, as well 
as certain generalised procedures for classification of a soil with the help of one of the systems 
to be dealt with, will be studied in some detail. 


4.2 FIELD IDENTIFICATION OF SOILS 


Basically, coarse-grained and fine-grained soils are distinguished based on whether the indi- 
vidual soil grains can be seen with naked eye or not. Thus, grain-size itself may be adequate to 
distinguish between gravel and sand : but silt and clay cannot be distinguished by this tech- 
nique. 

Field identification of soils becomes easier if one understands how to distinguish gravel 
from sand, sand from silt, and silt from clay. The procedures are given briefly hereunder : 


Gravel from Sand 

Individual soil particles larger than 4.75 mm and smaller than 80 mm are called ‘Gravel’ ; soil 
particles ranging in size from 4.75 mm down to 0.075 mm are called ‘Sand’, (Refer IS : 1498- 
1970 “Classification and Identification of Soils for General Engineering Purposes”—First Re- 
vision). These limits, although arbitrary in nature, have been accepted widely. The shape of 
these particles is also important and may be described as angular, sub-angular, rounded, etc., 
as given in Sec. 3.3. Field identification of sand and gravel should also include identification of 
mineralogical composition, if possible. 
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Sand from Silt 


Fine sand cannot be easily distinguished from silt by simple visual examination. Silt may look 
a little darker in colour. However, it is possible to differentiate between the two by the ‘Disper- 
sion Text’. This test consists of pouring a spoonful of sample in a jar of water. If the material is 
sand, it will settle down in a minute or two, but, ifit is silt, it may take 15 minutes to one hour. 
In both these cases, nothing may be left in the suspension ultimately. 


Silt from Clay 
Microscopic examination of the particles is possible only in the laboratory. In the absence of 
one, a few simple tests are performed. 

(i) Shaking Test. A part of the material is shaken after placing it in the palm. If it is 
silt, water comes to the surface and gives it a shining apearance. If it is kneaded, the moisture 
will re-enter the soil and the shine disappears. 

If it is clay, the water cannot move easily and hence it continues to look dark. If itis a 
mixture of silt and clay, the relative speed with which the shine appears may give a rough 
indication of the amount of silt present. This test is also known as ‘dilatancy test’. 

(ii) Strength Test. A small briquette of material is prepared and dried. Then one has to 
try to break if. It it can be broken easily, the material is silt. If it is clay, it will require effort to 
break. Also, one can dust off loose material from the surface of the briquette, ifit is silt. When 
moist soil is pressed between fingers, clay gives a soapy touch ; it also sticks, dries slowly, and 
cannot be dusted off easily. 

(iii) Rolling Test. A thread is attempted to be made out of a moist soil sample with a 
diameter of about 3 mm. If the material is silt, it is not possible to make such a thread without 
disintegration and crumbling. Ifit is clay, such a thread can be made even to a length of about 
30 cm and supported by its own weight when held at the ends. This is also called the “‘Tough- 
ness test’. 


(iv) Dispersion Test. A spoonful of soil is poured in a jar of water. If it is silt, the particles 
will settle in about 15 minutes to one hour. If it is clay, it will form a suspension which will 
remain as such for hours, and even for days, provided flocculation does not take place. 


A few other miscellaneous identification tests are as follows : 


Organic Content and Colour 

Fresh, wet organic soils usually have a distinctive odour of decomposed organic matter, which 
can be easily detected on heating. Another distinctive feature of such soils is the dark colour. 
Acid Test 


This test, using dilute hydrochloric acid, is primarily for checking the presence of calcium 
carbonate. For soils with a high value of dry strength, a strong reaction may indicate the 
presence of calcium carbonate as cementing material rather than colloidal clay. 


Shine Test 

When a lump of dry or slightly moist soil is cut with a knife, a shiny surface is imparted to the 

soil ifit is a highly plastic clay, while a dull surface may indicate silt or a clay of low plasticity. 
Considerable experience is required for field identification of soils. A knowledge of the 

geology of the area will be invaluable in this process. 


94 GEOTECHNICAL ENGINEERING 





The identification procedures given above may have bearing on preliminary classifica- 
tion of the soil, dealt with in later sections. 


4.3 SOIL CLASSIFICATION—THE NEED 


Natural soil deposits are never homogeneous in character; wide variations in properties and 
behaviour are commonly observed. Deposits that exhibit similar average properties, in gen- 
eral, may be grouped together, as a class. Classification of soils is necessary since through it an 
approximate, but fairly accurate, idea of the average properties of a soil group or a soil type is 
obtainable, which is of great convenience in any routine type of soil engineering project. From 
engineering point of view, classification may be made based on the suitability of a soil for use 
as a foundation material or as a construction material. 

There is, however, some difference of opinion among soil engineers as to the importance 
of soil classification and the broad generalisation of the properties of various groups. This is 
largely because of different points of view and emanates primarily from the difficulty in form- 
ing soil groups in view of very wide variations in engineering properties which are too large in 
number. Thus, it is inevitable that in any classification there will be border cases which may 
fall into two or more groups. Similarly, the same soil may be placed into groups that appear 
radically different under different systems of classification. 

In view of this, classification is to be taken merely as a preliminary guide to the engi- 
neering behaviour of the soil, which cannot be fully or solely predicted from the classification 
alone; certain important soil engineering tests should necessarily be conducted in connection 
with the use of soil in any important project, since different properties govern the soil behav- 
iour in different situations. The understanding of the engineering behaviour of a soil should be 
the more important issue. 


4.4 ENGINEERING SOIL CLASSIFICATION—DESIRABLE FEATURES 


The general requirements of an ideal and effective system of soil classification are as follows : 

(a) The system should have scientific approach. 

(b) It should be simple and subjective element in rating the soil should be eliminated as 
far as possible. 

(c) A limited number of different groupings should be used, which should be on the basis 
of only a few similar properties, 

(d) The properties considered should have meaning for the engineering profession. 

(e) It should have fair accuracy in indicating the probable performance of a soil under 
certain field conditions. 

(f) It should be based on a generally accepted uniform soil terminology so that the clas- 
sification is done in commonly well-undestood and well-conversant terms. 

(g) It should be such as to permit classification of a soil by simple visual and manual 
tests, or at least only by a few simple tests. 

(h) The soil group boundaries should be drawn as closely as possible where significant 
changes in soil properties are known to occur. 
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(i) It should be acceptable to all engineers. 


These are rather very ambitious requirements for a soil classification system and can- 
not be expected to be met cent per cent by any system, primarily because soil is a complex 
material in nature and does not lend itself to a simple classification. Therefore, an engineering 
soil classification system is probably satisfactory only for the specific kind of geotechnical en- 
gineering project for which it is hopefully developed. 


4.5 CLASSIFICATION SYSTEMS—MORE COMMON ONES 


A number of systems of classification of soils have been evolved for engineering purposes. 
Certain of these have been developed specifically in connection with ascertaining the suitabil- 
ity of soil for use in particular soil engineering projects. Some are rather preliminary in char- 
acter while a few are relatively more exhausitve, although some degree of arbitrariness is 
necessarily inherent in each of the systems. 

The more common classification systems, some of which will be dealt with in greater 
detail in later sections, are enumerated below : 


1. Preliminary Classification by Soil types or Descriptive Classification. 
2. Geological Classification or Classification by Origin. 

3. Classification by Structure. 

4. Grain-size Classification or Textural Classification. 

5. Unified Soil Classification System. 

6. Indian Standard Soil Classification System. 


4.5.1 Preliminary Classification by Soil Types or Descriptive Classification 


Familiarity with common soil types is necessary for an understanding of the fundamentals of 
soil behaviour. In this approach, soils are described by designations such as ‘Boulders’, ‘Gravel’, 
‘Sand’, ‘Silt’, ‘Clay’, ‘Rockflour’, ‘Peat’, ‘China Clay’, ‘Fill’, ‘Bentonite’, ‘Black Cotton Soils’, ‘Boulder 
Clay’, ‘Caliche’, ‘Hardpan’, ‘Laterite’, ‘Loam’, ‘Loess’, ‘Marl’, ‘Moorum’, ‘Topsoil’, and ‘Varved 
Clay’. All of these except the first nine have already been described in Chapter 1. 

Boulders, gravel and sand belong to the category of coarse-grained soils, distinguished 
primarily, by the particle-size; these do not exhibit the property of cohesion, and so may be 
said to be ‘cohesionless’ or ‘non-cohesive’ soils. The sizes are in the decreasing order. 

‘Silt’ refers to a soil with particle-sizes finer than sand. If it is inorganic in nature, it is 
called ‘Rock flour’ and it is non-plastic, generally. It may exhibit slight plasticity when wet and 
slight compressibility if the particle shape is plate-like. Organic silts contain certain amounts 
of fine decomposed organic matter, are dark in colour, have peculiar odour, and exhibit some 
degree of plasticity and compressibility. 

‘Clay’ cosists of soil particles smaller than 0.002 mm in size and exhibit plasticity and 
cohesion over a fairly large range of moisture contents. They may be called ‘lean clays’ or ‘fat 
clays’ depending on the degree of plasticity. These are basically secondary products of 
weathering, produced by prolonged action of water on silicate minerals; three of the major clay 
minerals are ‘Kaolinite’, ‘Illite’ and ‘Montmorillonite’, Organic variety of clay, called ‘Peat’, 
containing partially carbonised organic matter, is recognised by its dark colour, odour of decay, 
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fibrous, nature, very low specific gravity (0.5 to 0.8), and very high compressibility and ranks 
lowest as a foundation material. 


‘China clay’, also called ‘Kaolin’ is a pure white clay, used in the ceramic industry. 


All man-made deposits ranging from rock dumps to sand and gravel fills are termed 
‘Fill’; thus, fills may consist of every imaginable material. 


4.5.2 Geological Classification or Classification by Origin 
Soils may be classified on the basis of their geological origin. The origin of a soil may refer 
either to its constituents or to the agencies responsible for its present state. 

Based on constituents, soils may be classified as : 

1. Inorganic soils 


Plant life 


2. Organic soils { Animal life 


Based on the agencies responsible for their present state, soils may be classified as : 
1. Residual soils 


2. Transported soils 


(a) Alluvial or sedimentary soils (transported by water) 
(b) Aeolian soils (transported by wind) 
(c) Glacial soils (transported by glaciers) 
(d) Lacustrine soils (deposited in lakes) 

(e) Marine soils (deposited in seas) 


These have been dealt with in Chapter 1. 


Over the geologic cycle, soils are formed by disintegration and weathering of rocks. 
These are again reformed by compaction and cementation by heat and pressure. 


4.5.3 Classification by Structure 
Depending upon the average grain-size and the conditions under which soils are formed and 
deposited in their natural state, they may be categorised on the basis of their structure, as : 
1. Soils of single-grained strcture 
2. Soils of honey-comb structure 
3. Soils of flocculent structure 
These have also been treated in detail in Chapter 1. 


4.5.4 Grain-size or Textural Classifications 


In the grain-size classifications, soils are designated according to the grain-size or particle- 
size. Terms such as gravel, sand, silt and clay are used to indicate certain ranges of grain- 
sizes. Since natural soils are mixtures of all particle-sizes, it is preferable to call these frac- 
tions as ‘Sand size’, ‘Silt size’, etc. A number of grain-size classifications have been evolved, but 
the commonly used ones are : 


1. U.S. Bureau of Soils and Public Roads Administration (PRA) System of U.S.A. 


2. International classification, proposed at the International Soil Congress at Washing- 
ton, D.C., in 1927. 
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3. Massachusetts Institute of Technology (MIT) System of Classification of U.S.A. 
4. Indian Standard Classification (IS : 1498-1970). 
These are shown diagrammatically (Fig. 4.1). 
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Fig. 4.1 Grain-size classifications 


A soil classification system purely based on grain-size is called a ‘Textural classifica- 
tion’. One such is the U.S. Bureau of Soils and P.R.A. Classification depicted by a ‘Triangular 
chart’ (Fig. 4.2), which ignores the fraction coarser than sand: 

Any soil with the three constituents—sand, silt and clay—can be represented by one 
point on the Triangular chart. For example, a soil with 25% sand, 25% silt and 50% clay will be 
represented by the point ‘S’, obtained by the dotted lines, as shown by the arrows. Certain 
zones on the chart are marked to represent certain soils such as sand, silt, clay, sandy clay, 
silty clay, loam, sandy loam, etc. These have been marked rather arbitrarily. (Loam is prima- 
rily an agricultural term). 


Textural or grain-size classifications are inadequate primarily because plasticity 
charateristics—consistency limits and indices—do not find any place in these classifications. 
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Fig. 4.2 Bureau of soils triangular chart for textural classification 


4.5.5 Unified Soil Classification System 
The Unified soil classification system was originally developed by A. Casagrande and adopted 
by the U.S. Corps of Engineers in 1942 as ‘Airfield Classification’. It was later revised for 
universal use and redesignated as the “Unified Soil Classification” in 1957. 
In this system (Table 4.1), soils are classified into three broad categories : 
1. Coarse-grained soils with up to 50% passing No. 200 ASTM Sieve 
(No. 75-u IS Sieve) 
2. Fine-grained soils with more than 50% passing No. 200 ASTM Sieve 
(No. 75-u IS Sieve) 
3. Organic soils 


The first two categories can be distinguished by their plasticity characteristics. The 
third can be easily identified by its colour, odour and fibrous nature. 


Each soil component is assigned a symbol as follows : 
Gravels: G Silt: M (from the Swedish Organic: O 
word ‘Mo’ for silt 
Sand: S Clay: C Peat: Pt 
Coarse-grained soils are further subdivided into well-graded (W) and poorly graded (P) 
varieties, depending upon the Uniformity coefficient, (C) and coefficient of Curvature (C,): 


Well-graded gravel, C,>4 
Well-graded sand, C,>6 
Well-graded soil, C,=1to3 


Note that C, is the same as U defined in Eq. 3.35. 
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Fine-grained soils are subdivided into those with low plasticity (L), with liquid limit less 
than 50%, and those with high plasticity (H), with liquid limits more than 50%. Dilatancy, dry 
strength and toughness tests are to be used for filed identification. 

The plasticity chart devised by Casagrande is used for identification of finegrained soils 
(Fig. 4.3). 
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Fig. 4.3 Plasticity chart (unified soil classification) 


4.5.6 Indian Standard Soil Classification System 

IS: 1498-1970 describes the Indian Standard on Classification and Identification of Soils for 
general engineering purposes (first revision). Significant provisions of this system are given 
below : 

Soils shall be broadly divided into three divisions : 

1. Coarse-grained Soils: More than 50% of the total material by weight is larger than 75- 
u IS Sieve size. 

2. Fine-grained Soils: More than 50% of the total material by weight is smaller than 75- 
u IS Sieve size. 

3. Highly Organic Soils and Other Miscellaneous Soil Materials: These soils contain 
large percentages of fibrous organic matter, such as peat, and particles of decomposed vegeta- 
tion. In addition, certain soils containing shells, concretions, cinders and other non-soil mate- 
rials in sufficient quantities are also grouped in this division. 

Coarse-grained soils shall be divided into two sub-divisions : 

(a) Gravels: More than 50% of coarse fraction (+ 75 u) is larger than 4.75 mm IS Sieve 
s1ze. 

(b) Sands: More than 50% of Coarse fraction (+ 75 u) is smaller than 4.75 mm IS Sieve 
s1ze. 
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Fine-grained soils shall be divided into three sub-divisions: 

(a) Silts and clays of low compressibility : Liquid limit less than 35% (L). 

(b) Silts and clays of medium compressibility : Liquid limit greater than 35% and less 
than 50% (I). 

(c) Silts and clays of high compressibility: Liquid limit greater than 50 (H). 

The coarse-grained soils shall be further sub-divided into eight basic soil groups, and 
the fine-grained soils into nine basic soil groups; highly organic soils and other miscellaneous 
soil materials shall be placed in one group. The various subdivisions, groups and group sym- 
bols are set out in Table 4.2. 


Boundary Classification for Coarse-grained Soils 

Coarse-grained soils with 5% to 12% fines are considered as border-line cases between clean 
and dirty gravels or sands as, for example, GW-GC, or SP-SM. Similarly, border-line cases 
might occur in dirty gravels and dirty sands, where Z, is between 4 and 7, as for example, GM- 
GC or SM-SC. It is, therefore, possible to have a border line case of a border line case. The rule 
for correct classification in such cases is to favour the non-plastic classification. For example, a 
gravel with 10% fines, a C, of 20, a C, of 2.0, and I p of 6 would be classified GW—GM rather 
than GW—GC. 


Classification Criteria for Fine-grained Soils 

The plasticity chart (Fig. 4.4) forms the basis for the classification of fine-grained soils, based 
on the laboratory tests. Organic silts and clays are distinguished from inorganic soils which 
have the same position on the plasticity chart, by odour and colour. In case of any doubt, the 
material may be oven-dried, remixed with water and retested for liquid limit. The plasticity of 
fine-grained organic soils is considerably reduced on oven-drying. Oven-drying also affects the 
liquid limit of inorganic soils, but only to a small extent. A reduction in liquid limit after oven- 
drying to a value less than three-fourth of the liquid limit before oven-drying is positive iden- 
tification of organic soils. 
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Boundary Classification for Fine-grained Soils 

The fine-grained soils whose plot on the plasticity chart falls on, or practically on A-line, w, = 
35-lines, w, = 50 and lines shall be assigned the proper boundary classification. Soils which 
plot above the A-line, or practically on it, and which have a plasticity index between 4 and 7 
are classified ML—CL. 


Black Cotton Soils 
These are inorganic clays of medium to high compressibility. These are characterised by high 
shrinkage and swelling properties. When plotted on the plasticity chart, these lie mostly along 
a band above A-line. Some may lie below the A-line also. ‘Kaolin’ behaves as inorganic silt and 
usually lies below A-line; thus, it shall be classified as such (ML, MI, MH), although it is clay 
from the mineralogical standpoint. 

The classification procedures for coarse-grained soils and for fine-grained soils, using 
this system, may be set out in the form of flow diagrams as shown in Figs. 4.5 and 4.6. 


Relative Suitability for General Engineering Purposes 


The characteristics of the various soil groups pertinent to roads and airfields value as subgrade, 
sub-base and base material, compressibility and expansion, drainage characteristics, and 
compaction equipment (in qualitative terms), ranges of unit dry weight. CBR value percent, 
and sub-grade modulus—are also tabulated. 

Characteristics pertinent to embankments and foundations—value as embankment 
material, compaction characteristics, value as foundation material, requirements for seepage 
control (in qualitative terms), ranges of permeability and unit dry weight—are also tabulated. 

Characteristics pertinent to suitability for canal sections—compressibility, workability 
as a construction material and shearing strength when compacted and saturated are also 
given in relative or qualitative terms. 

This information is supposed to serve the purpose of a guideline or an indication of the 
suitability of a soil based on the I.S. Classification System. Important and large projects will 
need detailed investigation of the soil behaviour—first-hand. A comparison between IS Classi- 
fication and Unified Classification shows many points of similarity but only a few points of 
difference, especially in classifying fine-grained soils. 


4.6 ILLUSTRATIVE EXAMPLES 


Example 4.1: Two soils S, and S, are tested in the laboratory for the consistency limits. The 
data available is as follows : 


Soil S, Soil S, 
Plastic limit, w, 18% 20% 
Liquid limit, w, 38% 60% 
Flow index, I f 10 5 
Natural moisture content, w 40% 50% 


(a) Which soil is more plastic ? 
(b) Which soil is better foundation material when remoulded ? 
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(c) Which soil has better strength as a function of water content ? 
(d) Which soil has better strength at the plastic limit ? 
(e) Could organic material be present in these soils ? 


Plot the positions of these soils on the Casagrande’s plasticity chart and try to classify 
them as per IS Classification. 

(a) Plasticity index, I, for soil S} = w; — wp = (38 — 18) = 20 

I for soil S, = w, — wp = (60 — 20) = 40 

Obviously, Soil S, is the more plastic. 

As per Burmister’s classification of the degree of plasticity, S, borders between low-to- 
medium plasticity and S, between medium-to-high plasticity. 

(b) Consistency index, 
(wy —w) _ (88-40) _ 


I fi il S, = 
. for soil S} T 20 





-0.1 


I, for soil S, = ———— = 0.25 


Since the consistency index for soil S, is negative it will become a slurry on remoulding; 
therefore, soil S, is likely to be a better foundation material on remoulding. 
(c) Flow index, I, for soil S, = 10 
I, for soil S, =5 
Since the flow index for soil S,, is smaller than that for S,, soil S, has better strength as 
a function of water content. 
(d) Toughness index, I, for soil S} = I/M,= 20/10 = 2 
I, for soil S, = 40/5 = 8 
Since toughness index is greater for soil S,, it has a better strength at plastic 
limit. (e) Since the plasticity indices are low for both the soils, the probability of the presence of 
organic material is small. 
These conclusions may be mostly confirmed from the following: 
The soils are marked on Casagrande’s plasticity chart as shown in Fig. 4.7. 









































10 20 30 40 50 60 70 80 90 100 
w —> 


Fig. 4.7 Plasticity chart, soils S, and S, plotted (Example 4.1) 
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S and S, are respectively in the zone of CI and CH (inorganic clays of medium and high 
plasticity). 
Example 4.2: A soil sample has a liquid limit of 20% and plastic limit of 12%. The following 
data are also available from sieve analysis: 


Sieve size % passing 
2.032 mm 100 
0.422 mm 85 
0.075 mm 38 


Classify the soil approximately according to Unified Classification or IS Classifiction. 
(S.V.U.—Four year B. Tech.—June, 1982) 


Since more than 50% of the material is larger than 75-u size, the soil is a coarse-grained 
one. 

100% material passes 2.032 mm sieve; the material,passing 0.075 mm sieve is also in- 
cluded in this. Since this latter fraction any way passes this sieve, a 100% of coarse fraction 
also passes this sieve. 


Since more than 50% of coarse fraction is passing this sieve, it is classified as a sand. 
(This will be the same as the per cent passing 4.75 mm sieve). 

Since more than 12% of the material passes the 75-u sieve, it must be SM or SC. 

Now it can be seen that the plasticity index, I x is (20 — 12) = 8, which is greater than 7. 

Also, if the values ofw, and/J, are plotted on the plasticity chart, the point falls above A- 
line. 

Hence the soil is to be classified as SC, as per IS classification. 


Even according to Unified Classification System, this will be classified as SC, which 
may be checked easily. 


SUMMARY OF MAIN POINTS 


1. Certain generalised procedures have been evolved for identification of soils in the laboratory 
and in the field, and for classification of soils. The need for classification arises from the fact that 
natural soil deposits vary widely in their properties and engineering behaviour. 

2. The requirements or desirable features of an engineerging soil classification system are so ambi- 
tious that it is almost impossible to evolve an ideal system satisfying all of these. 

3. Preliminary classification procedures include descriptive and geological classifications, and also 
classification by structure. 

4, Textural classifications are used as part of the more systematic and exhaustive systems such as 
the Unified Soil Classification. 

5. The Indian Standard Soil Classification bears many similarities to the Unified Soil Classifica- 
tion although there are a few points of difference, especially with regard to the classification of 
fine-grained soils. 

6. Grain-size is the primary criterion for the classification of coarse-grained soils, while plasticity 
characteristics, incorporated in the plasticity chart, are the primary criterion for the classifica- 
tion of fine-grained soils. 
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QUESTIONS AND PROBLEMS 


4.1 


4.2 


4.3 


4.4 


4.5 


(a) Four soil samples collected from a borrow area, to form a low earth dam, are classified as 
GW, CL, SC and SM. What is your inference ? 


(b) The following data relate to five soil samples. 
LL (%) ii 25 45 50 60 80 
PL (%) t 15 23 25 35 36 
Plot these on Casagrande’s A-line chart and classify the soils. 
(S.V.U.—B.Tech. (Part-time)—May, 1983) 
The following data refer to a sample of soil: 


Percent passing 4.75 mm IS Sieve = 64 
Percent passing 75-u IS Sieve =6 

Uniformity Coefficient = 7.5 
Coefficient of Curvature = 2.7 
Plasticity index = 2.5 


Classify the soil. 


A certain soil has 99% by weight finer than 1 mm, 80% finer than 0.1 mm, 25% finer than 0.01 
mm, 8% finer than 0.001 mm. Sketch the grain-size distribution curve and determine the per- 
centage of sand, silt and clay fractions as per IS nomenclature. Determine Hazen’s effective size 
and uniformity coefficient. 


(a) Write a brief note on Textural classification. 


(b) Sketch neatly the Casagrande’s plasticity chart indicating various aspects. How would you 
use it in classifying the fine grained soils ? Give a couple of examples. How would you differ- 
entiate between organic and inorganic soils? (S.V.U.—B.Tech., (Part-Time)—Sept., 1982) 


(a) Bring out the salient aspects of Indian Standard Classification System. 
(b) Write a brief note on the Textural classification. 
(c) How would you distinguish if a material is: 
(i) GW or GP or GM or GC 
(ii) SW or SP or SM or SC (S.V.U.—B. Tech., (Part-time)—April, 1982) 
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4.6 


4.7 


4.8 


4.9 


4.10 


4.11 


4.12 


4.13 


4.14 


Describe in detail the Indian System of soil classification. When would you use dual symbols for 
soils ? (S.V.U.—Four year B. Tech.—June, 1982) 


(a) Draw neatly the IS plasticity chart and label the symbol of various soils. 

(b) What are the limitations of any soil classification system ? 

(c) Explain the following tests with their significance. 

(i) Dilatancy, (ii) Thread Test, (iii) Dry Strength Test. 

(S.V.U.—B. Tech., (Part-time)—April, 1982) 

(a) Why is classification of soils required ? 

(6) What are common classification tests ? 

(c) How do you classify a soil by the I.S. Classification system ? 

(d) How would you differentiate between SC and SF soils 
(S.V.U.—B. Tech., (Part-time)—June, 1982) 


(Hint. The symbol ‘F’ was used in the older versions of the Unified classification, i.e., in the 
Airfield classification, to denote ‘Fines’. Thus, SF and GF were used in place of SM and GM). 


What physical properties of soil distinguish between cohesive and cohesionless soils ? Also ex- 
plain the principle of sub-dividing cohesive and cohesionless deposits for the purpose of soil 
classification. (S.V.U.—B. E., (R.R.)—May, 1975) 
(a) Describe the U.S. Bureau of Soils Textural classification. 
(b) Describe field identification tests to distinguish between clay and silt. 

(S.V.U.—B.E., (R.R.)—November, 1994) 


(a) Explain why soils are classified and outline the salient features of Casagrande’s airfield 
classification. (S.V.U.—B.E., (R.R.)—November, 1973) 


(Hint. Casagrande’s airfield classification was developed earlier and formed the basis for the 
Unified Classification. Symbols SF and GF were used in place of SM and GM, which were intro- 
duced later.) 


(a) State the various classification systems of soils for general engineering purposes. 
(b) Briefly describe the “Unified Soil Classification”, (S.V.U.—B.E., (R.R.)—Dec., 1971) 
(a) Describe the method of field identification of soils. 
(b) How do you use the A-line to distinguish between various types of clays ? 
(S.V.U.—B.E., (N.R.)—May, 1969) 


How do you distinguish between clay and silt in the field ? State the purpose of identification and 
classification of soils. List any three important engineering classification systems and describe 
one in detail, clearly bringing out its limitations. (S.V.U.—B.E., (N.R.)—Sept, 1967) 


Chapter 


Soi MoisTuRE-PERMEABILITY 
AND CAPILLARITY 


5.1 INTRODUCTION 


Natural soil deposits invariably include water. Under certain conditions soil moisture or water 
in the soil is not stationary but is capable of moving through the soil. Movement of water 
through soil affects the properties and behaviour of the soil, rather in a significant way. Con- 
struction operations and the performance of completed construction could be influenced by soil 
water. Ground water is frequently encountered during construction operations; the manner in 
which movement of water through soil can occur and its effects are, therefore, of considerable 
interest in the practice of geotechnical engineering. 


5.2 SOIL MOISTURE AND MODES OF OCCURRENCE 


Water present in the void spaces of a soil mass is called ‘Soil water’. Specifically, the term ‘soil 
moisture’ is used to denote that part of the sub-surface water which occupies the voids in the 
soil above the ground water table. 

Soil water may be in the forms of ‘free water’ or ‘gravitational water’ and ‘held water’, 
broadly speaking. The first type is free to move through the pore space of the soil mass under 
the influence of gravity; the second type is that which is held in the proximity of the surface of 
the soil grains by certain forces of attraction. 


5.2.1 Gravitational Water 

‘Gravitational water’ is the water in excess of the moisture that can be retained by the soil. It 
translocates as a liquid and can be drained by the gravitational force. It is capable of transmit- 
ting hydraulic pressure. 

Gravitational water can be subdivided into (a) free water (bulk water) and (b) Capillary 
water. Free water may be further distinguished as (1) Free surface water and (ii) Ground 
water. 

(a) Free water (bulk water). It has the usual properties of liquid water. It moves at all 
times under the influence of gravity, or because of a difference in hydrostatic pressure head. 
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(i) Free surface water. Free surface water may be from precipitation, run-off, flood- 
water, melting snow, water from certain hydraulic operations. It is of interest when it comes 
into contact with a structure or when it influences the ground water in any manner. 

Rainfall and run-off are erosive agents which are capable of washing away soil and 
causing certain problems of strength and stability in the field of geotechnical engineering. 
The properties of free surface water correspond to those of ordinary water. 

(ii) Ground water. Ground water is that water which fills up the voids in the soil up to 
the ground water table and translocates through them. It fills coherently and completely all 
voids. In such a case, the soil is said to be saturated. Ground water obeys the laws of hydrau- 
lics. The upper surface of the zone of full saturation of the soil, at which the ground water is 
subjected to atmospheric pressure, is called the ‘Ground water table’. The elevation of the 
ground water table at a given point is called the ‘Ground water level’. 

(b) Capillary water. Water which is in a suspended condition, held by the forces of 
surface tension within the interstices and pores of capillary size in the soil, is called ‘capillary 
water’. The phenomenon of ‘Capillarity’ will be studied in some detail in a later section. 


5.2.2 Held Water 


‘Held water’ is that water which is held in soil pores or void spaces because of certain forces of 
attraction. It can be further classified as (a) Structural water and (b) Absorbed water. Some- 
times, even ‘capillary water’ may be said to belong to this category of held water since the 
action of capillary forces will be required to come into play in this case. 

(a) Structural water. Water that is chemically combined as a part of the crystal struc- 
ture of the mineral of the soil grains is called ‘Structural water’. Under the loading encoun- 
tered in geotechnical engineering, this water cannot be separated by any means. Even drying 
at 105° — 110°C does not affect it. Hence structural water is considered as part and parcel of 
the soil grains. 

(b) Adsorbed water. This comprises, (i) hygroscopic moisture and (iz) film moisture. 

(i) Hygroscopic moisture. Soils which appear quite dry contain, nevertheless, very thin 
films of moisture around the mineral grains, called ‘hygroscopic moisture’, which is also termed 
‘contact moisture’ or ‘surface bound moisture’. This form of moisture is in a dense state, and 
surrounds the surfaces of the individual soil grains as a very thin film. The soil particles derive 
their hygroscopic moisture not only from water but also from the atmospheric air by the physi- 
cal force of attraction of unsatisfied ionic bonds on their surfaces. The weight of an oven-dried 
sample, when exposed to atmosphere, will increase up to a limit, depending upon its maxi- 
mum hygroscopicity, which, in turn, depends upon the temperature and relative humidity of 
air, and the characteristics of the soil grains. Coarse-grained soils have relatively low hygroscopic 
moisture due to their low ‘specific surface’, or surface area per unit volume. The average 
hygroscopicity of sands, silts and clays is 1%, 7% and 17% respectively ; the high value for 
clays is because of the very small grain-size and consequent high specific surface. The thick- 
ness of the absorbed layer may vary from 200A for silts to 30 A for clays (1 A = 10-7 mm). The 
hygroscopic moisture film is known to be bound rigidly to the soil grains with an immense 
force—up to about 10,000 Atmospheres. The nearer the hygroscopic soil moisture is attracted 
to the surface of the soil grain, the more it is densified. These physical forces are now estab- 
lished to be electro-chemical in nature. 
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Hygroscopic moisture is affected neither by gravity nor by capillary forces and would 
not move in the liquid form. It cannot be evaporated ordinarily. However, hygroscopic mois- 
ture can be removed by oven-drying at 105° — 110°C. Moisture in this form has properties 
which differ considerably from those of liquid water—Hygroscopic moisture has greater den- 
sity, higher boiling point, greater viscosity, greater surface tension, and a much lower freezing 
point than ordinary water. 

Hygroscopic moisture has a pronounced effect on the cohesion and plasticity character- 
istics of a clayey soil ; it also affects the test results of grain specific gravity of the soil. This is 
because the volume of the displaced water is too low by the amount of hygroscopic moisture, 
thus leading to higher values of specific gravity than the correct value. (The error could range 
from 4% to 8% depending upon the hygroscopicity). 

(ii) Film moisture. Film moisture forms on the soil grains because of the condensation 
of aqueous vapour ; this is attached to the surface of the soil particle as a film upon the layer of 
the hygroscopic moisture film. This film moisture is also held by molecular forces of high in- 
tensity but not as high as in the case of the hygroscopic moisture film. Migration of film mois- 
ture can be induced by the application of an external energy potential such as thermal or 
electric potential ; the migration will then be from points of higher temperature/higher poten- 
tial to points of lower temperature/lower potential. Film moisture does not transmit external 
hydrostatic pressure. It migrates rather slowly. The greater the specific surface of the soil, the 
more is the film moisture that can be contained. When the film moisture corresponds to the 
maximum molecular moisture capacity of the soil, the soil possesses its maximum cohension 
and stability. 


5.3 NEUTRAL AND EFFECTIVE PRESSURES 


As a prerequisite, let us see something about “Geostatic Stresses”. 


5.3.1 Geostatic Stresses 


Stresses within a soil mass are caused by external loads applied to the soil and also by the self- 
weight of the soil. The pattern of stresses caused by external loads is usually very compli- 
cated ; the pattern of stresses caused by the self-weight of the soil also can be complicated. But, 
there is one common situation in which the self-weight of the soil gives rise to a very simple 
pattern of stresses—that is, when the ground surface is horizontal and the nature of the soil 
does not vary significantly in the horizontal directions. This situation exists frequently in the 
case of sedimentary deposits. The stresses in such a situation are referred to as ‘Geostatic 
Stresses’. 

Further, in this situation, there can be no shear stresses upon vertical and horizontal 
planes within the soil mass. Therefore, the vertical geostatic stress may be computed simply 
by considering the weight of the soil above that depth. 

If the unit weight of the soil is constant with depth, 

0, =¥-2 ...(Eq. 5.1) 
where 6, = vertical geostatic stress 
y= unit weight of soil 
z = depth under consideration 
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The vertical geostatic stress, thus, varies linearly with depth in this case (Fig. 5.1). 


Oy 


Z 


Fig. 5.1 Vertical geostatic stress in soil with horizontal surface 


However, it is known that the unit weight of soil is seldom constant with depth. Usually 
a soil becomes denser with depth owing to the compression caused by the geostatic stresses. If 
the unit weight of soil varies continuously with depth, o, can be evaluated by means of the 
integral : 


Z 
o, = Í y-dz (Eq. 5.2) 


Ifthe soil is stratified, with different unit weights for each stratum, o , may be computed 
conveniently by summation : 


O, = Ly: Az ... (Eq. 5.3) 


5.3.2 Effective and Neutral Pressures 


The total stress, either due to self-weight of the soil or due to external applied forces or due to 
both, at any point inside a soil mass is resisted by the soil grains as also by water present in the 
pores or void spaces in the case of a saturated soil. (By ‘stress’ here, we mean the macroscopic 
stress, i.e., force/total area ; the ‘contact stresses’ at the grain-to-grain contacts will be very 
high owing to a very small area of contact in relation to the area of cross-section and these are 
not relevant to this context). 

‘Neutral stress’ is defined as the stress carried by the pore water and it is the same in all 
directions when, there is static equilibrium since water cannot take static shear stress. This is 
also called ‘pore water pressure’ and is designated by u. This will be equal toy, .z at a depth z 
below the water table : 

U =Y, Z ... (iq. 5.4) 

‘Effective stress’ is defined as the difference between the total stress and the neutral 
stress ; this is also referred to as the intergranular pressure and is denoted by : 


6 =0-U ... (iq. 5.5) 
Equation 5.5 is the ‘Effective Stress Equation’. 


The effective stress has influence in decreasing the void ratio of the soil and in mobilis- 
ing the shear strength, while the neutral stress does not have any influence on the void ratio 
and is ineffective in mobilising the shearing strength. 
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Thus the ‘Effective Stress Principle’ may be stated as follows : 
(i) The effective stress is equal to the total stress minus the pore pressure. 
(ii) The effective stress controls certain aspects of soil behaviour, notably compressibility 
and shear strength. 
[Note. Latest research on the effective stress concept indicates that the effective stress 
equation has to be modified in the case of saturated clays and highly plastic, 
dispersed systems such as montmorillonite by introducing the term (R — A), 
where R is related to the repulsive forces between adjacent clay particles due to 
electrical charges and A is related to Van der Waals’ attractive forces between 
these particles. Similarly, Bishopet al. (1960) proposed a different effective stress 
equation for partially saturated soils. However, these concepts are of an ad- 
vanced nature and are outside the scope of the present work.] 
For a situation where the water table is at the ground surface, the conditions of stress at 
a depth from the surface will be as follows : 
O = Yat Z ...(Eq. 5.6) 
u =Y, 2 ... (Eq. 5.4) 
By Eq. 5.5, 
© =(0-u)= Ysat' ~~ Yw" Z = Z (Yat =i) 
Since (Yat — Yp) = Y’, the submerged unit weight, 
G =z ... (Eq. 5.7) 
Therefore, the effective stress is computed with the value of the buoyant or effective 
unit weight. 


5.4 FLOW OF WATER THROUGH SOIL-PERMEABILITY 


It is necessary for a Civil Engineer to study the principles of fluid flow and the flow of water 
through soil in order to solve problems involving, — (a) The rate at which water flows through 
soil (for example, the determination of rate of leakage through an earth dam) ; (b) Compres- 
sion (for example, the determination of the rate of settlement of a foundation ; and (c) Strength 
(for example, the evaluation of factors of safety of an embankment). The emphasis in this 
discussion is on the influence of the fluid on the soil through which it is flowing ; in particular 
on the effective stress. 

Soil, being a particulate material, has many void spaces between the grains because of 
the irregular shape of the individual particles; thus, soil deposits are porous media. In general, 
all voids in soils are connected to neighbouring voids. Isolated voids are impossible in an as- 
semblage of spheres, regardless of the type of packing; thus, it is hard to imagine isolated voids 
in coarse soils such as gravels, sands, and even silts. As clays consist of plate-shaped particles, 
a small percentage of isolated voids would seem possible. Modern methods of identification 
such as electron micrography suggest that even in clays all voids are interconnected. 

Water can flow through the pore spaces in the soil and the soil is considered to be ‘per- 
meable’ ; thus, the property of a porous medium such as soil by virtue of which water (or other 
fluids) can flow through it is called its ‘permeability’. While all soils are permeable to a greater 
or a smaller degree, certain clays are more or less ‘impermeable’ for all practical purposes. 
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Permeability is one of the most important of soil properties. The path of flow from one point to 
another is considered to be a straight one, on a macroscopic scale and the velocity of flow is 
considered uniform at an effective value ; this path, in a microscopic scale, is invariably a 
tortuous and erratic one because of the random arrangement of soil particles, and the velocity 
of flow may vary considerably from point to point depending upon the size of the pore and 
other factors. 


According to fundamental hydraulics flowing water may assume either of two charac- 
teristic states of motion—the ‘laminar flow’ and the ‘turbulent flow’. In laminar flow each 
particle travels along a definite path which never crosses the path of other particles; while, in 
turbulent flow the paths are irregular and twisting, crossing and recrossing at random. Osborne 
Reynolds, from his classic experiments on flow through pipes, established a lower limit of 
velocity at which the flow changes from laminar to a turbulent one; it is called the ‘lower 
critical velocity’. In laminar flow, the resistance to flow is primarily due to the viscosity of 
water and the boundary conditions are not of much significance; in turbulent flow, however, 
the boundary conditions have a major influence and the effect of viscosity is insignificant. 

The lower critical velocity v, is governed by a dimensionless number, known as Reynold’s 
number : 


R=— ...(Eq. 5.8) 
V 
or R= eal ... (Eq. 5.9) 
leg 
where R = Reynold’s number 
v = Velocity of flow 
D = Diameter of pipe/pore 
v = Kinematic viscosity of water 
Yu = Unit weight of water 
u = Viscosity of water, and 
g = Acceleration due to gravity. 
Reynolds found that v, is governed by : 
R=2eP 2000 (Eq. 5.10) 


It is difficult to study the conditions of flow in an individual soil pore; only average 
conditions existing at any cross-section in a soil mass can be studied. Since pores of most soils 
are small, flow through them is invariably ‘laminar’ ; however, in the case of soils coarser than 
coarse sand, the flow may be turbulent. (Assuming uniform particle size, laminar flow may be 
considered to occur up to an equivalent particle diameter of 0.5 mm). 


5.4.1 Darcy’s Law 
H. Darcy of France performed a classical experiment in 1856, using a set-up similar to that 
shown in Fig. 5.2, in order to study the properties of the flow of water through a sand filter bed. 
By measuring the value of the rate of flow or discharge, q for various values of the 
length of the sample, L, and pressure of water at top and bottom the sample, h, and h,, Darcy 
found that q was proportional to (h, —h,)/L or the hydraulic gradient, i : 
q=k{(h,-h,/L) x A = k.i.A ...(Eq. 5.11) 
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where 
q = the rate of flow or discharge 
k = a constant, now known as Darcy’s coefficient of permeability 


h, = the height above datum which the water rose in a standpipe inserted at the en- 
trance of the sand bed, 


h, = the height above datum which the water rose in a stand pipe inserted at the exit 
end of the sand bed. 


L = the length of the sample. 
A = the area of cross-section of the sand bed normal to the general direction of flow. 
i =(h,—h,)/L, the hydraulic gradient. 


>| 





Area of cross section 





Fig. 5.2 Darcy’s Experiment 


Equation 5.11 is known as Darcy’s law and is valid for laminar flow. It is of utmost 
importance in geotechnical engineering in view of the its wide range of applicability. 

Later researchers have established the validity of Darcy’s law for most types of fluid 
flow in soils ; Darcy’s law becomes invalid only for liquid flow at high velocity or gas flow at 
very low or at very high velocity. 

Darcy’s coefficient of permeability provides a quantitative means of comparison for esti- 
mating the facility with which water flows through different soils. 

It can be seen that k has the dimensions of velocity; it can also be looked upon as the 
velocity of flow for a unit hydraulic gradient. k is also referred to as the ‘coefficient of perme- 
ability’ or simply ‘permeability’. 


5.4.2 Validity of Darcy’s Law 
Reynolds found a lower limit of critical velocity for transition of the flow from laminar to a 
turbulent one, as already given by Eq. 5.10. 


Many researchers have attempted to use Reynolds’ concept to determine the upper limit 
of the validity of Darcy’s law. (Muskat, 1946; Scheidegger, 1957). The values of R for which 
the flow in porous media become turbulent have been measured as low as 0.1 and as high as 
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75. According to Scheidegger, the probable reason that porous media do not exhibit a definite 
critical Reynold’s number is because soil can be no means be accurately represented as a bun- 
dle of straight tubes. He further discussed several reasons why flow through very small open- 
ings may not follow Darcy’s law. 

There is overwhelming evidence which shows that Darcy’s law holds in silts as well as 
medium sands and also for a steady state flow through clays. For soils more pervious than 
medium sand, the actual relationship between the hydraulic gradient and velocity should be 
obtained only through experiments for the particular soil and void ratio under study. 


5.4.3 Superficial Velocity and Seepage Velocity 


Darcy’s law represents the macroscopic equivalent of Navier-Stokes’ equations of motion for 
viscous flow. 


Equation 5.11 can be rewritten as : 
A =ki =v (Eq. 5.12) 
Since A is the total area of cross-section of the soil, same as the 
open area of the tube above the soil, v is the average velocity of down- 
ward movement of a drop of water. This velocity is numerically equal 
to ki ; therefore k can be interpreted as the ‘approach velocity’ or ‘su- 
perficial velocity for unit hydraulic gradient. A drop of water flows at 
a faster rate through the soil than this approach velocity because the 
average area of flow channel through the soil is reduced owing to the 
presence of soil grains. This reduced flow channel may be schematically 
represented as shown in Fig. 5.3. 








By the principle of continuity, the velocity of approach, v, may 
be related to the seepage velocity or average effective velocity of flow, Fig. 5.3 Flow channel 
v as follow : 





q=A.vu=A,.v, 
where A, = area of cross-section of voids 
v =v. ey. HH ay. V2 
2 A, A,L V, 
v, =v/n = kiln ...(Eq. 5.13) 


where n = porosity (expressed as a fraction). 

Thus, seepage velocity is the superficial velocity divided by the porosity. This gives the 
average velocity of a drop of water as it passes through the soil in the direction of flow ; this is 
the straight dimension of the soil in the direction of flow divided by the time required for the 
drop to flow through this distance. As pointed out earlier, a drop of water flowing through the 
soil takes a winding path with varying velocities ; therefore, v, is a fictitious velocity obtained 
by assuming that the drop of water moves in a straight line at a constant velocity through the 
soil. 

Even though the superficial velocity and the seepage velocity are both fictitious quanti- 
ties, they can be used to compute the time required for water to move through a given distance 
in soil. 
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Equation 5.13 indicates that the seepage velocity is also proportional to the hydraulic 
gradient. It may be rewritten as follows : 


v, = kiln = (kini =k, -i ... (Eq. 5.14) 
where k p the constant of proportionality, is called the ‘Coefficient of Percolation’, and is given 
by : 

k,=kin ... (Eq. 5.15) 


5.4.4 Energy Heads 


In the study of fluid flow it is convenient to express energy in any form in terms of ‘head’, 
which is energy per unit mass : 


1. Pressure head, h, = the pressure divided by the unit weight of fluid = p/p. 


3 
p.M _ a M.L = Mt, Head = energy ML r 
L M mass M 





(Pressure engery = 


2. Elevation or datum head, h, = the height from the datum (Elevation or potential 
energy = ML) 
3. Velocity Head, h, = square of velocity divided by twice acceleration due to gravity 





2 2-2 
Kinetic energy = Mu = M = mz), 

Here, 

M = Mass, v = Velocity, g = Acceleration due to Gravity 
L = Length, T = Time, p = Pressure. 

In dealing with problems involving fluid flow in soil, the velocity head is taken to be 
negligible, and as such, the total head will be the sum of pressure head and elevation head. In 
dealing with problems involving pipe and channel flow, total head is defined as the sum of 
pressure head, elevation head and velocity head ; the sum of pressured head and elevation 
head is usually called the ‘Piezometric’ head. In the case of flow through soils, the total head 
and the piezometric head are equal. 


Since both pressure head and elevation head can contribute to the movement of fluid 
through soils, it is the total head that determines flow, and the hydraulic gradient to be used in 
Darcy’s law is computed from the difference in total head. Unless there is a gradient of total 
head, no flow can occur. 


Pressure head or water pressure at a point in a soil mass can be determined by a 
piezometer; the height to which water rises in the piezometer above the point is the pressure 
head at that point. The manometer or standpipe and the Bourdon pressure gauge are two 
simple piezometers, which require a flow of water from the soil into the measuring system to 
actuate each device. This flow may require a significant time-lag if the soil is a relatively 
impermeable one such as silt or clay. To measure pore pressures under ‘no-flow’ conditions 
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various types of piezometers have been developed. (Lambe, 1948; Bishop 1961; Whitman 
et al. 1961) Piezometers such as ‘Casagrande Piezometer’ have been developed for use in field 
installations. 


When instantaneous stress release occurs, even a negative value of pore pressure can 
develop, with values which might go below even absolute zero (minus 1 Atmosphere). 


In general, it is more convenient to determine first the elevation and total heads and 
then compute the pressure head by subtracting the elevation head from the total head. 


Thus, the following are the interesting points in energy heads : 
(a) The velocity head in soils is negligible. 

(b) Negative pore pressure can exist. 

(c) Direction of flow is determined by the difference in total head. 


(d) Elevation and total heads are determined first, and then the pressure head by 
difference. 


(e) Absolute magnitude of elevation head, which depends upon the location of the datum, 
is not important. 


5.5 THE DETERMINATION OF PERMEABILITY 


The permeability of a soil can be measured in either the laboratory or the field; laboratory 
methods are much easier than field methods. Field determinations of permeability are often 
required because permeability depends very much both on the microstructure—the arrange- 
ment of soil-grains—and on the macrostructure—such as stratification, and also because of 
the difficulty of getting representative soil samples. Laboratory methods permit the relation- 
ship of permeability to the void ratio to be studied and are thus usually run whether or not 
field determinations are made. 


The following are some of the methods used in the laboratory to determine permeability. 
1. Constant head permeameter 

2. Falling or variable head permeameter 

3. Direct or indirect measurement during an Oedometer test 

4. Horizontal capillarity test. 

The following are the methods used in the field to determine permeability. 

1. Pumping out of wells 

2. Pumping into wells 


In both these cases, the aquifer or the water-bearing stratum, can be ‘confined’ or 
‘unconfined’. 


Permeability may also be computed from the grain-size or specific surface of the soil, 
which constitutes an indirect approach. 


The various methods will be studied in the following sub-sections. 


5.5.1 Constant-Head Permeameter 
A simple set-up of the constant-head permeameter is shown in Fig. 5.4. 
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Fig. 5.4 Set-up of the constant-head permeameter 


The principle in this set-up is that the hydraulic head causing flow is maintained con- 
stant; the quantity of water flowing through a soil specimen of known cross-sectional area and 
length in a given time is measured. In highly impervious soils the quantity of water that can 
be collected will be small and, accurate measurements are difficult to make. Therefore, the 
constant head permeameter is mainly application cable to relatively pervious soils, although, 
theoretically speaking, it can be used for any type of soil. 

If the length of the specimen is large, the head lost over a chosen convenient length of 
the specimen may be obtained by inserting piezometers at the end of the specified length. 

If Q is the total quantity of water collected in the measuring jar after flowing through 
the soil in an elapsed time ¢, from Darcy’s law, 

q=Q/lt=k.i.A 
k = (Q/t). (KA) = (Q/t).(L/Ah) = QL/thA ... (Eq. 5.16) 
where 
k = Darcy’s coefficient of permeability 
L and A = length and area of cross-section of soil specimen 


h = hydraulic head causing flow. 
The water should be collected only after a steady state of flow has been established. 
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The constant head permeameter is widely used owing to its simplicity in principle. How- 
ever, certain modifications will be required in the set-up in order to get reasonable precision in 
the case of soils of low permeability. 


5.5.2 Falling or Variable Head Permeameter 
A simple set-up of the falling, or variable head permeameter is shown in Fig. 5.5. 


| 









Stand pipe 
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(Cross-sectional 
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Overflow 





Constant head 
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Fig. 5.5 Falling, or variable, head permeameter 


A better set-up in which the top of the standpipe is closed, with manometers and vacuum 
supply, may also be used to enhance the accuracy of the observations (Lambe and Whitman, 
1969). The falling head permeameter is used for relatively less permeable soils where the 
discharge is small. 

The water level in the stand-pipe falls continuously as water flows through the soil 
specimen. Observations should be taken after a steady state of flow has reached. If the head or 
height of water level in the standpipe above that in the constant head chamber falls from A, to 
h,, corresponding to elapsed times ¢, and t,, the coefficient of permeability, k, can be shown to 
be: 

2.303 aL 
k= A-t logy, Adh) ...(Eq. 5.17) 
where 

a = area of cross-section of standpipe 


L andA = length and area of cross-section of the soil sample and the other quantities as 
defined. 
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This can be derived as follows : 
Let — dh be the change in head in a small interval of time dt. (Negative sign indicates 
that the head decreases with increase in elapsed time). 
From Darcy’s law, 
Q = (-a-dh)/dt = k-i-a 
-adh/dt = K-A-h/L 


noA- aA 
di 
" ATE E 


Integrating both sides and applying the limits ¢) and ¢, for t, and h, and h, for h, 
kA Ba h dh _ F dh 
aL Ji h h h h 
: (RA/aL)(t, — ty) = log, (h dh) = 2.3 logio Agha). 
Transposing the terms, 





2.303 aL 
= ————_. .] hgh 
Aen 2 Ody 


which is Eq. 5.17. 

The ‘Jodhpur permeameter’ developed at the M.B.M. Engineering College, Jodhpur, 
may be conveniently used for conducting the falling head as well as constant head tests on 
remoulded as well as undisturbed specimens. Remoulded specimens may be prepared by static 
or dynamic compaction. The apparatus has been patented and manufactured by ‘AIMIL’. (M/s. 
Associated Instrument Manufacturers India Limited, Bombay). The detailed description of 
the apparatus and the procedure for the permeability tests are given in the relevant Indian 
standards. [(IS : 2720 Part XVII—1986) and (IS : 2720 Part XXXVI—1987)]. 


5.5.3 Direct or Indirect Measurement During an Oeodometer Test 


As discussed in Chapter 7, the rate of consolidation of a soil depends directly on the permeabil- 
ity. The permeability can be computed from the measured rate of consolidation by using ap- 
propriate relationships. Since there are several quantities in addition to permeability that 
enter into the rate of consolidation-permeability relationship, this method is far from precise 
since these quantities cannot easily be determined with precision. Instead of the indirect ap- 
proach, it would be better to run a constant-head permeability test on the soil sample in the 
oedometer or consolidation apparatus, at the end of a compression increment. This would yield 
precise results because of the directness of the approach. 


5.5.4 Permeability from Horizontal Capillarity Test 
The ‘Horizontal capillarity test’ or the ‘Capillarity-Permeability test’, used for determining the 
capillary head of a soil, can also be used to obtain the permeability of the soil. This is described 
in detail in a later section dealing with the phenomenon of ‘Capillarity’. 

The laboratory measurement of soil permeability, although basically straightforward, 
requires good technique to obtain reliable results. The reader is referred to Lambe (1951) for 
an exhaustive treatment of measurement of permeability. 
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5.5.5 Determination of Permeability—Field Approach 

The average permeability of a soil deposit or stratum in the field may be somewhat different 
from the values obtained from tests on laboratory samples; the former may be determined by 
pumping tests in the field. But these are time-consuming and costlier. 

A few terms must be understood in this connection. ‘Aquifer’ is a permeable formation 
which allows a significant quantity of water to move through it under field conditions. Aqui- 
fers may be ‘Unconfined aquifers’ or ‘Confined aquifers’. Unconfined aquifer is one in which 
the ground water table is the upper surface of the zone of saturation and it lies within the test 
stratum. It is also called ‘free’, ‘phreatic’ or ‘non-artesian’ aquifer. Confined aquifer is one in 
which ground water remains entrapped under pressure greater than atmospheric, by overly- 
ing relatively impermeable strata. It is also called ‘artesian aquifer’. ‘Coefficient of Transmis- 
sibility’ is defined as the rate of flow of water through a vertical strip of aquifer of unit width 
and extending the full height of saturation under unit hydraulic gradient. This coefficient is 
obtained by multiplying the field coefficient of permeability by the thickness of the aquifer. 

When a well is penetrated into a homogeneous aquifer, the water table in the well ini- 
tially remains horizontal. When water is pumped out from the well, the aquifer gets depleted 
of water, and the water table is lowered resulting in a circular depression in the phreatic 
surface. This is referred to as the ‘Drawdown curve’ or ‘Cone of depression’. The analysis of 
flow towards such a well was given by Dupuit (1863) and modified by Thiem (1870). 

In pumping-out tests, drawdowns corresponding to a steady discharge are observed at a 
number of observation wells. Pumping must continue at a uniform rate for an adequate time 
to establish a steady state condition, in which the drawdown changes negligibly with time. 

The following assumptions are relevant to the discussion that would follow : 

(i) The aquifer is homogeneous with uniform permeability and is of infinite areal extent. 

(ii) The flow is laminar and Darcy’s law is valid. 

(iii) The flow is horizontal and uniform at all points in the vertical section. 

(iv) The well penetrates the entire thickness of the aquifer. 

(v) Natural groundwater regime affecting the aquifer remains constant with time. 
(vi) The velocity of flow is proportional to the tangent of the hydraulic gradient (Dupuit’s 
assumption). 
Unconfined Aquifer 
A well penetrating an unconfined aquifer to its full depth is shown in Fig. 5.6. 

Let r, be radius of central well, 

r, and r, be the radial distances from the central well to two of the observation 
wells, 

z, and z, be the corresponding heights of a drawdown curve above the impervious 
boundary, 

zo be the height of water level after pumping in the central well above the impervi- 
ous boundary, 
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dọ d, and d, be the depths of water level after pumping from the initial level of 
water table, or the drawdowns at the central well and the two observation wells 
respectively, 

h be the initial height of the water table above the impervious layer (h = z} + do, 
obviously) and, 

R be the radius of influence or the radial distance from the central well of the point 
where the drawdown curve meets the original water table. 


Observation ad 


y wells Ny Lor Contalwell Ground level 
l 





































Impervious boundary 








Fig. 5.6 Flow toward a well in an unconfined aquifer 


Let r and z be the radial distance and height above the impervious boundary at any 
point on the drawdown curve. 
By Darcy’s law, the discharge q is given by : 
q = k.A.dzldr, 
since the hydraulic gradient, i, is given by dz/dr by Dupuit’s assumption. 
Here, 
k is the coefficient of permeability. 


But A = 2mrz. 
as q =k-2nrz-dz/dr 
or k.zdz = (£); u 
Qn) r 


Integrating between the limits r, and r, for r and z, and z, for z, 


Q) 2 i) 
| = (q/2n) fios. | 


21 
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(29 - 21") T2 
k,—-——— = (q/2n) 4 log, = 
2 ri 
q r2 q rg 
= lo = lo ...(Eq. 5.18 
t (29° = 21°) = r, 186 (297 — 2,7) ia ri = 


k can be evaluated ifz,, Z» r4 andr, are obtained from observations in the field. It can be 
noted that z; = (h —d,) and z, = (h —d,). 

If the extreme limits z, and A at rọ and R are applied, 

Equation 5.18 reduces to 


q R 
s l int (Eq. 5.19) 
(ee a9, Ch 


This may also be put in the form 


k 





q R 
= -l 
L36 do (do + 229) it To ...(Eq. 5.20) 


For one to be in a position to use (Eq. 5.19) or (Eq. 5.20), one must have an idea of the 
radius of influence R. The selection of a value for R is approximate and arbitrary in practice. 
Sichart gives the following approximate relationship between R, d, and k; 


R = 3000 d, Vk ...(Eq. 5.21) 
where, 

d, is in metres, 

k is in metres/sec, 

and R is in metres. 

One must apply an approximate value for the coefficient of permeability here, which 
itself is the quantity sought to be determined. 

Two observation wells may not be adequate for obtaining reliable results. It is recom- 
mended that a few symmetrical pairs of observation wells be used and the average values of 
the drawdown which, strictly speaking, should be equal for observation wells, located sym- 
metrically with respect to the central well, be employed in the computations. Several values 
may be obtained for the coefficient of permeability by varying the combination of the wells 
chosen for the purpose. Hence, the average of all these is treated to be a more precise value 
than when just two wells are observed. 

Alternatively, when a series of wells is used, a semi-logarithmic graph may be drawn 
between r to the logarithmic scale and z? to the natural scale, which will be a straight line. 
From this graph, the difference of ordinates y, corresponding to the limiting abscissae of one 
cycle is substituted in the following equation to obtain the best fit value of k for all the obser- 
vations : 

k =qly ...(Eq. 5.22) 

This is a direct consequence of Eq. 5.18, observing that log,, (r,/r,) = 1 and denoting 
(2,7 -22 byy. 

Confined Aquifer 
A well penetrating a confined aquifer to its full depth is shown in Fig. 5.7. 
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Fig. 5.7 Flow toward a well in a confined aquifer 





The notation in this case is precisely the same as that in the case of the unconfined 
aquifer; in addition, H denotes the thickness of the confined aquifer, bounded by impervious 


strata. 
By Darcy’s law, the discharge q is given by : 
q =k.A.dz/dr, as before. 


But the cylindrical surface area of flow is given by A = 2nrH, in view of the confined 


nature of the aquifer. 
q =k . 2nrH.dz/dr 


or E =.=. 


Integrating both sides within the limits z, and z, for z, andr, and r, forr, 


29 T3 
k | TE log, r 
z, 2nH 


ri 





q r2 
j eye) = ag Ee n 
q To 
= -l 
on mH e-z) °° 
Since z, = (h - d) and z, = (h - d3), Z, - 2) = (d, - d) 


Substituting, we have : 


k= 4 -log, 2- 2 
27H (d; - də) r, 2.72 H (d; - də) 


Since the coefficient of transmissibility, T, by definition, is given by kH, 








T2 
-logio > 
ri 


q 
= ——__+__. ] /; 
T 2.72 (d, — dy) O$ 1072/71) 


... (Eq. 5.23) 


... (Eg. 5.24) 
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If the extreme limits z) and A at rọ and R are applied, we get : 





k= Sal ia) ER 
But (h -z,) = do 
k= E R log, (Riro) = 5 75 pig, E10 Rro) (Œq. 5.25) 
Since T = kH, 
T= —I logio 2 ...(Eq. 5.26) 
2.72 dy To 


The field practice is to determine the average value of the coefficient of transmissibility 
from the observation of drawdown values from a number of wells. A convenient procedure for 
this is as follows: 

A semi-logarithmic graph is plotted with r to the logarithmic scale as abscissa and d to 
the natural scale as ordinate, as shown in Fig. 5.8 : 
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Fig. 5.8 Determination of T 
From Equation 5.24, 


— q 

~ 2.72.Ad 
ifr, andr, are chosen such that r./r, = 10 and Ad is the corresponding value of the difference 
in drawdowns, (d, —d,). 


T ... (Eq. 5.27) 


Thus, from the graph, d may be got for one logarithmic cycle of abscissa and substituted 
in Eq. 5.27 to obtain the coefficient of transmissibility, T. 

The coefficient of permeability may then be computed by using the relation k = T/H, 
where H is the thickness of the confined aquifer. 

Pumping-in tests have been devised by the U.S. Bureau of Reclamation (U.S.B.R.) for a 
similar purpose. 

Field testing, though affording the advantage of obtaining the in-situ behaviour of soil 
deposits, is laborious and costly. 
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5.5.6 Indirect Methods of Determination of Permeability 


These constitute the methods which relate the permeability with grain-size and with specific 
surface of the soil. The influence of grain-size or permeability is also referred to in Sec. 5.6 and 
sub-sec. 5.6.2. 


It is logical that the smaller the grain-size, smaller are the voids, which constitute the 
flow channels, and hence the lower is the permeability. A relationship between permeability 
and particle-size is much more reasonable in silts and sands than in clays, since the particles 
are nearly equidimensional in the case of silts and sands. From his experimental work on 
sands, Allen Hazen (1892, 1911) proposed the following equation : 

k = 100 D? ...(Eq. 5.28) 
where 
k = permeability coefficient in cm/sec, and 
D-o = Hazen’s effective size in cm. 

This relation assumes that the distribution of particle sizes is spread enough to prevent 
the smallest particles from moving under the seepage force of the flowing water. Flow in soils 
which do not have hydrodynamic stability can result in washing away of the fines and a corre- 
sponding increase in permeability. Particle-size requirements to prevent such migration of 
fines are discussed in Chapter 6. 

The following equation is known as Kozeny-Carman equation, proposed by Kozeny (1927) 
and improved by Carman : 


1 y e’ 


~ ky. S2 u (Ate) 





... (Eq. 5.29) 


where, 
e = void ratio, 
y = unit weight of fluid, 
u = viscosity of fluid, 
S = specific surface area, and 
k, = factor depending on pore shape and ratio of length of actual flow path to the thick- 
ness of soil bed. 
Loudon (1952) developed the following empirical relationship : 
log, (2S?) =a + bn ... (Eq. 5.30) 
Here a and b are constants, their values being 1.365 and 5.15 respectively at 10°C, and 
n is the porosity. 


5.6 FACTORS AFFECTING PERMEABILITY 


Since permeability is the property governing the ease with which a fluid flows through the 

soil, it depends on the characteristics of the fluid, or permeant, as well as those of the soil. 
An equation reflecting the influence of the characteristics of the permeant fluid and the 

soil on permeability was developed by Taylor (1948) based on Poiseuille’s law for laminar flow 
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through a circular capillary tube. The flow through a porous medium is considered similar to a 
flow through a bundle of straight capillary tubes. The equation is : 


3 
RED =, 
u (1+e) 


... (Eq. 5.31) 
in which, 
k = Darcy’s coefficient of permeability 
D, = effective particle-size 
y= unit weight of permeant 
u = viscosity of permeant 
e = void ratio 
C = shape factor 
This equation helps one in analysing the variables affecting permeability. The charac- 
teristics of the permeant are considered first and those of the soil next. 


5.6.1 Permeant Fluid Properties 

Equation 5.31 indicates that the permeability is influenced by both the viscosity and the unit 
weight of the permeant fluid. In the field of soil mechanics, the engineer will have occasion to 
deal with only water as the common permeant fluid. The unit weight of water does not signifi- 
cantly vary, but its viscosity does vary significantly with temperature. It is easy to understand 
that the permeability is directly proportional to the unit weight and inversely proportional to 
the viscosity of the permeant fluid. 

It is common practice to determine the permeability at a convenient temperature in the 
laboratory and reduce the results to a standard temperature; this standard temperature is 
27°C as per I.S. Code of practice. (IS : 2720 Part XVII-1966 and its revised versions). This is 
done by using the following equation : 

ko = Rep EE ...(Eq. 5.32) 
Ho7 
where kņ and uņ are the permeability of soil and the viscosity of water at the test temperature 
of ¢°C and, k,, and Ho; are the permeability and viscosity at the standard temperature, i.e., 
27°C. 

According to Muskat (1937), these two permeant characteristics, that is, viscosity and 
unit weight, can be eliminated as variables by defining a more general permeability, K, as 
follows : 

k.u 


K= Ea ...(Eq. 5.33) 


where 
K = specific, absolute, or physical permeability 
u = viscosity of the permeant 
y = unit weight of the permeant 
k = Darcy’s coefficient of permeability. 
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Since k has the units L/T, K has the units L?. K is also expressed in Darcy’s; 1 darcy 
being equal to 0.987 x 10-8 cm?. K has the same value for a particular soil, for all fluids and at 
all temperatures as long as the void ratio and structure of the soil remain unaltered. 

Viscosity and unit weight are considered to be the only variables of the permeant fluid 
that influence the permeability of pervious soils; however, other permeant characteristics can 
have a major influence on the permeability of relatively impervious soils. The effects of viscosity 
and unit weight may be eliminated by expressing the permeability in terms of the absolute 
permeability. It has been found by Michaels and Lin (1954) that the values of absolute 
permeability of Kaolinite varies significantly with the nature of the permeant fluid, when the 
comparisons are made at the same void ratio. Further, they found that the variation was large 
when the kaolinite was moulded in the fluid which was to be used as the permeant than when 
water was used as the moulding fluid and initial permeant, each succeeding permeant displacing 
the preceding one. These differences in permeability at the same void ratio have been attributed 
to the changes in the soil fabric resulting from a sample preparation in the different fluids. 
The effect of the soil fabric will be discussed in next sub-section. 


5.6.2 Soil Characteristics 
The following soil characteristics have influence on permeability : 

1. Grain-size 

2. Void ratio 

3. Composition 

4. Fabric or structural arrangement of particles 

5. Degree of saturation 

6. Presence of entrapped air and other foreign matter. 

Equation 5.31 indicates directly only grain-size and void ratio as having influence on 
permeability. The other characteristics are considered indirectly or just ignored. Unfortunately, 
the effects of one of these are difficult to isolate in view of the fact that these are closely 
interrelated; for example, fabric usually depends on grain-size, void ratio and composition. 
Grain-size 
Equation 5.31 suggests that the permeability varies with the square of particle diameter. It is 
logical that the smaller the grain-size the smaller the voids and thus the lower the permeabil- 
ity. A relationship between permeability and grain-size is more appropriate in case of sands 
and silts than that of other soils since the grains are more nearly equidimensional and fabric 
changes are not significant. 

As already stated in sub-section 5.5.6, Allen Hazen proposed, 

k = 100 Do? where D,, is in cm and k is in cm/s. 
Void Ratio 


Equation 5.31 indicates that a plot ofk versus e®/(1 + e) should be a straight line. This is more 
true of coarse grained soils since the shape factor C does not change appreciably with the void 
ratio for these soils. 

Other theoretical equations have suggested that k versus e?/(1 + e) or k versus e? should 
be a straight line. It is interesting to note that, as indicated in Fig. 5.9, a plot of log k versus e 
approximates a straight line for many soils within a wide range of permeability values. 
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This suggests a simple method for the permeability of a soil at any void ratio when 
values of permeability are known at two or more void ratios. Once the line is drawn, the per- 
meability at any void ratio may be read directly. 

Increase in the porosity leads to an increase in the permeability of a soil for two distinct 
reasons. Firstly, it causes an increase in the percentage of cross-sectional area available for 
flow. Secondly, it causes an increase in the dimension of the pores, which increases the aver- 
age velocity, through an increase in the hydraulic mean radius, which enters the derivation of 
Eq. 5.31, and which, in turn, is dependent on the void ratio. 

Composition 

The influence of soil composition on permeability is generally of little significance in the case 
of gravels, sands, and silts, unless mica and organic matter are present. However, this is of 
major importance in the case of clays. Montmorillonite has the least permeability; in fact, with 
sodium as the exchangeable ion, it has the lowest permeability (less than 107” cm/s, even at a 
very high void ratio of 15). Therefore, sodium montmorillonite is used by the engineer as an 
additive to other soils to make them impermeable. Kaolinite is a hundred times more perme- 
able than montmorillonite. 

Fabric or Structural Arrangement of Particles 

The fabric or structural arrangement of particles is an important soil characteristic influenc- 
ing permeability, especially of fine-grained soils. At the same void ratio, it is logical to expect a 
soil in the most flocculated state will have the highest permeability, and the one in the most 
dispersed state will have the lowest permeability. Remoulding of a natural soil invariably 
reduces the permeability. Stratification or macrostructure also has great influence; the per- 
meability parallel to stratification is much more than that perpendicular to stratification, as 
will be shown in a later section. 
























































1000 
T 800 
v 
£ 
E 0.7 
2o 
= 600 
x 
ž j 
2 œ 0.6 
5 S 
g 400 S 
E 2 
Oo o 
à > 05 
200 
0.4 
0 0.1 0.2 0.3 0.4 0.5 100 200 300 400 500 1000 
5 
Void ratio function —» Permeability (k x 10 mm/s) (log scale) —» 
(a) b 


Fig. 5.9 Permeability-void ratio relationships 
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Degree of Saturation 
The higher the degree of saturation, the higher the permeability. In the case of certain sands 
the permeability may increase three-fold when the degree of saturation increases from 80% to 
100%. 
Presence of Entrapped Air and Other Foreign Matter 
Entrapped air has pronounced effect on permeability. It reduces the permeability of a soil. 
Organic foreign matter also has the tendency to move towards flow channels and choke them, 
thus decreasing the permeability. Natural soil deposits in the field may have some entrapped 
air or gas for several reasons. In the laboratory, air-free distilled water may be used a vacuum 
applied to achieve a high degree of saturation. However, this may not lead to a realistic esti- 
mate of the permeability of a natural soil deposit. 

The importance of duplicating or simulating field conditions is emphasised by the pre- 
ceding discussion on the factors affecting permeability, when the aim is to determine field 
permeability in the laboratory. 


5.7 VALUES OF PERMEABILITY 


Table 5.1 Typical values of permeability (S.B. Sehgal, 1967) 





Soil description Coefficient of permeability mm/s Degree of permeability 
(After Terzaghi and Peck, 1948) 





Coarse gravel Greater than 1 High 
Fine gravel—fine sand 1 to 10-7 Medium 
Silt-sand admixtures, 
loose silt, rock flour, and 
loess 10 to 10~ Low 
Dense silt, clay-slit 














admixtures, 
non-homogeneous clays 10+ to 10 Very low 
Homogeneous clays Less than 10-6 Almost impervious 





5.8 PERMEABILITY OF LAYERED SOILS 


Natural soil deposits may exhibit stratification. Each layer may have its own coefficient of 
permeability, assuming it to be homogeneous. The ‘average permeability’ of the entire deposit 
will depend upon the direction of flow in relation to the orientation the bedding planes. 


Two cases will be considered—the first one with flow perpendicular to the bedding planes 
and the next with flow parallel to the bedding planes. 


Flow Perpendicular to the Bedding Planes 
Let the flow be perpendicular to the bedding planes as shown in Fig. 5.10. 
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Fig. 5.10 Flow perpendicular to bedding planes 


Let h,, ho, h ...h,, be the thicknesses of each of then layers which constitute the deposit, 
of total thickness A. Let k,, k,, k, ...k,, be the Darcy coefficients of permeability of these layers 
respectively. 

In this case, the velocity of flow v, and hence the dischargegq, is the same through all the 
layers, for the continuity of flow. 

Let the total head lost be Ah and the head lost in each of the layers be Ah,, Aho, Aha, ... 
Ah 


n 





Ah = Ah, + Ah, + Ah, + ... Ah 
The hydraulic gradients are : 


i = Ahh, Ifi is the gradient for the deposit, i = Ah/h 
i, = AhJSh, 
i, = Ah, fh, 


Since q is the same in all the layers, and area of cross-section of flow is the same, the 
velocity is the same in all layers. 
Let k, be the average permeability perpendicular to the bedding planes. 


Now k, i =Ryiy = koi = gig = k i, = 0 
A 
k,Ahlh = k Ah th; = kAh jh, = Li =v 


Substituting the expression for Ah,, Ah,, ... in terms ofv in the equation for Ah, we get : 
vh/k, =vh Jk, + vhk, +... + vh Ik, 
h 

27 (hylky + halka +... + h,/k,) 
This is the equation for average permeability for flow perpendicular to the bedding 

planes. 

Flow Parallel to the Bedding Planes 

Let the flow be parallel to the bedding planes as shown in Fig. 5.11. 





or k ...(Eq. 5.34) 
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Fig. 5.11 Flow parallel to the bedding planes 


With the same notation as in the first case, the hydraulic gradient i will be the same for 
all the layers as for the entire deposit. Sincev = ki, and k is different for different layers, v will 
be different for the layers, say, v,, Vo < Up: 

Also, v; =k,i; vo = kai ... and so on. 

Considering unit dimension perpendicular to the plane of the paper, the areas of flow 
for each layer will be plane of the paper, the areas of flow for each layer will be h}, ho, ... h 
respectively, and it is A for the entire deposit. 


n 


The discharge through the entire deposit is equal to the sum of the discharge through 
the individual layers. Assuming, to be the average permeability of the entire deposit parallel 
to the bedding planes, and applying the equation : 


q=qi tla te tO 
we have, k, ih =h,i-h,+hoih,+..k,i* hy. 


k= (24 i a Bie "ata ) (Eq. 5.35) 





whereh=h,+h,+...+h,. 

In other words, k, is the weighted mean value, the weights being the thickness for each 
layer. 

It can be shown that k, is always greater than k, for a given situation. 


*5.9 CAPILLARITY 


The phenomenon in which water rises above the ground water table against the pull of grav- 
ity, but is in contact with the water table as its source, is referred to as ‘Capillary rise’ with 
reference to soils. The water associated with capillary rise is called ‘capillary moisture’. The 
phenomenon by virtue of which a liquid rises in capillary tubes is, in general, called ‘capillarity’. 

All voids in soil located below the ground water table would be filled with water (except 
possibly for small pockets of entrapped air or gases). In addition, soil voids for a certain height 
above the water table will also be completely filled with water. This zone of saturation above 
the water table is due to capillary rise in soil. Even above this zone of full saturation, a condi- 
tion of partial saturation exists. The zone of soil above the water table in which capillary water 
rises is denoted as the ‘capillary fringe’. 
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Capillus literally means hair in Greek, indicating that the size of opening with which 
the phenomenon of capillarity is connected or related, is of this order of magnitude. 


5.9.1 Rise of Water in Capillary Tubes 


The principle of capillary rise in soils can be related to the rise of water in glass capillary tubes 
in the laboratory. When the end of a vertical capillary tube is inserted into a source of water, 
the water rises in the tube and remains there. This rise is attributed to the attraction between 
the water and the glass and to surface tension which develops at the air-water interface at the 
top of the water column in the capillary tube. 


The surface tension is analogous to a stretched membrane, or a very thin but tough film. 
The water is “pulled up” in the capillary tube to a height, dependent upon the diameter of the 
tube, the magnitude of surface tension, and the unit weight of water. 

The attraction between the water and capillary tube, or the tendency of water to wet the 
walls of the tube affects the shape of the air-water interface at the top of the column of water. 
For water and glass, the shape is concave as seen from top, that is, the water surface is lower 
at the centre of the column than at the walls of the tube. The resulting curved liquid surface is 
called the ‘meniscus’. The surface of the liquid meets that of the tube at a definite angle, 
known as the ‘contact angle’. This angle, incidentally, is zero for water and glass (Fig. 5.12). 
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¢— Glass capillary tube 


Free water surface 











Fig. 5.12 Capillary rise of water in a glass-tube 


The column of water in the capillary tube rises, against the pull of gravity, above the 
surface of the water source. For equilibrium, the effect of the downward pull of gravity on the 
capillary column of water has to be resisted by surface tension of the water film adhering to 
the wall of the tube to hold the water column. 


IfT is the surface tension, in force units per unit length, the vertical component of the 
force is given by nd, . T, . cos œ where o is the contact angle and d, is the diameter of the 
capillary tube. With water and glass, the meniscus is tangent to the wall surface, so that the 
contact angle, a, is zero. 

Therefore, the weight of a column of water, that is capable of being supported by the 


2 
surface tension, isnd, .T,. But the weight of water column in the capillary tube is Me 





ha Yup 
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where y,, is the unit weight of water and A, is the capillary rise. 
nd, .T, = do he Tw 
AT, 
C Yode 


This equation helps one in computing the capillary rise of water in a glass capillary 
tube. 


The value of T, for water varies with temperature. At ordinary or room temperature, T, 
is nearly 7.3 dynes/mm or 73 x 10° N/mm and y,, may be taken as 9.81 x 10-° N/mm’. 


4x73x10 — 30 
h = = ...(Eq. 5.37 
e= 981x10°d, d, ai ee 
whered, is the diameter of the glass capillary in mm, and A, is the capillary rise of water in the 
glass tube in mm. 





or h ... (Eq. 5.36) 





There are situations, however, in which the temperature effects should be considered. 
Generally, as temperature increases, surface tension decreases, indicating a decrease in capil- 
lary rise under warm conditions or an increase in capillary rise under cold conditions. The 
effect of this on soil will be discussed in a later sub-section. 

As the column of water stands in the capillary tube, supported by the surface tension at 
the meniscus, the weight of the column is transmitted to the walls of the capillary tube creat- 
ing a compressive force on the walls. The effect of such an action on soil is also discussed in a 
later sub-section. 

The height of the capillary rise is not dependent on the orientation of the capillary tube, 
or on variations in the shape and size of the tube at levels below the meniscus as shown in 
Fig. 5.13. 





Fig. 5.13 Capillary heights of capillary tubes of various shapes 
(These are equal if the diameters of their menisci are the same) 


However, for water migrating up a capillary tube, a large opening can prevent further 
movement up an otherwise smaller diameter tube. The determining factor is the relation be- 
tween the size of the opening and the particular height of its occurrence above the source of 
water. 

In case the capillary rise computed on the basis of a larger opening is more than the 
height of this section of the tube, the water would rise further, and the final level will depend 
upon the capillary rise, computed and based upon the smaller opening above. In other words, 
the capillary rise would be dependent upon the diameter of the meniscus in such cases. How- 
ever, in case the capillary rise computed on the basis of a larger opening is less than the height 
of this section, the water would rise no further, even if the section above is of a smaller size. 


SOIL MOISTURE—PERMEABILITY AND CAPILLARITY 139 





The hydrostatic pressure in the capillary tube at the level of the free surface of the 
water supply is zero, that is, it is equal to the atmospheric pressure. It is known that below the 
free water surface hydrostatic pressure u increases linearly with depth : 

u =Y,-Z 
where y„ = Unit weight of water. 

Conversely, hydrostatic pressure measured in the capillary column above the free water 
surface is considered to be negative, that is, below atmospheric. This negative pressure, called 
capillary tension, is given by : 

u=- Y,- h 
where A is the height measured from the free water surface. The maximum value of the capil- 
lary tension u, is : 





u, =Y, -h,= = ...(Eq. 5.38) 


Capillary rise is not limited to tubes. If two vertical glass plates are placed so that they 
touch along one end and form a ‘V in plan, a wedge of water will rise in the V because of the 
phenomenon of capillarity (Fig. 5.14). 







Capillary rise 


Water level 
V 








Fig. 5.14 Capillary rise in the corner formed by glass plates 


The height of such rise is related not only to the attraction between the water and plates 
and the physical properties of water, as in tubes, but also to the angle formed by the ‘V’. 
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5.9.2 Capillary Rise in Soil 


The rise of water in soils above the ground water table is analogous to the rise of water into 
capillary tubes placed in a source of water. However, the void spaces in a soil are irregular in 
shape and size, as they interconnect in all directions. Thus, the equations derived for regular 
shaped capillary tubes cannot be, strictly speaking, directly applicable to the capillary phe- 
nomenon associated with soil water. However, the features of capillary rise in tubes facilitate 
an understanding of factors affecting capillarity and help determine the order of a magnitude 
for a capillary rise in the various types of soils. 

Equation 5.36 indicates that even relatively large voids will be filled with capillary water 
if soil is close to the ground water table. As the height above the water table increases, only the 
smaller voids would be expected to be filled with capillary water. The larger voids represent 
interference to an upward capillary flow and would not be filled. The soil just above the water 
table may become fully saturated with capillary water, but even this is questionable since it is 
dependent upon a number of factors. The larger pores may entrap air to some extent while 
getting filled with capillary water. Above this zone lies a zone of partial saturation due to 
capillarity. In both these zones constituting the capillary fringe, even absorbed water contributes 
to the pore water (Fig. 5.15). 








IPNNNN NN  ?NNIA. DININI NTO» 


D d lati 
ýy y y ý y y y ON percoaion Zone of partial saturation 


due to capillary rise, downward 
percolation, and adsorbed water 











Capillary rise Zone of full saturation due to 


A $ 4 ii 4 ^ 4 4 A il A tawty capillary rise and adsorbed water 


= T Zone of full saturation below water table 





llk 


Fig. 5.15 Capillary fringe with zones of full and partial saturation 


Capillary water in 
K the wedge formed at 
grain to grain contact 


Fig. 5.16 Wedge of capillary water at the contact of soil grains 


In the zone of partial saturation due to the capillary phenomenon, capillary movement 
of water may occur even in the wedges of the capillary V formed wherever soil grains come into 
contact (similar to the V formed by vertical plates discussed in the preceding sub-section) Fig. 
5.16. This is referred to as “Contact Moisture”. 

Since void spaces in soil are of the same order of magnitude as the particle sizes, it 
follows that the capillary rise would be greater in fine-grained soils than in coarse-grained 
soils. Relative values of capillary rise in various soils are given in Table 5.2 for an idea of 
orders of magnitude. 
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Table 5.2 Typical ranges of capillary rise in soils (Mc Carthy, 1977) 








Soil Designation Approximate Capillary height in mm 
Fine Gravel 20 — 100 
Coarse sand 150 
Fine sand 300 — 1000 
Silt 1000 — 10000 
Clay 10000 — 30000 














Temperature plays an important role in the capillary rise in soil. At lower temperature 
capillary rise is more and vice versa. Capillary flow may also be induced from a warm zone 
towards a cold zone. 

It is to be noted that the negative pressures in the pore water in the capillary zone 
transfers a compressive stress of equal magnitude on to the mineral skeleton of the soil. Thus, 
the maximum increase in interangular pressure in the capillary zone is given by : 


Oe = h,- Yy ...(Eq. 5.39) 
This is also loosely referred to as the ‘capillary pressure’ in the soils. This leads to shrink- 


age effects in fine-grained soils such as a clay. Representative values of capillary pressures are 
given in Table 5.3 : 


Table 5.3 Representative values of capillary pressures (Mc Carthy, 1977) 











Soil Capillary pressure-kN / m? 
Silt 10 to 100 
Clay 100 to 300 











5.9.3 Time Rate of Capillary Rise 


In cases where a fill or an embankment is placed for highways, buildings or other purposes, 
the time necessary for the capillary rise to gain maximum height requires consideration. On 
the basis of typical sizes of voids, clay and fine silt will have a significant capillary rise. How- 
ever, the time required for the rise to occur may be so great that other influences, such as 
evaporation and change in ground water level, may also play their part. 

The “Capillary Conductivity” or “Capillary permeability” is the property which indi- 
cates the rate of capillary rise. The factors known to effect the capillary permeability of a soil 
are size of voids, water content and temperature of the soil. This property is quantitatively 
greater for higher water contents and lower temperatures. The relative rates of capillary con- 
ductivity are similar to the comparative values for Darcy’s permeability—that is, more for 
coarse soils and low for silts and clays. Absolute values of capillary conductivity are not avail- 
able. 


5.9.4 Suspended Capillaries 


Percolating surface water due to rain or pore water resulting from a formerly higher water 
table can be held in a suspended state in the soil voids because of the surface tension phenomenon 
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responsible for capillary rise. There would be menisci at both ends of the suspended column, 
each meniscus being in tension. The length of such a column would be controlled by the same 
factors that effect capillary rise. 


5.9.5 Removal of Capillary Water in Soil 
The existence of an air-water interface is a prerequisite for the occurrence of capillary rise. 
Since capillary water can exist only above the water table, it follows that capillarity will cease 
to exist where submergence of a soil zone exists. 

Evaporation is another means of removing capillary water. This capillary water is very 
mobile as evaporation is continually replaced by capillary water. 


5.9.6 Effects of Surface Tension and Capillarity 


At the level of the meniscus the surface tension imposes a compressive force onto the soil 
grains in contact with the meniscus of magnitude equal to the weight of water in the capillary 
column, as indicated in an earlier sub-section. This effect applies to both a meniscus resulting 
from capillary rise and for pore water suspended above a capillary zone. The compressive force 
imposed on the soil in contact with the held column of water causes compression or shrinkage 
of the soil. 

When the ground water drops subsequent to the time of formation of a clay deposit, 
internal compressive stresses in the clay mass due to the surface tension and capillary forces 
make it firm and strong. This is referred to as drying by desiccation and the clays are therefore 
called “desiccated clays”. Sometimes, such desiccated clays may overlie soft and weak deeper 
clays. However, the strength and thickness of the desiccated zone may be such that roads and 
light buildings could be satisfactorily supported by it. 

Since the intergranular pressure in the capillary zone is increased by capillary pres- 
sures, the procedure for determination of the effective stress when such a zone overlies a 
saturated soil mass, gets modified as illustrated below (Fig. 5.17) : 








Capillary zone 
(saturated) 


Water-table 


Saturated soil | 














>| y' (h; + c 
le (r'he + Ysaths) 
Fig. 5.17 Capillary zone-computation of effective stress 


Let a saturated soil mass of depthh, be overlain by a capillary zone of height A, assumed 
saturated by capillarity. 
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At level PP: 

Total stress o = (h, +h,) Yeat 

Neutral stress u =h Yp 

Effective stress O =0-uU = h, Yat + A Yeat — Vy = Meat + AY 
At level QQ: 

Total stress o = h, . Yeat 

Neutral stress u = zero 

Effective stress O =0-U= h, . Yat 


This is because the capillary phenomenon increases the effective or intergranular stress 
by a magnitude equal to the negative pore pressure h, . Y„ at the top of the capillary fringe, the 
pore pressure being zero at the bottom of the capillary fringe. 


This is interesting because the effective stress increases from h, . y to h, . Ysa at the 
bottom of the capillary zone, when the saturation is by capillarity and not by submergence. 


At level RR: 
Effective stress © = capillary pressure = h Y, 
The effective stress diagram is shown in Fig. 5.17. 


The effect of a capillary fringe of height A, is analogous to that of a surcharge h, . Y, 
placed on the saturated soil mass. 


At depth h below the surface (h < h.) : 


Effective stress © =hy’ +h, Yy 

This may be shown as follows : 

Total stress O=h. Yat 

Neutral stress, u = — (Pressure due to weight of water hanging below that level) 
=-(h,-hyy, 

Effective stress 6 =0-u 

= hye + Ny — Py 
=hy’ +h, 


When A = h „ this becomes: 
© =hAY +hy,, = Ah Nea as earlier. 

The surface tension phenomenon also contributes to the strength of the soil mass in 
partially saturated coarse-grained soils. The moisture will be in the shape of wedges at grain 
contacts while the central portion of the void is filled with air. Thus, an air-water interface is 
formed. The surface tension in this meniscus imposes a compressive force on the soil grains, 
increasing the friction between the grains and consequently the shear strength (more of this 
will be seen in Chapter 8). This strength gain in partially saturated granular soils due to 
surface tension is termed ‘Apparent Cohesion’ (Terzaghi). This gain can be significant in some 
situations. This apparent cohesion disappears on full saturation and hence cannot always be 
relied upon. 


5.9.7 Horizontal Capillarity Test 

The ‘Horizontal capillary test’, also known as the ‘Permeability—capillary test’, is based on the 
determination of the rate of horizontal capillary saturation of a dry soil sample subjected to a 
hydraulic head from one end. The set-up for this test is shown in Fig. 5.18. 
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Ifa dry and powdered soil sample is thoroughly mixed and packed into a glass tube with 
a screen at one end and a vented stopper at the other and then the tube is immersed in a 
shallow depth of water in a horizontal position, the water is sucked into the soil by capillary 
action. The distance to which the sample gets saturated may be expressed as a function of 
time. 












Rubber tube 
w__Surface for air vent 
ho 
Screen "2H 5 oh: 2 Glass tube 





Filter of coarse sand 





Fig. 5.18 Horizontal capillarity test (After Taylor, 1948) 


In this situation, the menisci are developed to the maximum curvature possible for the 
void sizes in the sample; the corresponding capillary head constant for the soil at a given void 
ratio. The pressure difference between either end of the line of saturation or the menisci in the 
pore water is the capillary tension at all times. 

Let the area of cross-section of the tube be A, and the porosity of the sample ben. If the 
line of saturation has proceeded a distance x, the hydraulic head expended may be formed as 
follows: 

At point X: 

Elevation head: — h, (water surface is the datum assumed) 

Pressure head: + hy 

Total head =- hg +h, =0 

At point Y: 

Elevation head = —h, 

Pressure head = — h, 

Total head = — (hy +h,) 

Therefore, the head expended from X to Y = 0 + (hy + h.) = (hy + h,) 

If we imagine that standpipes could be inserted at X and Y, water would rise to the 
elevations shown in the figure, and the difference between these elevations would be (hy + h,). 

If a fine-grained sample is placed just below water surface, h, may be negligible com- 
pared toh. When the size of the tube is of appreciable magnitude, h, varies for different points 
and the head lost is greater at the bottom than it is at the top of the sample; however, it may be 
made almost constant for all points in the cross-section if the tube is revolved about its axis as 
saturation proceeds: 
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If the degree of saturation is S, Darcy’s Law for a particular value of x, gives: 
S.v=k.i 
In terms of seepage velocity v,, this reduces to: 
S.n.v,=k.i, n being the porosity. 
Here, v, = the seepage velocity parallel to X-direction = dx/dt 


Si nvduidi = p, Oth) 
x 


k 
or xdx = gn” +h dt 
Integrating between the limits x, and x, for x, and t, and ¢, for t, 


XQ t k 
J x.dx = J, g y Č thet 


xı 





2 2 
Xə — xy 2k 
= ho th 
a l aa o + he) ...(Eq. 5.40) 


The degree of saturation, may be found from the dry weight, volume, grain specific 
gravity, and the wet weight at the end of the test. The porosity may also be computed from 
these. 


In case the degree of saturation is assumed to the 100%, we may write: 


2 2 
Xo —Xy1 2k 
= |= — (ho + h,) ‘ 
(=) = (ig __(Eiq. 5.41) 


There are two unknowns k and A, in this equation. The usual procedure recommended 
for their solution is as follows : 

The first stage of the test is done with a certain value of the head, hy) when the sample 
is saturated for about one-half of its length, the values of x being recorded for different time 
lapses ż. The second stage of the test is conducted with a much larger value of the head, hg, ; 
this large value of the head is best imposed by clamping a head water tube to the left end of the 
glass tube containing the soil sample. 


A plot oft versus x? gives a straight line which has different slopes for the two stages as 
shown in Fig. 5.19. 


2 


Square of saturated length, x ——» 




















Time, t —> 


Fig. 5.19 Plot of t vs . x? in horizontal capillarity test 
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The left-hand side of Eq. 5.41 is nothing but the slope m of this plot ; thus, we have two 
values m, and m, for the 1.h.s. of this equation for the two values of head họ, and họ, for the 
two stages. 

Hence, we have: 

m, = 2k/n (ho, +h.) 
m, = 2k/n(ho, + he) 
The solution of these two simultaneous equations would yield the values for h) and k. 


This two-stage test is also termed ‘Capillarity-permeability test’ as it affords a proce- 
dure for the determination of the permeability in addition to the capillary head. 


5.9.8 Vertical Capillarity Test 


There is little choice between the horizontal capillarity test and the vertical capillarity test, 
which will be described in this sub-section. However, the horizontal capillarity test is gener- 
ally preferred. 

The set-up for the vertical capillarity test is shown in Fig. 5.20: 





Soil sample 
Line of saturation 














Fig. 5.20 Vertical capillarity test (After Taylor, 1948) 


The saturation proceeds by capillary action vertically upward into the tube: 
At point X: 
Both elevation head and pressure head are zero. 
At point Y: 
Elevation head = z 
Pressure head = —h, 
Total head = (z —h,) 
(h. =2) 
z 


The corresponding differential equation for the speed of saturation is obtained by using 
Darcy’s law: 


Hydraulic gradient = 
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dz_, (h,-2) 
dt z 
Ifz is zero when ¢ is zero, the solution of this differential equation is: 
nh z 
= —= |- log, | 1- = |- z/h, ...(Eq. 5.42 
t i g | z) | (Eq ) 


Here h, and k are assumed constants. However, as soon as z becomes larger than the 
height of the bottom zone of partial capillary saturation the increasing air content leads to 
variations in both h, and k. The permeability decreases and eventually becomes so small that 
the tests required to determine the height of the zone of a partial capillary saturation needs a 
very long period of time. The height to the top of the zone of partial saturation has no relation 
to the constant capillary head} „ since the former depends on the size of the smaller pores, and 
the letter acts only when there is maximum saturation and depends upon the size of the larger 
pores. 

It has been found from laboratory experiments that for values z less than about 20% of 
h., the saturation is relatively high, and A, and k are essentially constant. 


For different sets of values ofz and t, it is possible to solve for h, and k simultaneously. 


5.10 ILLUSTRATIVE EXAMPLES 


Example 5.1. Determine the neutral and effective stress at a depth of 16 m below the ground 
level for the following conditions: Water table is 3 m below ground level ; G = 2.68; e = 0.72; 
average water content of the soil above water table is 8%. 

(S.V.U.—B. Tech., (Part-time)—April, 1982) 


The conditions are shown in Fig. 5.21: 





Fig. 5.21 Soil profile (example 5.1) 





G = 2.68 
e=0.72 
w = 8% for soil above water table. 
G(1+ w) 
Ts Uro 
7 108 5 
= 2.68 x 172 x 9.81 kKN/m 


= 16.51 kN/m. 
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_ {Gre 
Ysat = Tze -Yw 


2 a x 9.81 kN/m? = 19.39 kN/m? 


Total pressure at a depth of 16 m : o = (3 x 16.51 + 13 x 19.39) = 301.6 kN/m?. 
Neutral pressure at this depth: u = 13 x 9.81 = 127.5 kN/m? 
Effective stress at 16 m below the ground level : 
o = (0 — u) = (301.6 — 127.5) 
= 174.1 kN/m2. 





All pressures 
are in kN/m? 


le 264.16 ple—>| 1127.54 l<—174.1>| 


37.44 
(a) Total stress (b) Neutral pressure (c) Effective stress 

















Fig. 5.22 Pressure diagrams (Example 5.1) 


Example 5.2. A saturated sand layer over a clay stratum is 5 m in depth. The water is 1.5 m 
below ground level. If the bulk density of saturated sand is 17.66 kN/m, calculate the effective 
and neutral pressure on the top of the clay layer. (S.V.U.—B.E., (R.R.)—Nov., 1969) 


The conditions given are shown in Fig. 5.23. 









a 
1.5m Sand-dry (assumed) 
N y WT 


18.93 
All pressures 
are in 
2 
kN/m 


ke 63.10 >44] kt >| }¢—>| 
17.64 34.34 46.40 


(a) Total pressure (b) Neutral pressure 
(c) Effective pressure 








3.5 m::Sand saturated: ::::: 3.5 











Fig. 5.23 Soil profile (Example 5.2) Fig. 5.24 Pressure diagrams 


Let us, in the absence of data, assume that the sand above the water table is dry. Bulk 
density of saturated sand, 


Yeat = 17.66 kN/mè. 


_[G+e 
Ya l+e Yw 
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Let us assume: G = 2.65 
2.65 + 
or 17.66 = B+E (981) 
(1+e) 
whence e=1.06 
2. 
Y Glu. oP x 9.81 kN/m? = 12.62 kN/m? 





~ (+e) (+106) 
Total stress at the top of clay layer: 


o = 1.5 x 12.62 + 3.5 x 17.66 = 80.74 kN/m? 
Neutral stress at the top of clay layer: 

u = 3.5 x 9.81 = 34.34 kN/m? 
Effective stress at the top of clay layer: 


© = (0 — u) = 80.74 — 34.34 = 46.40 KN/m?. 


Example 5.3. Compute the total, effective and pore pressure at a depth of 15 m below the 
bottom of a lake 6 m deep. The bottom of the lake consists of soft clay with a thickness of more 
than 15 m. The average water content of the clay is 40% and the specific gravity of soils may be 
assumed to be 2.65. (S.V.U.—B.E., (R.R.)—April, 1966) 


The conditions are shown in Fig. 5.25: 









All pressures 
are in 
2 

kN/m 


+141 > el 
206 117.9 206 117.9 


(a) Total pressure (b) Neutral pressure 
(c) Effective pressure 


Lake bed 





Saturated clay 15 M 














Fig. 5.25 Clay layer below lake bed (Example 5.3) Fig. 5.26 Pressure Diagrams (Example 5.3) 
sat 7 40% 

Specific gravity of solids, G = 2.65 

Void ratio, e=w 


Water content w 


sat ° G 
= 0.4 x 2.65 
= 1.06 


_(Gte 
Ysat = ae Yw 


2.65 + 1.06 
= roa x 9.81 kN/m? 
= 17.67 kN/m 


Total stress at 15 m below the bottom of the lake: 
o =6 x 9.81 + 15 x 17.67 = 323.9 kN/m? 
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Neutral stress at 15 m below the bottom of the lake: 
u = 21 x 9.81 kN/m? = 206.0 kN/m? 
Effective stress at 15 m below the bottom of the lake: 
o’ = 323.9 — 206.0 = 117.9 kN/m? 
Also, 6 =15xy’=15x Yat Yu) 
= 15(17.67 — 9.81) 
= 117.9 kN/m? 
The pressure diagrams are shown in Fig. 5.26. 
Example 5.4. A uniform soil deposit has a void ratio 0.6 and specific gravity of 2.65. The 
natural ground water is at 2.5 m below natural ground level. Due to capillary moisture, the 
average degree of saturation above ground water table is 50%. Determine the neutral pres- 
sure, total pressure and effective pressure at a depth of 6 m. Draw a neat sketch. 
(S.V.U.—B. Tech., (Part-time)—April, 1982) 
The conditions are shown in Fig. 5.27: 


24.53 24.53 
ii Ýi 


S = 50% due to 
capillary moisture 


2.5m 
45.22 


Saturated soil 3.5 m 





-115 > i—! | 
34.34 80.66 


(a) Total pressure (b) Neutral pressure 
(c) Effective pressure 


Fig. 5.27 Soil profile (Example 5.4) Fig. 5.28 Pressure diagrams (Example 5.4) 


Void ratio, e = 0.6 
Specific gravity G = 2.65 





Yeat = (+=) » = 285+ 0.60) 9.81 kN/m? 
l+e 


(1+ 0.60) 
= 19.93 kN/m? 
yat 50% saturation 


: £ + se) _ (2.65 x 0.5 + 0.60) 








= x 9.81 KN/m? = 18.09 kN/m. 
l+e (1+ 0.60) 


Total pressure, o at 6 m depth = 2.5 x 18.09 + 3.5 x 19.93 

= 115 kN/m? 
Neutral pressure, u at 6 m depth = 3.5 x 9.81 = 34.34 kN/m? 
Effective pressure, © at 6 m depth = (o — u) 

= 115.00 — 34.34 = 80.66 kN/m? 
The pressure diagrams are shown in Fig. 5.28. 
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It may be pointed out that the pore pressure in the zone of partial capillary saturation is 
difficult to predict and hence the effective pressure in this zone is also uncertain. It may bea 
little more than what is given here. 


Example 5.5. Estimate the coefficient of permeability for a uniform sand where a sieve analy- 
sis indicates that the D,, size is 0.12 mm. 


Do = 0.12 mm = 0.012 cm. 
According to Allen Hazen’s relationship, 
k =100D,,? 
where k is permeability in cm/s and D,, is effective size in cm. 
: k = 100 x (0.012)? = 100 x 0.000144 = 0.0144 cm/s 
Permeability coefficient = 1.44 x 107! mm/s. 
Example 5.6. Determine the coefficient of permeability from the following data: 


Length of sand sample = 25 cm 

Area of cross section of the sample = 30 cm? 

Head of water = 40 cm 

Discharge = 200 ml in 110s. (S.V.U.—B. Tech., (Part-time)—June, 1981) 
L = 25 cm 
A = 30 cm? 


h = 40 cm (assumed constant) 

Q = 200 ml.t¢=110s 

q = Q/t = 200/110 ml/s = 20/11 = 1.82 cm/s 
i = h/L = 40/25 = 8/5 = 1.60 


20 
— i. = —@—_em/ 
BOA Fee 
= 0.03788 cm/s 


= 8.788 x 10-! mm/s. 
Example 5.7. The discharge of water collected from a constant head permeameter in a period 
of 15 minutes is 500 ml. The internal diameter of the permeameter is 5 cm and the measured 
difference in head between two gauging points 15 cm vertically apart is 40 cm. Calculate the 
coefficient of permeability. 
If the dry weight of the 15 cm long sample is 4.86 N and the specific gravity of the solids 

is 2.65, calculate the seepage velocity. (S.V.U.—B.E., (N.R.)—May, 1969) 

Q = 500 ml ;t = 15 x 60 = 900s. 

A = (7/4) x 5? = 6.25n cm? ; L = 15 cm ; h = 40 cm; 





QL 500 x 15 
= = m/s = 0. 
i Ath 6.25 xn x 900 x 40 cm/s = 0.106 mm/s 
ici j 500 
Superficial velocity v = Q/At = 500 x 6.25 eas 
= 0.0283 cm/s 


= 0.283 mm/s 
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Dry weight of sample =4.86N 








Volume of sample =A.L=6.25 x nx 15 cm? = 294.52 cm? 
4. 
Dry density, w= wo N/cm? = 16.5 kN/m? 
= Lie. 
d (1+e) 
(l+e)= oe 1.606, since y, = 10 kN/m? 
16.5 w 
e = 0.606 
n= i = 0.3773 = 37.73% 
0.283 
S locit =v/n = = 0.750 mm/s. 
eepage velocity, v, = v/n = 53773 mm/s 


Example 5.8. A glass cylinder 5 cm internal diameter and with a screen at the bottom was 
used as a falling head permeameter. The thickness of the sample was 10 cm. With the water 
level in the tube at the start of the test as 50 cm above the tail water, it dropped by 10 cm in one 
minute, the tail water level remaining unchanged. Calculate the value of k for the sample of 


the soil. Comment on the nature of the soil. (S.V.U.—B.E., (R.R.)—May, 1969) 
Falling head permeability test: 
h, = 50 cm; h, = 40 cm 
t, =0; t, = 60s... = t, —t, = 60s 


A = (n/4) x 52 = 6.25n cm? ; L = 10 cm 
Since a is not given, let us assume a =A. 


k = 2.303 oe Tog ig (hy/ha) 


= 2.303 x (10/60) log,, (50/40) cm/s 
= 0.0372 cm/s 
= 8.72 x 10-1 mm/s 

The soil may be coarse sand or fine graved. 


Example 5.9. In a falling head permeability test, head causing flow was initially 50 cm and it 
drops 2 cm in 5 minutes. How much time required for the head to fall to 25 cm ? 


(S.V.U.—B.E., (R.R.)—Feb., 1976) 
Falling head permeability test: 


We know: k = 2.303 = Joga rh) 
Designating 2.303 = as a constant C 

k= c$ . logy) (A4/hy) 
When h, = 50 ; h, = 48, t = 300 s 


K a 
L E 7 
C= 300 181048) 
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When h, = 50; h, = 25; substituting: 


1 
zog 81o (50/48) = (1/t) log, (50/25) 


+ = 300 — 810? _ 
log 19 (25/24) 
Example 5.10. A sample in a variable head permeameter is 8 cm in diameter and 10 cm high. 
The permeability of the sample is estimated to be 10 x 10 cm/s. If it is desired that the head 
in the stand pipe should fall from 24 cm to 12 cm in 3 min., determine the size of the standpipe 
which should be used. (S.V.U.—B.E., (R.R.)—Dec., 1970) 


Variable head permeameter: 


= 5093.55s = 84.9 min. 


Soil sample diameter = 8 cm 
height (length) = 10 cm 
Permeability (approx.) = 10 x 10+ cm/s 
h, = 24 cm, h, = 12 cm,t=180s 
Substituting in the equation 


k = 2.303 = log 9 (h/h), 


10-3 = 2.303 x a x 10 
mx 16x 180 
_ mx 16x 180 
~ 2.303 x 104 (log 1 2) 
If the diameter of the standpipe is d cm 
a = (n/4) d? 


d= [2x L302 cm = 1.29 cm 
T 


The standpipe should be 13 mm in diameter. 
Example 5.11. A horizontal stratified soil deposit consists of three layers each uniform in 
itself. The permeabilities of these layers are 8 x 10+ cm/s, 52 x 10 cm/s, and 6 x 10+ cm/s, 
and their thicknesses are 7, 3 and 10 m respectively. Find the effective average permeability of 
the deposit in the horizontal and vertical directions. 


(S.V.U.—B. Tech., (Part-time)—April, 1982) 


log 19 (24/12) 


em” = 1.305 cm? 





The deposit is shown in Fig. 5.29: 





First layer 





Second layer 





Third layer 








Fig. 5.29 Soil profile (Example 5.11) 
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k,=8x10+cm/s h,=7m 
k, = 52 x 10+ cm/s h,=3m 
k,=6x10*cm/s h,=10m 
(kihi + koho + kghg) 

(hy + ha + hg) 


(8x7+52x3+6x 10) 
~ 20 
= 13.6 x 10+ cm/s 
Effective average permeability in the horizontal direction 
= 13.6 x 10° mm/s 


k, (or k,) = 








x 10-4 


h 

k (or k) = =~ 
hy h hs 
ky ky Rg 


20 
at [7/8 + 3/52 + 10/6] 





= 7.7 x 10+ cm/s 
Effective average permeability in the vertical direction 
= 7.7 x 10° mm/s. 
Example 5.12. An unconfined aquifer is known to be 32 m thick below the water table. A 
constant discharge of 2 cubic metres per minute is pumped out of the aquifer through a tubewell 
till the water level in the tubewell becomes steady. Two observation wells at distances of 15 m 
and 70 m from the tubewell show falls of 3 m and 0.7 m respectively from their static water 
levels. Find the permeability of the aquifer. (S.V.U.—B.Tech., (Part-time)—April, 1982) 
The conditions given are shown in Fig. 5.30: 






X Original WT 








32 m Drawdown 
curve 











Fig. 5.30 Unconfined aquifer (Example 5.12) 
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We know, 

_ qlog, (r/ry) 

~ gigs” =z) 

_ 2.303 x 2 log 10 a 100 cm/s 

60 x m (313^ — 29°) 

= 1.18 x 10- mm/s. 
Example 5.13. Determine the order of magnitude of the composite shape factor in the Poiseulle’s 
equation adapted for flow of water through uniform sands that have spherical grains and a 
void ratio of 0.9, basing this determination on Hazen’s approximate expression for permeabil- 








ity. 
Poiseulle’s equation adapted for the flow of water through soil is: 
k= p2... a . 
* u (1+e) 


with the usual notation, C being the composite shape factor. 


By Allen Hazen’s relationship, 
k =100D,,? 
Dois the same as the diameter of grains, D for uniform sands. 
k = 100 D,?. Here D, is in cm while k is in cm/s. 


Substituting — 








3 
100D2 = D2.. L—. 
s * u (1+e) 
(1+e) 
C = 100. = 3; here y is in N-Sec/cm? and yis in N/cm. 


_ 100x10” x 10° x 19 


9.81x 10° x (0.9)? 
since u = 10-3 N-sec/em? (at 20°C) and y = 9.81 kN/m? 


= 0.002657. 
Example 5.14. A cohesionless soil has a permeability of 0.036 cm per second at a void ratio of 
0.36. Make predictions of the permeability of this soil when at a void ratio of 0.45 according to 


the two functions of void ratio that are proposed. 

















k . k _ e” 4 ez” 
tome (1+e,) (+e) 
3 3 
0.036 : k, = (0.36) ! (0.45)” _ 0.546: 1 
136 145 
he Wat x 0.36 mm/s = 6.60 x 107! mm/s 
Also, Rik =e tee" 


0.036 : k, = (0.36)? : (0.45)? 
= 0.1296 : 0.2025 
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0.2025 
= 0.36 = 5.625 x 10-! mm/s. 
2* 0.1296 * ences 
Example 5.15. Permeability tests on a soil sample gave the following data: 
Test No. Void ratio Temperature °C Permeability in 10% 
mm/s 

1 0.63 20 0.36 
2 1.08 36 1.80 

















Estimate the coefficient of permeability at 27°C for a void ratio of 0.90. 


Viscosity at 20°C = 1.009 x 10°° N.sec/mm? 
Viscosity at 36°C = 0.706 x 10°? N.sec/mm? $ Unit weight y = 9.81x 10°° N/mm? 
Viscosity at 27°C = 0.855 x 10° N.sec/mm? 


According to Poisuelle’s equation adapted to flow through soil, 





3 
bop? 2, 
u (1+e) 

From test 1, 


0.36x 10°  9.81x10% (0.63)? 








pae 1009x10 (163) 74A 
s D2. C = 2.414 x 10-7 
From test 2, 
180x10 981x10 (108)? 
= = 8415.35 


D?.C 0706x100 2.08 
z D2 .C = 2.139 x 10-7 
Average value of D ? . C = 2.2765 x 10-7 
At 27°C and a void ratio of 0.90, 


9.81x10° (0.90)? 
0.855x10° 19 


Example 5.16. To what height would water rise in a glass capillary tube of 0.01 mm diam- 
eter ? What is the water pressure just under the meniscus in the capillary tube ? 


k = 2.2765 x 1077 x 





= 1.002 x 10 mm/s. 


4T, 
Capillary rise, h, = Va where T, is surface tension of water and y, is its unit weight 


and d, is the diameter of the capillary tube. 





4 10° 
ne aul an ws mm, assuming T, = 73 x 10° N/mm and 
9.81x 10™ x0.01 
= 30/0.01 mm Y, = 9.81 x 10- N/mm?. 


= 3000 mm or 3 m. 
Water pressure just under the meniscus in the tube 
= 3000 x 9.81 x 10® N/mm? 
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= 8 x 9.81 kN/m? 
= 29.43 kN/m2. 
Example 5.17. The D- size of a soil is 0.01 mm. Assuming (1/5) D,, as the pore size, estimate 
the height of capillary rise assuming surface tension of water as 75 dynes/cm. 
(S.V.U.—B.Tech., (Part-time)—April, 1982) 
The effective size D,, of the soil = 0.01 mm 
Pore size, d, = (1/5)D,,) = (1/5) x 0.01 mm = 0.002 mm. 
Surface tension of water = 75 dynes/cm = 75 x 10-6 N/mm. 
Height of Capillary rise in the soil: 
4T, 
Yw de 
__ 4x75x 10° 
~ 9.81x 10° x 0.002 
4x75 
9.81x 0.002 x 1000 ` 
= 15.3 m. 
Example 5.18. What is the height of capillary rise in a soil with an effective size of 0.06 mm 
and void ratio of 0.63 ? 
Effective size = 0.06 mm 
Solid volume œ (0.06) 
Void volume per unit of solid volume œ= 0.63(0.06)3 
Average void size, d, = (0.63)" x 0.06 mm = 0.857 x 0.06 = 0.0514 mm 
Capill i h 2 
apillary rise, F 
4x73x10® 
~ 981x10 ® x00514 
= 0.58 m. 
Example 5.19. The effective sizes of two soils are 0.05 mm and 0.10 mm, the void ratio being 
the same for both. If the capillary rise in the first soil is 72 cm, what would be the capillary rise 
in the second soil ? 
Effective size of first soil = 0.05 mm 
Solid volume œ (0.05)8 
Void volume œ e(0.05)8 
Average pore size, d, = e"3 x 0.05 mm 
AT, 
Yud 


w 








mm, since y, = 9.81 x 10-6 N/mm? 














Capillary rise of h, = 


c 
5 h,% 1/d, 

Since the void ratio is the same for the soils, average pore size for the second soil 
=e" x 0.10 mm. 
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ee 4T, 
Substituting, h, = ids = 36 cm, 


1 
since d, for the second soil is double that of the first soil and since h, « T: 


Example 5.20. The figure (Fig. 5.31) shows a tube of different diameter at different sections. 
What is the height to which water will rise in this tube? If this tube is dipped in water and 
inverted, what is the height to which water will stand? What are the water pressures in the 
tube at points X, Y and Z ? 
Let us denote the top level of each section above the water level as A and the height of 
capillary rise based on the size of the tube in that section, as h.. 
: 30 
Using A, (mm) = d 


we can obtain the following as if that section is independently immersed in water : 








d, (mm) h (mm) h(mm) Remarks 
2 15 10 Water enters the next section 
1 30 20 Water enters the next section 
0.75 40 35 Water enters the next section 
0.50 60 70 Water does not enter the next section 















0.2 mm p 


Free water level 














Fig. 5.31 Tube with varying section (Example 5.20) 


Therefore water enters and stands at 60 mm above free water level. 
If the tube is dipped in water and inverted, 
h, = 30/d, = 30/0.2 = 150 mm. 
Since this is greater than the height of the tube, it will be completely filled. 
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15 x 9.81 


Pressure at X = + h y, = a: 0.147 kN/m? = 147 N/m? 
Pressure at Y =—h.y,, = eet — 0.098 kN/m? = — 98 N/m? 
Pressure at Z =—h,y,, = —e — 0.392 kN/m? — 392 N/m? 


Example 5.21. Sketch the variation in total stress, effective stress, and pore water pres- 
sure up to a depth of 6 m below ground level, given the following data. The water table is 2 m 
below ground level. The dry density of the soil is 17.66 kN/m®, water content is 12% ; specific 
gravity is 2.65. What would be the change in these stresses, if water-table drops by 1.0 m ? 
(S.V.U.—B.Tech., (Part-time)—May, 1983) 
Yg = 17.66 kN/m? 








G = 2.65 
w = 12% (assumed that it is at saturation) 
GYw 
Ya = (1+ e) 
2.65 2.65 

1.8= 3 1 —— = 1.472 

8 (te) (l+e)= 180 7 

e = 0.472 

2.65 + 0.472 

Yat = 1472 x 9.81 kN/m? = 20.81 kN/m? 


Total stress at 2 m below GL = 2 x 17.66 kN/m? = 35.32 kN/m? 

Total stress at 6 m below GL = (2 x 17.66 + 4 x 20.81) = 118.56 kN/m? 

Neutral stress at 2 m below GL = zero. 

Neutral stress at 6 m below GL = 4 x y, = 4 x 9.81 kN/m? = 39.24 kN/m? 

Effective stress at 2 m below GL, 6 =o — u = 35.32 — 0 = 35.32 kN/m? 

Effective stress at 6 m below GL, 6 =o — u = 118.56 — 39.24 = 79.32 kN/m? 

The variation in the total, neutral, and effective stresses with depth is shown in Fig. 5.32. 


Ñ All an] 

2 are in an] 

jaa = 35.32 
4 


— 118.56 79.32 
‘ e920 M 


G-L 


























(a) Initial conditions (b) Total stress (c) Neutral stress (d) Effective stress 


Fig. 5.32 Soil profile and pressure diagrams (Example 5.21) 


Immediately after the water table is lowered by 1 m, the conditions are shown in Fig. 5.33. 
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x 
2m Dry (assumed) 
Original WT 
x Capillary conditions 
m (assume 100% saturation) 














le < 
35.32 i 
56.13 





Submerged 




















k¢— 118.56 —> <—>| ¢——_>| 
29.43 89.13 


(a) Conditions after lowering the water table by 1 m( (b) Total stress 
(c) Neutral stress (d) Effective stress 


Fig. 5.33 Conditions and pressure diagrams (Example 5.21) 


The top 2 m is assumed to be dry. 

The next 1 m is under capillary conditions. 

With suspended water is may be assumed to be 100% saturated. 
The next 3 m is submerged 

Total stress: 

o at 2 m below GL = 2 x 17.66 kN/m? = 35.32 kN/m? 

o at 3 m below GL = (2 x 17.66 + 1 x 20.81) = 56.13 kN/m? 
o at 6 m below GL = (2 x 17.66 + 4 x 20.81) = 118.56 kN/m? 
Variation is linear. 

Neutral stress: 

u up to 2 m below GL is uncertain. 

u at 2 m below GL is due to capillary meniscus. 

It is given by — 1 x 9.81 kN/m?. 

u at 3 m below GL is zero. 

u at 6 m below GL = + 3 x 9.81 kN/m? = 29.43 kN/m? 
Effective stress : 

at 2 m below GL = 35.32 — (— 9.81) = 45.13 kN/m? 

upto 2 m below GL is uncertain. 

at 3 m below GL = 56.13 kN/m?. 

at 6 m below GL = 118.56 — 29.43 = 89.13 kN/m? 

The variation of total, neutral, and effective stresses is shown in Fig. 5.33. 


The variation of the letter two from the surface up to 2 m depth is uncertain because the 
capillary conditions in this zone cannot easily be assessed. 


SUMMARY OF MAIN POINTS 


1. Soil moisture or water in soil occurs in several forms, the free water being the most important. 


2. The total stress applied to a saturated soil mass will be shared by the pore water and the solid 
grains ; that which is borne by pore water is called the ‘neutral stress’ (computed as y,, . h), and 


al al al al 
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that which is borne through grain-to-grain contact is called the ‘effective stress’ ; the effective 
stress, obtained indirectly by subtracting the neutral stress from the total stress, is significant 
in the mobilisation of shear strength. 

Permeability is the property of a porous medium such as soil, by virtue of which water or any 
other fluid can flow through the medium. 

Darcy’s law (Q =k .i .A) is valid for the flow of water through most soils except in the case of very 
coarse gravelly ones. The macroscopic velocity obtained by dividing that total discharge by the 
total area of cross-section is called ‘superficial velocity’. In contrast to this, the microscopic veloc- 
ity obtained by considering the actual pore space available for flow is referred to as the ‘seepage 
velocity’. 

Energy may be expressed in the form of three distinct energy heads, i.e., the pressure head, the 
elevation head, and the velocity head. The direct of flow is determined by the difference in total 
head between two points. 

The constant head permeameter and the variable head permeameter are used in the laboratory 
for the determination of the coefficient of permeability of a soil. 

Pumping tests are used in the field for the same purpose, using the principles of well hydraulics. 
Permeant properties, such as viscosity and unit weight, and soil properties, such as grain-size, 
void ratio, degree of saturation, and presence of entrapped air, affect permeability. 

The overall permeability of a layered deposit depends not only on the strata thicknesses and 
their permeabilities, but also on the direction of flow that is being considered. It can be shown 
that the permeability of such a deposit in the horizontal direction is always greater than that in 
the vertical direction. 

The phenomenon of ‘capillary rise’ of moisture in soil has certain important effects such as satu- 
ration of soil even above the ground water table, desiccation of clay soils and increase in the 
effective stress in the capillary zone. 
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QUESTIONS AND PROBLEMS 


5.1 
5.2 


5.3 


5.4 


5.5 


Define ‘neutral’ and ‘effective pressure in soils. (S.V.U.—B.E., (R.R.)—Nov., 1969) 
Write short notes on ‘neutral’ and ‘effective’ pressure. What is the role of effective stress in soil 
mechanics ? (S.V.U.—B.E., (R.R.)—Dec., 1970) 
(S.V.U.—B.E., (R.R.)—Nov., 1975) 
A uniform homogeneous sand deposit of specific gravity 2.60 and void ratio 0.65 extends to a 
large depth. The ground water table is 2 m from G.L. Determine the effective, neutral, and total 
stress at depths of 2 m and 6 m. Assume that the soil from 1 m to 2 m has capillary moisture 
leading to degree of saturation of 60%. (S.V.U.—B.Tech., (Part-time)—Sep., 1962) 
Describe clearly with a neat sketch how you will determine the coefficient of permeability of a 
clay sample in the laboratory and derive the expression used to compute the permeability coeffi- 
cient. Mention the various precautions, you suggest, to improve the reliability of the test results. 
(S.V.U.—B.Tech., (Part-time)—May, 1983) 

Define ‘permeability’ and explain how would you determine it in the field. 
(S.V.U.—B.Tech., (Part-time)—May, 1983) 
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5.6 


5.7 


5.8 


5.9 
5.10 


5.11 


5.12 


5.13 


5.14 


5.15 


5.16 


5.17 


What are the various parameters that effect the permeability of soil in the field ? Critically 
discuss. (S.V.U.—B.Tech., (Part-time)—April, 1982) 
What are the various factors that affect the permeability of a soil stratum ? Ifk,, k,, k, are the 
permeabilities of layers h,, h,, h, thick, what is its equivalent permeability in the horizontal and 
vertical directions ? Derive the formulae used. (S.V.U.—Four-year B.Tech.,—June, 1982) 
Differentiate between ‘Constant Head type’ and ‘Variable Head type’ permeameters. Are both of 
them required in the laboratory ? If so, why ? Derive the expression for the coefficient of perme- 
ability as obtained from the variable head permeameter. 

(S.V.U.—B.Tech., (Part-Time)—June, 1981) 
Estimate the coefficient of permeability for a uniform sand with D,, = 0.18 mm. 
Explain the significance of permeability of soils. What is Darcy’s law ? Explain how the perme- 


ability of a soil is affected by various factors. (S.V.U.—B.R., (R.R.)—Feb., 1976) 
Distinguish between superficial velocity and seepage velocity. Describe briefly how they are 
determined for sand and clay in the laboratory. (S.V.U.—B.E., (R.R.)—Nov., 1974) 


List the factors that affect the permeability of a given soil. State the precautions that should be 
taken so that satisfactory permeability data may be obtained. 
Explaining the test details of a falling head permeameter, derive the formula used in the compu- 
tation. Also evaluate the types of soil material for which falling head and variable head 
permeameters are used in the laboratory. Compare the relative merits and demerits of labora- 
tory and field methods of determining the coefficient of permeability. 

(S.V.U.—B.E., (R.R.)—Nov., 1973) 
Calculate the coefficient of permeability of a soil sample, 6 cm in height and 50 cm? in cross- 
sectional area, if a quantity of water equal to 430 ml passed down in 10 minutes, under an 
effective constant head of 40 cm. (S.V.U.—B.E., (R.R.)—Dec., 1971) 
Define coefficient of permeability and list four factors on which the permeability depends. 
A falling head permeability test is to be performed on a soil sample whose permeability is esti- 
mated to be about 3 x 10% cm/s. What diameter of the standpipe should be used if the head is to 
drop from 27.5 cm to 20.0 cm in 5 minutes and if the cross-sectional area and length of the 
sample are respectively 15 cm? and 8.5 cm ? Will it take the same time for the head to drop from 


37.7 cm to 30.0 cm ? (S.V.U.—B.E., (R.R.)—Nov., 1973) 
(a) What are the conditions necessary for Darcy’s law to be applicable for flow of water through 
soil ? 


(b) Why is the permeability of a clay soil with flocculated structure greater than that for it in the 
remoulded state ? 

(a) State the principle of Darcy’s law for laminar flow of water through saturated soil. 

(b) Demonstrate that the coefficient of permeability has the dimension of velocity. 

(c) The discharge of water collected from a constant head permeameter in a period of 15 minutes 
is 400 ml. The internal diameter of the permeameter is 6 cm and the measured difference in 
heads between the two gauging points 15 cm apart is 40 cm. Calculate the coefficient of 
permeability and comment on the type of soil. (S.V.U.—B.E., (N.R.)—Sept., 1967) 

A glass cylinder 5 cm internal diameter with a screen at the bottom is used as a falling head 

permeameter. The thickness of the sample is 10 cm. The water level in the tube at the start of 

the test was 40 cm above tail water level and it dropped by 10 cm in one minute while the level 
of tail water remained unchanged. Determine the value of the coefficient of permeability. 
(S.V.U.—B.E., (N.R.)—Sep., 1968) 
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5.18 


5.19 


5.20 


5.21. 


5.22 


5.23 


5.24 


5.25 


5.26 


5.27 


5.28 


5.29 


5.30 


(a) State the important factors that affect the permeability of a soil. 


(b) A permeameter of 8.2 cm diameter contains a sample of soil of length 35 cm. It can be used 
either for constant head or falling head tests. The standpipe used for the latter has a diameter 
of 2.5 cm. In the constant head test the loss of head was 116 cm measured on a length of 25 
cm when the rate of flow was 2.73 ml/s. Find the coefficient of permeability of the soil. 


If a falling head test were then made on the same soil, how much time would be taken for the 
head to fall from 150 to 100 cm ? (S.V.U.—B.E., (N.R.)—March, 1966) 


The initial head is 300 mm in a falling head permeability test. It drops by 10 mm in 3 minutes. 
How much longer should the test continue, if the head is to drop to 180 mm ? 


Determine the average horizontal and vertical permeabilities of a soil mass made up of three 
horizontal strata, each 1 m thick, if the coefficients of permeability are 1 x 10-! mm/s, 3 x 107! 
mm/s, and 8 x 10- mm/s for the three layers. 


The coefficient of permeability of a soil sample is found to be 9 x 10-2 mm/s at a void ratio of 0.45. 
Estimate its permeability at a void ratio of 0.63. 


In a falling head permeability test the time intervals noted for the head to fall from h, to h, and 
from h, to h, have been found to be equal. Show the A, is the geometric mean of h} and h}. 


A sand deposit of 12 m thick overlies a clay layer. The water table is 3 m below the ground 
surface. In a field permeability pump-out test, the water is pumped out at a rate of 540 litres per 
minute when steady state conditions are reached. Two observation wells are located at 18 m and 
36 m from the centre of the test well. The depths of the drawdown curve are 1.8 m and 1.5 m 
respectively for these two wells. Determine the coefficient of permeability. 


The following data relate to a pump-out test: 

Diameter of well = 24 cm 

Thickness of confined aquifer = 27 m 

Radius of circle of influence = 333 m 

Draw down during the test = 4.5 m 

Discharge = 0.9 m?/s. 

What is the permeability of the aquifer ? 

(a) Why is the capillary rise greater for fine grained soils than for coarse-grained soils ? 

(b) What is the effect of temperature of the capillary rise of water in soil ? 

(c) How is capillarity related to the firm condition of fine-grained soils’ near surface ? 

(d) How can the effects of capillarity be removed from a soil ? 

A glass tube of 0.02 mm diameter. What is the height to which water will rise in this tube by 
capillarity action ? What is the pressure just under the meniscus ? 

The effective size of a soil is 0.05 mm. Assuming the average void size to be (1/5) D,), determine 
the capillary rise of pore water in this soil. 

The effective size of a silt soil is 0.01 mm. The void ratio is 0.72. What is the height of capillary 
rise of water in this soil ? 

The effective sizes of two sands are 0.09 mm and 0.54 mm. The capillary rise of water in the first 
sand is 480 mm. What is the capillary rise in the second sand, if the void ratio is the same for 
both sands ? 

The water table is lowered from a depth of 3 m to a depth of 6 m in a deposit of silt. The silt 
remains saturated even after the water table is lowered. What would be the increase in the 
effective stress at a depth of 3 m and at 10 m on account of lowering of the water table ? Assume 
the water content as 27% and grain specific gravity 2.67. 


Chapter 6 


SEEPAGE AND FLow NETS 


6.1 INTRODUCTION 


‘Seepage’ is defined as the flow of a fluid, usually water, through a soil under a hydraulic 
gradient. A hydraulic gradient is supposed to exist between two points if there exists a differ- 
ence in the ‘hydraulic head’ at the two points. By hydraulic head is meant the sum of the 
position or datum head and pressure head of water. The discussion on flow nets and seepage 
relates to the practical aspect of controlling groundwater during and after construction of 
foundations below the groundwater table, earth dam and weirs on permeable foundations. 

In Chapter 5, the discussion was confined to one-dimensional flow. This chapter con- 
sider two-dimensional flow, including the cases of non-homogeneous and anisotropic soil. The 
following approach is adopted: (a) the ‘flow net’ is introduced in an intuitive manner with the 
aid of a simple one-dimensional flow situation; (b) the flow nets for several two dimensional 
situations are given ; (c) the theoretical basis for the flow net is derived; (d) seepage through 
non-homogeneous and anisotropic soil is treated; and (e) seepage forces and their practical 
consequences are dealt with. 


6.2 FLOW NET FOR ONE-DIMENSIONAL FLOW 


Figure 6.1(a) shows a tube of square cross-section (400 mm x 400 mm) through which steady- 
state vertical flow is occurring. The total head, elevation head and pressure are plotted in Fig. 
6.1(b).The rate of seepage through the tube may be computed by Darcy’s law: 


1600 
qz=k.i.A=0.5x x 400 x 400 = 1.28 x 105 mm3/s 


1000 
as the situation is one of simple one-dimensional flow. 





If a dye is placed at the top of the soil and its movement through the soil is traced on a 
macroscopic scale, a vertical ‘flow line’, ‘flow path’, or ‘stream line’ would be obtained; that is to 
say, each drop of water that goes through the soil follows a flow line. An infinite number of 
flow lines can be imagined in the tube. The vertical edges of the tube are flow lines automati- 
cally; in addition to these, three more flow lines are shown at equal distances apart, for the 
sake of convenience. These five flow lines divide the vertical cross-section of the tube into four 
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‘flow channels’ of equal size. Since the flow is purely vertical, there cannot be flow from one 
channel into another. Since there are four flow channels in, say, the x-direction, and the since 
the tube is a square one, there are also four flow channels in they-direction, i.e., perpendicular 
to the page. Thus there will be a total of 16 flow channels. If the flow in one channel is found 
the total flow is obtained by multiplying it by 16. 
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Fig. 6.1 One-dimensional flow 


In the figure, dashed lines indicate the lines along which the total head is a constant. 
These line through points of equal total head are known as ‘equipotential lines’. Just as the 
number of flow lines is infinite, the number of equipotential lines is also infinite. 

If equipotential lines are drawn at equal intervals, it means that the head loss between 
any two consecutive equipotential lines is the same. 

A system of flow lines and equipotential lines, as shown in Fig. 6.1 (c), constitutes a ‘flow 
net’ . In isotropic soil, the flow lines and equipotential lines intersect at right angles, indicating 
that the direction of flow is perpendicular to the equipotential lines. An orthogonal net is 
formed by the intersecting flow lines and equipotential lines. The simplest of such patterns is 
one of the squares. From a flow net three very useful items of information may be obtained: 
rate of flow or discharge; head; and hydraulic gradient. 

First, let us see how to determine the rate of flow or discharge from the flow net. Con- 
sider square a in the flow net—Fig. 6.1(c). The discharge q, through this square is 

da z k i la A, 
The head lost in square a is given H/n, , where H is the total head lost and n, is the 


number of head drops in the flow net. 7, is then equal to IT where / is the vertical dimen- 
Ng: 

sion of square a. The cross-sectional area A, of square a, as seen in plan, is b as shown in the 

figure, since a unit dimension perpendicular to the plane of the paper is to be considered for 

the sake of convenience. 
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H 
= b 
qa Ng. L 
Since a square net is chosen, b =1. 
qa =kH. EA 
Nq 


Since all flow through the flow channel containing square a must pass through square 
a, the flow through this square represents the flow for the entire flow channel. 
In order to obtain the flow per unit of length L perpendicular to the paper, q, should be 
multiplied by the number of flow channels, say, n f: 
q/L =q,- n;=kH. Eà 
Ng 
ny 
q/L =k .H . — = kH. s ...(Eq. 6.1) 
ng 


n 
the ratios = — is a characteristic of the flow net and is independent of the permeability k and 
Naq 


the total loss of head H. It is called the ‘shape factor’ of the flow net. It should be noted that n f 
and n, need not necessarily be integers; these may be fractional, in which case the net may 
involve a few rectangles instead of squares. 


The value of s in this case is 


Ne 
s=— =4/10=0.4 


Ng 
and, g/L =k.H.s = 0.5 x 1600 x 0.4 mm?/s/mm = 320 mm?/s/mm 
Then, q = (q/L) x (400) = 320 x 400 = 128000 


= 1.28 x 10° mm/s. 
The value of total seepage is, of course, the same as that obtained by the initial compu- 
tation using Darcy’s law directly. 
Next, let us see how to use the flow net to determine the head at any point. Since there 


are ten equal head drops, 





LH is lost from one equipotential to the next. Since it is the total 


head that controls the flow, it should be noted that equipotential are drawn through points of 
equal total head. The pressure head may be readily determined since the total head and eleva- 
tion head are known. 


For example, at elevation 1000 mm, 
The total head, h = (8/10) x H = (8/10) x 1600 mm = 1280 mm 
Elevation head, h, = 1000 mm 

Pressure head, h, = (1280 — 1000) mm = 280 mm. 


Since this is also the piezometric head, water will rise to a height of 280 mm in a 
piezometer installed at this elevation, as shown by the side of the flow net. The pore pressure 
at this elevation is 280 x 9.81 x 10® N/mm? or 2.75 x 10 N/mm?. Similarly, the pressure 
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heads at elevations 700 mm and 300 mm are 100 mm and — 140 mm, respectively, as shown at 
the left of the flow net. 


Finally, let us see how to use the flow net to determine the hydraulic gradient at any 
point in the flow net. The gradient for any square is given by h/l, where h is the head lost for 
the square and l is the length in which it is lost. Thus for all the squares in the flow net which 
are of the same size, the hydraulic gradient is given by (H/10) x (1/1) or 


The example selected is so simple that these quantities could have been obtained easily 
even without the flow net. For complex two-dimensional flow situations, the techniques just 
described may be applied even for complex flow net patterns. 

The values of flow, head, and gradient are exactly correctly when obtained from an 
exactly correct flow net ; thus, the results can be only as accurate as the flow net itself is. The 
flow net is a valuable tool in that it gives insight into the flow problem. 


6.3 FLOW NET FOR TWO-DIMENSIONAL FLOW 


It may be necessary to use flow nets to evaluate flow, where the directions of flow are irregu- 
lar, or where the flow boundaries are not well-defined. Flow nets are a pictorial method of 
studying the path of the moving water. 

In moving between two points, water tends to travel by the shortest path. If changes in 
direction occur, the changes take place along smooth curved paths. Equipotential lines must 
cross flow lines at right-angles since they represent pressure normal to the direction of flow. 
The flow lines and equipotential lines together form the flow net and are used to determine the 
quantities and other effects of flow through soils. 

During seepage analysis, a flow net can be drawn with as many flow lines as desired. 
The number of equipotential lines will be determined by the number of flow lines selected. 
Generally speaking, it is preferable to use the fewest flow lines that still permit reasonable 
depiction of the path along the boundaries and within the soil mass. For many problems, three 
or four flow channels (a channel being the space between adjacent flow lines) are sufficient. 

In this section the flow nets for three situations involving two-dimensional fluid flow 
are discussed. The first and second—flow under a sheet pile wall and flow under a concrete 
dam—are cases of confined flow since the boundary conditions are completely defined. The 
third—flow through an earth dam—is unconfined flow since the top flow line is not defined in 
advance of constructing the flow net. The top flow line or the phreatic line has to be deter- 
mined first. Thereafter, the flow net may be completed as usual. 


6.3.1 Flow under Sheet Pile Wall 
Figure 6.2 shows a sheet pile wall driven into a silty soil. The wall runs for a considerable 
length in a drirection perpendicular to the paper; thus, the flow underneath the sheet pile wall 
may be taken to be two-dimensional. 

The boundary conditions for the flow under the sheet pile wall are; mb, upstream 
equipotential; jn, downstream equipotential; bej, flow line and pq, flow line. The flow net 
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shown has been drawn within these boundaries. With the aid of flow net, we can compute the 
seepage under the wall, the pore pressure at any point and the hydraulic gradient at any 
point. A water pressure plot, such as that shown in Fig. 6.2 is useful in the structural design of 
the wall. 
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(a) Flow net (b) Water pressure on the wall 


Fig. 6.2 Sheet pile wall 


6.3.2 Flow under Concrete Dam 


Figures 6.3 to 6.7 show a concrete dam resting on an isotropic soil. The sections shown are 
actually those of the spillway portion. The upstream and tail water elevations are shown. The 
first one is with no cut-off walls, the second with cut-off wall at the heel as well as at the toe, 
the third with cut off-wall at the heel only, the fourth with cut-off wall at the toe only and the 
fifth is with upstream impervious blanket. The boundary flow lines and equipotentials are 
known in each case and the flow nets are drawn as shown within these boundaries. The effect 
of the cut off walls is to reduce the under seepage, the uplift pressure on the underside of the 
dam and also the hydraulic gradient at the exit, called the ‘exit gradient’. A flow net can be 
understood to be a very powerful tool in developing a design and evaluating various schemes. 








ZNINON RT 


Impervious 


Fig. 6.3 Concrete dam with no cut-off walls 
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Fig. 6.4 Concrete dam with cut-offs at heel and at toe 
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Fig. 6.5 Concrete dam with cut-off at heel 




















Fig. 6.6 Concrete dam with cut-off wall at toe 
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Fig. 6.7 Concrete dam with impervious blanket on the upstream side 
and filter on the downstream side 
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(a) Homogeneous dam without internal drain 








Pervious blanket 
Top flow line 


Impervious 


(b) Homogeneous dam with underdrain on pervious blanket 
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(c) Homogeneous dam with chimney drain 











Rock toe 
Top flow line 





Impervious 


(d) Homogeneous dam with rock toe on the downstream side 


Fig. 6.8 Top flow line for typical cases of homogeneous earth dams on impervious 
foundation with different internal drainage arrangements 
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6.3.3 Flow through Earth Dam 


The flow through an earth dam differs from the other cases in that the top flow line is not know 
in advance of sketching the flow net. Thus, it is a case of unconfined flow. The determination of 
the top flow line will be dealt with in a later section. 
The top flow line as well as the flow net will be dependent upon the nature of internal 
drainage for the earth dam. Typical cases are shown in Fig. 6.8; the top flow line only is shown. 
Assuming that the top flow line is determined, a typical flow net for an earth dam with 
a rock toe, resting on an impervious foundation is shown in Fig. 6.9: 


B 
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Rock toe 











Impervious D 
Fig. 6.9 Flow net for an earth dam with rock toe (for steady state seepage) 
AB is known to be an equipotential and AD a flow line. BC is the top flow line; at all 
points of this line the pressure head is zero. Thus BC is also the ‘phreatic line’; or, on this line, 


the total head is equal to the elevation head. Line CD is neither an equipotential nor a flow 
line, but the total head equals the elevation head at all points of CD. 


6.4 BASIC EQUATION FOR SEEPAGE 


The flow net was introduced in an intuitive manner in the preceding sections. The equation for 
seepage through soil which forms the theoretical basis for the flow net as well as other meth- 
ods of solving flow problems will be derived in this section. 
The following assumptions are made: 
1. Darcy’s law is valid for flow through soil. 
2. The hydraulic boundary conditions are known at entry and exit of the fluid (water) 
into the porous medium (soil). 
3. Water is incompressible. 
4. The porous medium is incompressible. 
These assumptions have been known to be very nearly or precisely valid. 
Let us consider an element of soil as shown in Fig. 6.10, through which laminar flow of 
water is occurring: 
Let q be the discharge with components q, q ; and q, in the X-,Y- and Z-directions 
respectively. 
q =q; +q, +q, obviously. 
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Vertical component 
of flow 





Fig. 6.10 Flow through an element of soil 
By Darcy’s law, 


q,=k:i-A, 
where A is the area of the bottom face and q, is the flow into the bottom face. 
=k, [- 2) dx: dy, 
az 


where k, is the permeability of the soil in the Z-direction at the point (x, y, z) and h is the total 
head. 


Flow out of the top of the element is given by: 
ak J dh Əh 





+ Aq, =| k, +—,d 
aera g e Ne r 


Net flow into the element from vertical flow: 


az) . dx dy 


Aq, = inflow — outflow 


oh i 
= {- 2) dxdy — (r + Ta E a a) dx dy 
z 





-3z dz” 


07h Ək, ðh Ək dh 
Aq, = | k, - +--+. .dz 
a * az? az” oz az’ 
Assuming the permeability to be constant at all points in a given direction, (that is, the 
soil is homogeneous), 





| dx dy dz 





Similarly, the net inflow in the X-direction is: 


2 
Ag, = G g r)a de 


“Ox? 


For two-dimensional flow, q y= 0 
2 2 
aig on dx dy dz 
ox d 


Aq = Aq, + Aq, = G 5 
z 
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Aq may be obtained in a different manner as follows: 
The volume of water in the element is: 





S.e 
w= te)” dx dy dz 

Aq = rate of change of water in the element with time: 

OV, S.e 

= — = @/ot .dx dy d. 
- | ae | 
dx dy dz is the volume of solids, which is constant. 
(1+e) 
dx dy dz 
Aq = (+e) (d/ot) (S . e) 


Equating the two expressions for Aq, we have: 





07h 07h dx dy dz 
a S" | dedy dz = 2 OS. 
[e Sira | P de e (d/dt) (S .e) 
O°h dR 1 ƏS ðe 
Lt 2 , S ...Eq. 6. 
or k, T +k,. ae? cal’ z + =| (Eq. 6.2) 


This is the basic equation for two-dimensional laminar flow through soil. 
The following are the possible situations: 
(i) Both e and S are constant. 

(ii) e varies, S remaining constant. 

(iii) S varies, e remaining constant. 

(iv) Both e and S vary. 

Situation (i) represents steady flow which has been treated in Chapter 5 and this chapter. 
Situation (ii) represents ‘Consolidation’ or ‘Expansion’, depending upon whether e decreases 
or increases, and is treated in Chapter 7. Situation (iii) represents ‘drainage’ at constant volume 
or ‘imbibition’, depending upon whether S decreases or increases. Situation (iv) includes 
problems of compression and expansion. Situations (iii) and (iv) are complex flow conditions 
for which satisfactory solutions have yet to be found. (Strictly speaking, Eq. 6.2 is applicable 
only for small strains). 

For situation (i), Eq. 6.2 reduces to: 

2 2 
bo 
ox dz 

If the permeability is the same in all directions, (that is, the soil is isotropic), 

dh Əh 

This is nothing but the Laplace’s equation in two-dimensions. In words, this equation 

means that the change of gradient in the X-direction plus that in the Z-direction is zero. 


From Eq. 6.3, 
(ava) [r , 2) sana (r , | =Ü 
ox oz 


0 ...(Eq. 6.3) 
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But k, .dh/ox =v, and k, . dh/dz =v,, by Darcy’s law. 
dv, dv, 
+ =E 
ax az 
This is called the ‘Equation of Continuity’ in two-dimensions and can be got by setting 
Aq = 0 (or net inflow is zero) during the derivation of Eq. 6.2. 





=0 .. (Eq. 6.5) 


The flow net which consists of two sets of curves — a series of flow lines and of equipotential 
lines—is obtained merely as a solution to the Laplace’s equation — Eq. 6.4. The fact that the 
basic equation of steady flow in isotropic soil satisfies Laplace’s equation, suggests that, the 
flow lines and equipotential lines intersect at right-angles to form an orthogonal net — the ‘flow 
net’. In other words, the flow net as drawn in the preceding sections is a theoretically sound 
solution to the flow problems. 

The ‘velocity potential’ is defined as a scalar function of space and time such that its 
derivative with respect to any direction gives the velocity in that direction. 


Thus, if the velocity potential, is defined as kh, ọ being a function of x and z, 


ee 
Ox Ox 
Similar] Les ae, ...(Eq. 6.6) 
y, oz oz 4 q 


In view of Eq. 6.4 for an isotropic soil and in view of the definition of the velocity poten- 
tial, we have: 


EU =0 .. (Eq. 6.7) 


This is to say the head as well as the velocity potential satisfy the Laplace’s equation in 
two-dimensions. 

The equipotential lines are contours of equal or potential. The direction of seepage is 
always at right angles to the equipotential lines. 

The ‘stream function’ is defined as a scalar function of space and time such that the 
partial derivative of this function with respect to any direction gives the component of velocity 
in a direction inclined at + 90° (clockwise) to the original direction. 

If the stream function is designated as w(x, z), 


ow 
az 
ow 
and au” ..(Eq. 6.8) 
by definition. 
By Eqs. 6.6 and 6.8, we have: 
dd/dx = dy/dz 
and dd/dz = — ae ... (Eq. 6.9) 


These equations are known as Cauchy-Riemann equations. Substituting the relevant 
values in terms of y in the continuity equation (Eq. 6.5) and Laplace’s equation (Eq. 6.7), we 
can show easily that the stream function w(x, z) satisfies both these equations just as o(x, z) 
does. 
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Functions ọ and y are termed ‘Conjugate harmonic functions’. In such a case, the curves 
“g(x, z) = a constant” will be orthogonal trajectories of the curves “y(x, z) = a constant”. 
Flow nets will be useful for the determination of rate of seepage, hydrostatic pressure, 
seepage pressure and exit gradient. These aspects have already been discussed in Sec. 6.2. 
The following important properties of the flow nets are useful to remember: 
(i) The flow lines and equipotential lines intersect at right angles to each other. 
(ii) The spaces between consecutive flow and equipotential lines form elementary squares 
(a circle can be inscribed touching all four lines). 
(iii) The head drop will be the same between successive equipotentials; also, the flow in 
each flow channel will be the same. 
(iv) The transitions are smooth, being elliptical or parabolic in shape. 
(v) The smaller the size of the elementary square, the greater will be the velocity and 
the hydraulic gradient. 
These are correct for homogeneous and isotropic soils. 


*6.5 SEEPAGE THROUGH NON-HOMOGENEOUS AND ANISOTROPIC 
SOIL 


Although Eq. 6.2 was derived fro general conditions, the preceding examples considered only 
soil that does not vary in properties from point horizontally or vertically-homogeneous soil- 
and one that has similar properties at a given location on planes at all inclination—isotropic 
soil. Unfortunately, soils are invariably non-homogeneous and anisotropic. 

The process of formation of sedimentary soils is such that the vertical compression is 
larger than the horizontal compression. Because of the higher vertical effective stress in a 
sedimentary soil, the clay platelets tend to have a horizontal alignment resulting in lower 
permeability for vertical flow than for horizontal flow. 

In man-made as well as natural soil, the horizontal permeability tends to be larger than 
the vertical. The method of placement and compaction of earth fills is such that stratification 
tend to be built into the embankments leading to anisotropy. 

Non-homogeneous Soil 

In case of flow perpendicular to soil strata, the loss of head and rate of flow are influenced 
primarily by the less pervious soil whereas in the case of flow parallel to the strata, the rate of 
flow is essential controlled by comparatively more pervious soil. 

Figure 6.11 shows a flow channel and part of a flow net, from soil A to soil B. The 
permeability of soil A is greater than that of soil B. By the principle of continuity, the same 
rate of flow exists in the flow channel in soil A as in soil B. By means of this, relationship 
between the angles of incidence of the flow paths with the boundary of the two flow channels 
can be determined. Not only does the direction of flow change at the boundary between soils 
with different permeabilities, but also the geometry of the figures in the flow net changes. As 
can be seen from Fig. 6.11, the figures in soil B are not squares as in soil A, but are rectangles. 
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Fig. 6.11 Flow at the boundary between two soils 
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Anisotropic Soil 


Laplace’s equation for flow through soil, Eq. 6.4, was derived under the assumption that per- 


meability is the same in all directions. Before stipulating this condition in the derivation, the 
equation was: 


2 2 
p oh, oh 


1 = tkh,.—~=0 ... (Eq. 6.3) 
dx? dz” 
This may be reduced to the form: 
2 2 
ath, ah o ee 
dz ta 2 
ox 


: ; |k 
By changing the co-ordinate x tox, such that xp= i. . x, we get 
dh Əh 
ot an oe SU ... (Eq. 6.11 
dz? ax” ed i 
which is once again the Laplace’s equation in x, and z. 


In other words, the profile is to be transformed according to the relationship between x 
and xņ and the flow net sketched on the transformed section. 
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From the transformed section, the rate of seepage can be determined using Eq. 6.1 with 
exception that k, is to be substituted for k (see Fig. 6.12): 


}¢—— Lk k, ———>| E ¢—_ I —] 
k, j 
Flow Flow 
— — l 


Natural scale Transformed scale 





Fig. 6.12 Flow in anisotropic soil 


Transformed Section: 








qr=k, iA=k,. A bzr, Ah 

Natural Section: 
Ah Ah 
=k .i,.A=k b=k 

eae “` Lk Jk, < Te dR, 

Since qr = qy 
EE ee ..(Eq. 6.12) 
k, Jk, 


k, is said to be the effective permeability. 


The transformed section can also be used to determine the head at any point. However, 
when determining a gradient, it is important to remember that the dimensions on the trans- 
formed section must be corrected while taking the distance over which the head is lost. To 
compute the gradient, the head loss between equipotentials is divided by the distance ly, the 
perpendicular distance between equipotentials on the natural scale, and not by/,, the distance 
between equipotentials on the transformed scale (Fig. 6.13). 


Flow Parallelograms 
i k, Flow 
| k, ~ 
Square 


Transformed section Natural section 
Fig. 6.13 Portion of flow net in anisotropic soil 


Also, note that flow is perpendicular to equipotentials in only isotropic soils. 


6.6 TOP FLOW LINE IN AN EARTH DAM 


The flow net for steady seepage through an earth dam can be obtained by any one of the 
methods available, including the graphical approach. However, since this is the case of an 
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unconfined flow, the top flow line is not known and hence should be determined first. The top 
flow line is also known as the ‘phreatic line’, as the pressure is atmospheric on this line. Thus, 
the pressures in the dam section below the phreatic line are positive hydrostatic pressures. 

The top flow line may be determined either by the graphical method or by the analytical 
method. Although the typical earth dam will not have a simple homogeneous section, such 
sections furnish a good illustration of the conditions that must be fulfilled by any top flow line. 
Furthermore, the location of a top flow line in a simple case can often be used for the first trial 
in the sketching of a flow net for a more complicated case. 


The top flow line must obey the conditions illustrated in Fig. 6.14. 





Fig. 6.14 Characteristics of top flow lines (After Taylor, 1948) 


Since the top flow line is at atmospheric pressure, the only head that can exist along it 
is the elevation head. Therefore, there must be equal drops in elevation between the points at 
which successive equipotentials meet the top flow line, as in Fig. 6.14(a). 

At the starting point, the top flow line must be normal to the upstream slope, which is 
an equipotential line, as shown in Fig. 6.14(b). However, an exception occurs when the coarse 
material at the upstream face is so pervious that it does not offer appreciable resistance to 
flow, as shown in Fig. 6.14(c). Here, the upstream equipotential is the downstream boundary 
of the coarse material. The top flow line cannot be normal to this equipotential since it cannot 
rise without violating the condition illustrated in Fig. 6.14(a). Therefore, this line starts hori- 
zontally and zero initial gradient and zero velocity occur along it. This zero condition relieves 
the apparent inconsistency of deviation from a 90-degree intersection. 

At the downstream end of the top flow line the particles of water tend to follow paths 
which conform as nearly as possible to the direction of gravity, as shown in Fig. 6.14(d); the top 
flow line here is tangential to the slope at the exit. This is also illustrated by the vertical exit 
condition into a rock-toe as shown in Fig. 6.14 (e). 
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Two simple cases will be dealt with in regard to the determination of the top flow line: 
1. Discharge takes place into a horizontal filter inside the downstream toe. 


2. Downstream slope of the dam forms in itself a medium for discharge and a horizontal 
filter is outside the downstream toe. 


6.6.1 Top Flow Line for an Earth Dam with a Horizontal Filter 


We have seen that the flow lines and equipotentials, analytically speaking, are based on conju- 
gate functions; one of the simplest examples of conjugate functions is given by nests of confocal 
parabolas, shown in Fig. 6.15 (b). A simple parabola is shown in Fig. 6.15(a). It is defined as the 
curve, every point on which is equidistant from a point called the ‘focus’ and a line called the 
‘directrix’. If a cross-section of an earth dam can be conceived of satisfy the boundary condi- 
tions so that the flow lines and equipotentials conform to this parabolic shape, Fig. 6.15 (b) 
gives a flow net for this dam (Kozeny, 1931). 

Figure 6.15(c) shows an earth dam cross-section for which a flow net consisting of confocal 
parabolas holds rigorously. In this case, BC and DF are flow lines, and BD and FC are 
equipotentials. The upstream equipotential is the only unusual feature of this flow net. 
Fig. 6.15(d) shows the common case of an earth dam with underdrainage and the correspond- 
ing top flow line. The flow net for this will resemble parabolas but there will be departures at 
the upstream side. There will be reverse curvature near B for a short distance. A.Casagrande 
(1937) suggests that BA is approximately equal to 0.3 times BE where B is the starting point 
of the Kozeny parabola at the upstream water level and E is on the upstream water level 
vertically above the heel D of the dam. 


Thus, the top flow line may be obtained by constructing the parabola with focus at F, 
the starting point of the filter, and passing through A, as per Casagrande’s suggestion. The 
short section of reversed curvature can be easily sketched by visual judgement. 

The following are the steps in the graphical determination of the top flow line: 

(i) Locate the point A, using BA = 0.3 (BE). A will be the starting point of the Kozeny 
parabola. 


ZA 





B 4—Directrix 














F(permeable) 


(a) Parabola (b) Conjugate confocal parabolas 
(Kozeny, 1931) 


Fig. 6.15 (Contd.) 
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(d) Common case of earth dam and the top flow line (A. Casagrande, 1940) 


Fig. 6.15 Flow net consisting of confocal parabolas (After Taylor, 1948) 


(ii) With A as centre and AF as radius, draw an arc to cut the water surface (extended) 
in J. The vertical through J is the directrix. Let this meet the bottom surface of the dam in M. 

(iii) The vertex C of the parabola is located midway between F and M. 

(iv) For locating the intermediate points on the parabola the principle that it must be 
equidistant from the focus and the directrix will be used. For example, at any distance x from 
F, draw a vertical and measure QM. With F as center and QM as radius, draw an arc to cut the 
vertical through Q in P, which is the required point on the parabola. 

(v) Join all such points to get the base parabola. The portion of the top flow line from B 
is sketched in such that it starts perpendicular to BD, which is the boundary equipotential 
and meets the remaining part of the parabola tangentially without any kink. The base pa- 
rabola meets the filter perpendicularly at the vertex C. 

The following analytical approach also may be used: 

With the origin of co-ordinates at the focus [Fig. 6.15(d)], PF = QM 


Jx? +27 =x+S .. (Eq. 6.13) 


_ (22-8?) 


5g ... (Eq. 6.14) 


This is the equation to the parabola. 
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The value of S may be determined, either graphically or analytically. The graphical 
approach consists in measuring FM after the determination of the directrix. Analytically S 
may be got by substituting the coordinates of A(d, h,) in Eq. 6.13: 

S= jd? +h? -d ...(Eq. 6.15) 

For different values of x, z may be calculated and the parabola drawn. The corrections 
at the entry may then be incorporated. 

A simple expression may be got for the rate of seepage. In Fig. 6.15 (d), the head at the 
point G equals S, that along FC is zero; hence the head lost between equipotentials GH and 
FC is S. Equation 6.1 may now be applied to the part of the flow net GCFH; n f andn, are each 
aka to 3 for this net. 





g=k.H.3/3=k.8S ... (Eq. 6.16) 
Alternatively, the expression for q we be got analytically as follows: 
=k. 
=k. d . z for unit length of the dam. 
But z = (2x S +S)? from equation 6.13. 
d, 1 2S B S 
d, 2 (2x8 +8?) (2x8 + S°)” 
Substituting, 
q=k. oS SP . (2x S + 8?)2=k, S, 


as obtained earlier (Eq. 6.16). 


6.6.2 Top Flow Line for a Homogeneous Earth Dam Resting on an Impervious 
Foundation 

In the case of a homogeneous earth dam resting on an impervious foundation with no drainage 

filter directly underneath the dam, the top flow line ends at some point on the downstream 

face of the dam; the focus of the base parabola in this case happens to be the downstream toe 

of the dam itself as shown in Fig. 6.16. 





ullx 








Top flow line 


; Discharge face 
Break-out point 








Fig. 6.16 Homogeneous earth dam with no drainage filter 


The slope of the ‘discharge face’, EF, with the base of the dam is designed a, measured 
clockwise. This can have values of 90° or more also depending upon the provision of rock-toe or 
a drainage face. If the points at which the base parabola and the actual top flow line meet the 
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downstream slope are designated G and E respectively, EF and GE are designated a and Aa 
respectively. The underdrainage case is defined by value of 180° for aœ. The top flow line meets 
the downstream face tangentially at the breakout point E. 

The top flow lines for typical inclinations of the discharge faces are shown in Fig. 6.17. 
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le s/2—> Focus |¢—s/2—> 


(c) 90° < a < 180° (d) a = 180° 


Fig. 6.17 Exit conditions for different slopes of discharge faces 


Aa ; 
The values of ————~ for different values of œ, as given by A. Casagrande, are plotted 



























































(a+ Aa) 
in Fig. 6.18. 
AR ae Aa/(a + Aa) 
30 0.36 
0.3 
ji 60 0.32 
- 90 0.26 
3 0.2 
+ 120 0.18 
oO 
£ 135 0.14 
$04 
150 0.10 
180 0 
0 
30 60 90 120 150 180 


a ——_»> 
Fig. 6.18 Relation between o and Aa/(a + Aa) (after A. Casagrande) 
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The top flow line in each case is in close agreement with the parabola, except for a short 
portion of its path in the end. It may be noted that the line of length a, which is a boundary of 
the flow net, is neither a flow line not an equipotential. Since it is at atmospheric pressure, it 
is a boundary along which the head at any point is equal to its elevation. 

The following are the steps in the graphical determination of the top flowline for a 
homogeneous dam resting on an impervious foundation: 

(i) Sketch the base parabola with its focus at the downstream toe of the dam, as de- 
scribed earlier. 

(ii) For dams with flat slopes, this parabola will be correct for the central portion of the 
top flow line. Necessary corrections at the entry on the upstream side and at the exist on the 
downstream side are to be effected. The portion of the top flow line at entry is sketched visu- 
ally to meet the boundary condition there i.e., the perpendicularity with the upstream face, 
which is a boundary equipotential and the tangentiality with the base parabola. 

(iii) The intercept (a + Aa) is now known. The breakout point on the downstream dis- 
charge face may be determined by measuring out Aa from the top along the face, Aa may be 
may be obtained from Fig. 6.18. 

(iv) The necessary correction at the downstream end may be made making use of one of 
the boundary conditions at the exit, as shown in Fig. 6.17. 

The seepage through all dams with flat slopes may be determined with good accuracy 
from the simple equation (Eq. 6.16) which holds true for parabolic nets. 


L. Casagrande’s Solution for a Triangular Dam 


For triangular dams on impervious foundations with discharge faces at 90° or less to the hori- 
zontal, L. Casagrande gives a simple and reasonably accurate solution for the top flow line 
(Fig. 6.19): 









Equipotential lines 


l L |I 
H 


> 








Fig. 6.19 L. Casagrande’s method for the determination of top flow line 


The top flow line starts at B instead of the theoretical starting point of the parabola, A; 
the necessary correction at the entry is made as usual. The top flow line ends at E, the location 
of which is desired, and is defined by the distance a. 


Let z be the vertical co-ordinate measured from the tail water or foundation level. The 
general equation for flow across any equipotential such as GH is given by: 


q=k.i,, (GH) 
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One of the assumptions in the method is that length GH is equal to its projection on the 
vertical, that is, to the z-co-ordinate of point G. The inaccuracy introduced is insignificant for 
dams with flat slopes. The other assumption is with regard to the expression used for the 
gradient. Along the top flow line the gradient is (— dz/ds), since the only head is the elevation 
head. Since the variation in the size of the square in the vicinity of the equipotential line GH 
is small, the gradient must be approximately constant. It is assumed that the gradient at the 
top flow line is the average gradient for all points of the equipotential line. 


With these assumptions, we have: 


=t- z) Z (Eq. 6.17) 
S 


At point E the gradient equals sin a, and z equals a sin &. Thus, for the equipotential 
EJ, we have: 
2a ...(Eq. 6.18) 


Equating the expressions for q given by Eqs. 6.17 and 6.18, and rearranging and inte- 
grating between appropriate limits, 


. (S-a) asina 

a sin? ot f ds =| z. dz 
0 hi 

s is the distance along the flow line. 


Starting at A, the value ofa is zero at A (S —a) at E. The value ofz at A is h, and that at 
E isa sin a. 


q=k.asin 


Solving, we get 





a =S — |S - (h, cosec a)? ...(Eq. 6.19) 
The value of S differs only slightly from the straight distance AF. Using this approxi- 
mation, 





S = Jh? +d? ...(Eq. 6.20) 
Substituting this in Eq. 6.19, we have: 
a= Sh +d? - Jd? -h,? cot? a ...(Eq. 6.21) 


A graphical solution for the distancea, based on Eq. 6.21, was developed by L. Casagrande 
and is given in Fig. 6.20, which is self-explanatory. 

G. Gilboy developed a solution for the distance a sin aœ, which avoids the approximation 
of Eq. 6.20; but the equation developed is too complicated for practical use. Instead, use of a 
chart developed by him is made. 

A graphical method of sketching of the top flow line after the determination of the 
breakout point, which is based on L. Casagrande’s differential equation, is given in Fig. 6.21. 

Combining Eqs. 6.17 and 6.18, we have: 


asin? a 


AS = (—-] ... (Eq. 6.22) 


If C is plotted such that CF =a sin a, the height of C above F is obviously a sin? a. 
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AS» = Zp 
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Az,=asin a 








Fig. 6.21 Graphical method for sketching the top flow line, based on 
L. Casagrande’s method (After Taylor, 1948) 


Let us assume that the top flow line is divided into sections of constant head drop, say, 
Az (a convenient choice is a given fraction of a sin? a). 
From Eq. 6.22, 
if Az =C,a sin? a, where C, is a constant, 
s=C,.Z ... (Eq. 6.23) 
C, has been conveniently chosen as unity, for the illustration given in Fig. 6.21. 


2 


The head drop Az, is laid-off equal to a sinf a, z} being the average ordinate 


(a sin? a + la sin? a). By setting As, equal to z,, point L on the top flow line is obtained. By 
repeating this process, we plot a number of points on the top flow line. A smaller value of C} 
would yield more points and a better determination of the top flow line. 


Schaffernak and Iterson’s Solution for « < 30° 


Shcaffernak and Iterson (1917) assumed the energy gradient as tan o or dz/dx. This is approxi- 
mately true as long as the slope is gentle—say a < 30°. 


Referring to Fig. 6.22, flow through the vertical section EJ is given by 


dz 
specc 
ae 
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Top flow line 

















Fig. 6.22 Schaffernak and Iterson’s solution for œ < 30° 


But dz/dx = tana andz =a sina 


n q=k .a sin atana ...(Eq. 6.24) 
Also, 
dz 
k.—— .z .dx = ka sin Q tan a . dx 
dx 
or a sin o tan a dx = zdz 


Integrating between the limits x = d to x =a cosa 


and z=h,toz=asino 
. acos & asina 
We have a sina tan o | di = | z.dz 
d h 


(a° sin? a — h;?) 





a sin a tan 4& (a cos & — d) = 








2 
From this, we have: 
2 2 
psc | AE (Eq. 6.25) 
cos Q \cos*a@ sin“ o 


*6.7 RADIAL FLOW NETS 


A case of two-dimensional flow, called ‘radial flow’, occurs when the flow net is the same for all 
radial cross-sections through a given axis. This axis may be the centre line of a well, or any 
other opening that acts as a boundary of cylindrical shape to saturated soil. The direction of 
flow at every point is towards some point on the axis of symmetry. The flow net for such a 
section is called ‘radial flow net’. 

A well with an impervious wall that extends partially through a previous stratum con- 
stitutes an example of radial flow and is shown in Fig. 6.23. 

The width of flow path, b, multiplied by the distance normal to the section, 2mr, is the 
area of the flow 2arb. The flow through any figure of the flow net is 


AQ =k. È . 2nrb 


or AQ = 2Tk(Ah) (rb/D ...(Eq. 6.26) 
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Fig. 6.23 Radial flow net for seepage into a well (After Taylor, 1948) 


If AQ and Ah are to have the same values for every figure of the flow net, rb/l must be 

the same for all the figures. Thus the requirement for a radial flow net is that the b// ratio for 

each figure must be inversely proportional to the radius, whereas in the other type of the 

ordinary flow net this ratio must be a constant. 
Also 


Q =n,. AQ and h,=n,.Ah 
Substituting in Eq. 6.26, we have 


Q =2nkh,. “fT ...(Eq. 6.27) 
Ng 
Here, Q is the total time-rate of seepage for the well. 
Two simple cases of radial flow lend themselves to easy mathematical manipulation. 
The first one—the simplest case of radial flow—is that into a well at the centre of a round 


island, penetrating through a pervious, homogeneous, horizontal stratum of constant thick- 
ness. It is illustrated in Fig. 6.24. 


When the water level is above the level of the previous stratum, the flow everywhere is 
radial and horizontal; the gradient at all points is dh/dr for such a flow. The flow across any 
vertical cylindrical surface at radius r is given by: 

Q=k. I onr.Z 


dr 


nr- 


whence 





Š lee 2 
Tm Cm 
Here h is the head loss between radius r and radius of the well rim. 


...(Eq. 6.28) 
Here Q is the seepage through the entire thickness Z of the pervious stratum. Eq. 6.1 for 


accuracy with which the flow net is sketched. 


q/L may be used with the flow net drawn. The value of Q obtained from the flow net would 
agree reasonably well with that obtained from the theoretical Eq. 6.28, depending upon the 
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It is interesting to note that this is a one-dimensional case, since the only space variable 
is the radius. The seepage pattern is the same for any horizontal plane through the previous 
stratum ; therefore, a flow net of the type shown in Fig. 6.24 (6) may be drawn. 

Further, the seepage pattern is the same on all radial vertical planes through the centre 
line of the well; hence a flow net of the radial type may also be drawn as shown in Fig. 6.24(c). 

















Impervious 


(a) Well in a round island (b) Flow net for a horizontal plane 
through the previous stratum 






































(c) Radial flow net 
Fig. 6.24 Radial horizontal flow 


This simple case of horizontal, radial flow is the only one for which it is possible to draw 
both types of flow nets. 

The special feature of radial flow is that a relatively large proportion of the head loss 
occurs in the near vicinity of the well. In view of this, the radial extent of the cross section, the 
depth below the well and the depth of the soil have little effect on the results. 

The second one is the case of spherically radial flow, when the flow everywhere is di- 
rected towards a single point. In this case the expression for flow is best written in spherical 
coordinates; the area across which flow occurs at any given radius is the spherical surface of 
area 4n(r’)?, where r’ is the spherical radius. Referring to Fig. 6.25, the discharge may be 
written 





dh 
_ n2 
Q =k. r Anr’) 


If the head is h at radius r’ and is zero at radius r, the solution of the differential 
equation is 





, 


r 


jo 8 (1-7) ...(Eq. 6.29) 
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Axis of radial 
flow net 








Fig. 6.25 Radial flow net for spherically radial 
flow (After Taylor, 1948) 


In this case also, practically all the head is lost in the final portions of the flow paths. 


6.8 METHODS OF OBTAINING FLOW NETS 


The following methods are available for the determination of flow nets: 
1. Graphical solution by sketching 
2. Mathematical or analytical methods 
3. Numerical analysis 
4. Models 
5. Analogy methods 
All the methods are based on Laplace’s equation. 


6.8.1 Graphical Solution by Sketching 

A flow net for a given cross-section is obtained by first transforming the cross-section (if the 
subsoil is anisotropic), and then sketching by trial and error, taking note of the boundary 
conditions. The properties of flow nets such as the orthogonality of the flow lines and 
equipotential lines, and the spaces being elementary squares, and the various rules concern- 
ing boundary conditions and smooth transitions must be observed. 

Sketching by trial and error was first suggested by Forchheimer (1930) and further 
developed by A. Casagrande (1937). The following suggestions are made by Casagrande for the 
benefit of the sketcher. 

(a) Every opportunity to study well-constructed flow nets should be utilised to get the 

feel of the problem. 
(b) Four to five flow channels are usually sufficient for the first attempt. 
(c) The entire flow net should be sketched roughly before details are adjusted. 
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(d) The fact that all transitions are smooth and are of elliptical or parabolic shape should 
be borne in mind. 


(e) The boundary flow lines and boundary equipotentials should first be recognised and 
sketched. 

This method has the advantage that it helps the sketcher to get a feel of the problem. 

The undesirable feature is that the technique is difficult. Many people are not inherently tal- 

ented in sketching. This difficulty is partially offset by the happy fact that the solution of a 

two-dimensional flow problem is relatively insensitive to the quality of the flow net. Even a 

crudely drawn flow net generally permits an accurate determination of seepage, pore pressure 

and gradient. In addition, the available literature in geotechnical engineering contains good 
flow nets for a number of common situations. 


6.8.2 Mathematical or Analytical Methods 


In a few relatively simple case the boundary conditions may be expressed by equations and 
solutions of Laplace’s equation may be obtained by mathematical procedure. This approach is 
largely of academic interest because of the complexity of mathematics even for relatively sim- 
ply problems. 

Perhaps the best known theoretical solution was given by Kozeny (1933) and later ex- 
tended further by A. Casagrande, for flow through an earth dam with a filter drain at the base 
towards the downstream side. This flownet consists of confocal parabolas. 


Another problem for which a theoretical solution is available is a sheet pile wall 
(Harr, 1962). 


6.8.3 Numerical Analysis 


Laplace’s equation for two-dimensional flow can be solved by numerical techniques in case the 
mathematical solution is difficult. Relaxation methods involving successive approximation of 
the total heads at various points in a mesh or net work are used. The Laplace’s differential 
equation is put in its finite difference form and a digital computer is used for rapid solution. 


6.8.4 Models 


A flow problem may be studied by constructing a scaled model and analysing the flow in the 
model. Earth dam models have been used quite frequently for the determination of flow lines. 
Such models are commonly constructed between two parallel glass or lucite sheets. By the 
injection of spots of dye at various points, the flow lines may be traced. This approach facili- 
tates the direct determination of the top flow line. Piezometer tubes may be used for the deter- 
mination of the heads at various points. 

Models are specially suited to illustrate the fundamentals of fluid flow. Models are of 
limited use in the general solution of flow problems because of the time and effort required to 
construct such models and also because of the difficulties caused by capillarity. The capillary 
flow in the zone above the top flow line may be significant in a model, although it is of little 
significance in the prototypes. 
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6.8.5 Analogy Methods 


Lapalce’s equation for fluid flow also holds for electrical and heat flows. The use of electrical 
models for solving complex fluid flow problems in more common. In an electrical model, volt- 
age corresponds to total head, current to velocity and conductivity to permeability. Ohm’s Law 
is analogous to Darcy’s Law. Measuring voltage, one can locate the equipotentials. The flow 
pattern can be sketched later. 

The versatility of electrical analogy in taking into account boundary conditions too dif- 
ficult to deal with by other methods, makes the method suitable for solving complex flow situ- 
ations. Electrical models are considered convenient for instructional purposes, especially in 
connection with the determination of the top flow line and flow nets for earth dams. 


6.9 QUICKSAND 
Let us consider the upward flow of water through a soil sample as shown in Fig. 6.26. 


“— Water supply 


i h(head loss) 








Fig. 6.26 Upward flow of water through soil 
Total upward water force on the soil mass at the bottom surface 
=(h+L)y,.A 


Total downward force at the bottom surface = Weight of the soil in the saturated condi- 
tion 





=Yeat LA. 
_ (Gre) EA 
= “dae Ww E-A 


Assuming that there is no friction at the sides, it is evident that the soil will be washed 
out if a sufficiently large value of h is applied. Such a boiling condition will become imminent 
if the upward water force just equals the weight of the material acting downward; that is, 


(G+e) 
(h+L)y,.A= te) ae 
whence i = A/L = (G-1)K1 +e) ... (Eq. 6.31) 

This means that an upward hydraulic gradient of magnitude (G — 1)/(1 +e) will be just 
sufficient to start the phenomenon of “boiling” in sand. This gradient is commonly referred to 
as the “Critical hydraulic gradient”, 7,. Its value is approximately equal to unity. A saturated 


L.A. ...(Eq. 6.30) 
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sand becomes “Quick” or “Alive” at this gradient; this is only a conditions and not a type of 
sand. 

According to Darcy’s law, the velocity at which water flows varies as the permeability, 
in order to maintain a specified hydraulic gradient such as unity. This explains the fact that 
quicksand conditions occur more commonly in fine sands with low permeability. In case of 
gravels with high permeability, much higher velocity of flow will be required to cause the 
“quicksand condition”. 

Quicksand conditions are likely to occur in nature in a number of instances; however, 
the widespread belief that animals and man could be sucked into the quicksand is a myth, 
since the unit weight of the saturated sand is nearly double that of water. However, quicksand 
conditions present constructional difficulties. When the exit gradient for a hydraulic structure 
like a dam assumes the critical value, boiling occurs. This may lead to the phenomenon of 
progressive backward erosion in the form of a pipe or closed channel underneath the structure 
and ultimately failure of the structure. This is called, “piping”. The ratio of the critical gradi- 
ent to the actual exit gradient is called the “factor of safety against piping”. 

In summary, we may note: 

1. “Quick” refers to a condition and not to a material. 

2. Two factors are required for a soil to become quick: Strength must be proportional to 
effective stress and the effective stress must be equal to zero. 

3. The upward gradient needed to cause a quick condition in a cohesionless soil is equal 
to y/y,, and is approximately equal to unity. This leads to boiling, piping and ultimate failure of 
the structure. 

4. The amount of flow required to maintain quick condition increases as the permeabil- 
ity of the soil increases. 


6.10 SEEPAGE FORCES 


Quicksand conditions are caused by seepage forces. These forces have importance in many 
situations, even when there is no quick condition. Seepage forces are present in clays through 
which flow occurs, but cohesion prevents the occurrence of boiling. 

Referring to Fig. 6.26, the head A is expended in forcing water through the pores of the 
soil. This head is dissipated in viscous friction, a drag being exerted in the direction of motion. 


The effective weight of the submerged mass is the submerged weight y. LA or G-) 


(+e) 
Y„ - LA. An upward force h . y „ . A is dissipated, or transferred by viscous friction into an 
upward frictional drag on the particles. When quick condition is incipent, these forces are 
equal: 





(G-1 
hy, -A= Ae) ` Yw: 
which again leads to equation 6.31. The only difference between Eqs. 6.30 and 6.32 is that both 
side of Eq. 6.30 include a force y LA. 


L.A ...(Eq. 6.32) 
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The upward force of seepage ish . y, A, as is in the left hand side of Eq. 6.32. In uniform 
flow it is distributed uniformly throughout the volume of soil L .A, and hence the seepage force 
J per unit volume is hy, . A/LA, which equals . y, 

J=i. Y, ...(Eq. 6.33) 

Thus, the seepage force in an isotropic soil acts in the direction of flow and is given by 
i.Y„ per unit volume. The vector sum of seepage forces and gravitational force is called the 
resultant body force. This combination may be accomplished either by a combination of the 
total weight and the boundary neutral force or by a combination of the submerged weight and 
the seepage force. The two approaches give identical results. 


6.11 EFFECTIVE STRESS IN A SOIL MASS UNDER SEEPAGE 


The effective stress in the soil at any point is decreased by an amount equal to the seepage 
force at that point for upward flow; correspondingly, the neutral pressure is increased by the 
same amount, the total stress remaining unaltered. 

Similarly, the effective stress is increased by an amount equal to the seepage force for 
the downward flow; correspondingly, the neutral pressure is decreased by the same amount, 
the total stress remaining unaltered. 

This is due to the fact that the seepage force is the viscous drag transmitted to the 
particles while the seeping water is being pushed through the pores, the surfaces of the parti- 
cles serving as the walls surrounding the pores. This, in addition to the fact that seepage force 
acts in the direction of flow, will enable one to determine the effective stress in a soil mass 
under steady state seepage. 


6.12 ILLUSTRATIVE EXAMPLES 


Example 6.1: What is the critical gradient of a sand deposit of specific gravity = 2.65 and void 
ratio = 0.5? (S.V.U.—B.Tech., (Part-Time)—Sep., 1982) 
G = 2.65, e = 0.50 
Critical hydraulic gradient, i, = (G—1)(1 +e). 


_ (265-1 165 _ 
~ (1+0.50) 150 
Example 6.2: A 1.25 m layer of the soil (G = 2.65 and porosity = 35%) is subject to an upward 
seepage head of 1.85 m. What depth of coarse sand would be required above the soil to provide 
a factor of safety of 2.0 against piping assuming that the coarse sand has the same porosity 
and specific gravity as the soil and that there is negligible head loss in the sand. 
(S.V.U—B.E.(R.R.)—Sep., 1978) 


A _ O88 _ aie 
(l-n) 0.65 
 (G-D_ (265-1 _ 1.65x13 


c (+e) (1+7/13) 20 





G = 2.65; n = 35% = 0.35; e = 





Critical hydraulic gradient, i = 1.0725 
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With a factor of safety of 2.0 against piping, 





` 1.072 
Gradient, fe t= 2 5 _ 0.53625 
But i=h/L 


L = hli = 1.850/0.53625 m = 3.45 m 
Available flow path = thickness of soil = 1.25 m. 
Depth of coarse sand required = 2.20 m. 


Example 6.3: A glass container with pervious bottom containing fine sand in loose state (void 
ratio = 0.8) is subjected to hydrostatic pressure from underneath until quick condition occurs 
in the sand. If the specific gravity of sand particles = 2.65, area of cross-section of sand sample 
= 10 cm? and height of sample = 10 cm, compute the head of water required to cause quicksand 
condition and also the seepage force acting from below. 


(S.V.U.—B.E.(R.R.)—Nov. 1974) 
e = 0.8, G = 2.65 


(G-1)_ (265-1) _ 1.65 








= Gan Geos, 160-17 ee 
10x11 
L=10cm.h =L i, = ~ = 55/6 = 9.17 em. 


Seepage force per unit volume =t . Y, 
= + x 9.81 kN/m? 
10x10 
100 x 100 x 100 = 
= 0.0009 KN = 0.9 N. 
Example 6.4: A large excavation was made in a stratum of stiff clay with a saturated unit 
weight of 18.64 kN/m®. When the depth of excavation reached 8 m, the excavation failed as a 
mixture of sand and water rushed in. Subsequent borings indicated that the clay was under- 
lain by a bed of sand with its top surface at a depth of 12.5 m. To what height would the water 
have risen above the stratum of sand into a drill hole before the excavation was started ? 





Total seepage force = a x 9.81 x 









Excavation 


8m 














Fig. 6.27 Excavation of clay underlain by sand (Example 6.4) 
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Referring to Fig. 6.27, the effective stress at the top of sand stratum goes on getting 
reduced as the excavation proceeds due to relief of stress, the neutral pressure in sand remain- 
ing constant. 

The excavation would fail when the effective stress reached zero value at the top of 
sand. 

Effective stress at the top of sand stratum, 


© =Z. Vat — 2-Yyy 





If this is zero, hy, =Z + Yeat 
N h = Z Yat _ (12.5-8)x 18.64 _ 55m 
Yw 9.81 


Therefore, the water would have risen to a height of 8.55 m above the stratum of sand 
into the drill hole before excavation under the influence of neutral pressure. 


Example 6.5: Water flows at the rate of 0.09 ml/s in an upward direction through a sand 
sample with a coefficient of permeability of 2.7 x 102 mm/s. The thickness of the sample is 120 
mm and the area of cross-section is 5400 mm?. Taking the saturated unit weight of the sand as 
18.9 kN/m, determine the effective pressure at the middle and bottom of the sample. 





Here, q = 0.09 ml/s = 90 mm?/s, k = 2.7 x 10°? mm/s 
A = 5400 mm? 
90 
i = q/kA = = 0.6173 


2.7 x 10 x 5400 
Y = Yeat — Yu = (18.90 — 9.81) kKN/m? = 9.09 kN/m? 
= 9.09 x 10° N/mm? 
For the bottom of the sample, z = 120 mm 
© = Yz -izy,,, 
for downward flow, considering the effect of seepage pressure. 
© = (9.09 x 10-6 x 120 — 0.6173 x 120 x 9.81 x 10-6) N/mm? 
= 120 x 10® (9.09 — 0.6173 x 9.81) = 0.364 x 10 N/mm? 
= 364 N/m? 
For the middle of the sample, z = 60 mm 
5 =YZ -iz Y, 
= (9.09 x 10+ x 60 — 0.6173 x 60 x 9.81 x 10-6) N/mm? 
= 0.182 x 10 N/mm? = 182 N/m?. 
Example 6.6: A deposit of cohesionless soil with a permeability of 3 x 10 cm/s has a depth of 
10 m with an impervious ledge below. A sheet pile wall is driven into this deposit to a depth of 
7.5 m. The wall extends above the surface of the soil and a 2.5 m depth of water acts on one 
side. Sketch the flow net and determine the seepage quantity per metre length of the wall. 
(S.V.U.— B.E. (R.R)—Nov., 1973) 
The flow net is shown. 
Number of flow channels, np=4 
Number of equipotential drops, ng = 14 
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Quantity of seepage per meter q=k.H. ny 
length of wall 








7 
2.5M Impervious 


Fig. 6.28 Sheet pile wall (Example 6.6) 


4 
=3 x 10% x 2.5 x T m/sec/metre run 


= 2.143 x 10+ m*/sec/ meter run 
= 214.3 mI/sec/metre run. 


Exmaple 6.7: An earth dam of homogeneous section with a horizontal filter is shown in Fig. 6.29. 
If the coefficient of permeability of the soil is 3 x 10 mm/s, find the quantity of seepage per 
unit length of the dam. 






Directrix of 
base parabola 














j 200 m >| 


Fig. 6.29 Homogeneous earth dam with horizontal filter at toe (Example 6.7) 


AB = 0.3(EB) = 3.0 x 90 = 27 m 
With respect of the focus, F (the end of the filter), as origin, the co-ordinates of A, the 
starting point of the base parabola, are : x = FA’ = 200 — 90 — 45 + 27=92m 


z=A’A=30m 
The equation to the parabola is 


x? +27 =x+S, 


where S is the distance to the directrix from the focus, F. 


J92? +307 =92 +S 
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or S = (492? + 30? - 92) m = 4.77 m 
The quantity of seepage per metre unit length of the dam 
q=k.S 


=3x10?x 10° x 4.77 m/s 
= 14.31 x 10° m8/S 
= 143.1 ml/s. 


Example 6.8: For a homogeneous earth dam 32 m high and 2 m free board, a flow net was 
constructed with four flow channels. The number of potential drops was 20. The dam has a 
horizontal filter at the base near the toe. The coefficient of permeability of the soil was 9 x 10-7 
2 mm/s. Determine the anticipated seepage, if the length of the dam is 100 metres. 


Head of water, H =(32-2)m=30m 
Permeability of the soil =9x10?mm/s 
Number of flow channels =4 
Number of head drops = 20 
Discharge per metre length =k.H. ale 
Ng 
9x 10° 4 
= er ae x 30 x 20 m/s 


Seepage anticipated for the entire length of the dam 


100 x 9x10 x 30x 4 

7 1000 x 20 

= 0.054 m/s = 541 ml/s. 
Example 6.9: An earth dam is built on an impervious foundation with a horizontal filter at 
the base near the toe. The permeability of the soil in the horizontal and vertical directions are 
3 x 102 mm/s and 1 x 10 mm/s respectively. The full reservoir level is 30 m above the filter. 
A flow net constructed for the transformed section of the dam, consists of 4 flow channels and 
16 head drops. Estimate the seepage loss per metre length of the dam. 

k, =3x 10? mm/s k,=1x 10? mm/s 

k,=3 x 10% m/s k = 10° m/s 

H =30m 

Equivalent permeability k, = Jkpk, 


e 





m/s 





= 3 x10°x1x10° m/s 
= 1.732 x 10° m/s 
Seepage loss per metre length of the dam 

=k,.H. Mt 

Ng 

4 

= 0.433 x 10> x 30 x T m/s 
= 1.299 x 10+ m/s 
= 129.9 ml/s. 
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SUMMARY OF MAIN POINTS 


10. 


11. 


12. 


Flow of water through soil under a hydraulic gradient is called “Seepage”. 


A flow net is a system of squares or rectangles formed by flow lines intersecting equipotential 
lines. 
The rate of flow is given byg =k. H . s, where s, the shape factor (=n,/n,), is provided by the flow 
net. 
, . 3h h . a 
The basic equation for seepage is Laplace’s equation: x + I = 0 (for isotropic soil). A flow 
x z 
net is simply a solution of this equation for a given set of boundary conditions. 
Functions which satisfy Laplace’s equation are called ‘Conjugate harmonic functions’. 


From a flow net one can obtain (a) rate of flow, (b) pore pressure, and (c) gradient. 
In anisotropic soil, the section must be transformed, using X, = Jk,/k,, . x; the effective perme- 


ability, k, is then given by yk,k, . 

The flow through an earth dam is bounded by a top flow line or phreatic line, which is deter- 
mined first. The location depends upon the drainage conditions at the downstream toe and the 
inclination of the discharge face. The phreatic line mostly follows the base parabola of Kozeny, 
with slight modifications at the beginning and the end, as given by A. Casagrande. 


The flow around a circular well constitutes a radial flow net. 


Graphical method of sketching by trial and error and analogy methods are important among the 
methods of obtaining flow nets. 


“Quick” refers to a condition wherein a cohesionless soil loses its strength because the upward 
flow of water makes the effective stress zero; the hydraulic gradient at which this condition is 
(G-1 

(+e)` 


The seepage force per unit volume of the soil is 7 . y,, and (for isotropic soil) acts in the direction 
of flow. 





imminent is called the critical one, and is given by i, = 
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QUESTIONS AND PROBLEMS 


6.1 
6.2 


6.3 


6.4 


6.5 


6.6 


6.7 


6.8 


6.9 


6.10 


6.11 


6.12 


Write short notes on ‘Flow nets’. (S.V.U.—Four year B.Tech.—Apr., 1983) 
(a) What are the principles of a flow net ? What are its uses ? 
(b) Explain the phenomenon of “Piping”. (S.V.U—B.Tech., (Part-Time)—May, 1983) 


What are the salient characteristics of a flow net? 
Describe a suitable procedure of drawing flow net. (S.V.U.—B.Tech., (Part-Time)—Sep., 1982) 
Write short notes on: Critical hydraulic gradient, Phreatic line. 
(S.V.U.—B.Tech., (Part-Time)—Apr., 1982) 
Write short notes on : Quicksand conditions, Laplace system. 
(S.V.U.—Four year B.Tech., —June, 1982) 
Briefly discuss: 
(i) Properties and utility of the flow net. 
(ii) Seepage force 
(iii) Electrical analogy method. (S.V.U.—B.Tech., (Part-Time)—Apr., 1982) 
(a) Explain the meaning of the term “ Seepage pressure”. 


(b) Show how the effective pressure is altered when water is flowing through the soil vertically 
downwards and vertically upwards. (S.V.U.—B.E., (R.R.)—Sep., 1978) 


Stating the basic principles of flow nets describe the trial sketching method of obtaining a flow 
net with particular reference to a homogeneous earth dam. (S.V.U.—B.E., (R.R.)—Nov., 1975) 


(a) Define “Critical hydraulic gradient” and explain how “piping’ is produced. 


(b) Explain the principle of drawing flow nets and derive the expression to calculate the amount 
of flow of water in the case of a sheet pile wall with a head of water h on one side. 


(S.V.U.—B.E., (R.R.)—May, 1970) 


The hydraulic gradient for an upward flow of water through a sand mass is 0.90. If the specific 
gravity of soil particles is 2.65 and the void ratio is 0.50. will quicksand conditions develop ? 


The foundation soil at the toe of a masonry dam has a porosity of 40% and the specific gravity of 
grains is 2.70. To assure safety against piping, the specifications state that the upward gradient 
must not exceed 25% of the gradient at which a quick condition occurs. What is the maximum 
permissible upward gradient ? 


In a container filled with each of the following materials, at a porosity of 40%, determine the 
upward gradient required to cause quick condition: 


(a) lead shot with a specific gravity of 11.35; 
(b) fibre beads with a specific gravity of 1.55; 
(c) sand with a specific gravity 2.65. 
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6.13 


6.14 


6.15 


6.16 


6.17 


6.18 


An excavation is to be performed in a stratum of clay, 9 m thick, underlain by a bed of sand. Ina 
trial bore hole, the ground-water is observed to rise up to an elevation 3 m below ground surface. 
Find the depth of which the excavation can be safely carried out without the bottom becoming 
unstable under uplift pressure of ground-water. The specific gravity of clay particles is 2.70 and 
the void ratio is 0.70. If the excavation is to be safely carried to a depth of 7 m, how much should 
the water table be lowered in the vicinity of the trench ? 

There is an upward flow of 0.06 ml/s through a sand sample with a coefficient of permeability 
3 x 10 mm/s. The thickness of the sample is 150 mm and the cross-sectional area is 4500 mm2. 
Determine the effective stress at the bottom and middle of the sample, if the saturated unit 
weight of the sample, is 18.9 kN/m. 

A deposit of cohesionless soil with a permeability of 0.3 mm/s has a depth of 12 m with impervi- 
ous ledge below. A sheet pile wall is driven into this deposit to a depth of 8 m. The wall extends 
above the surface of the soil, and a 3 m depth of water acts on one side. Sketch the flow net and 
determine the seepage quantity. 

A homogeneous earth dam has a top width of 6 m and a height of 42 metres with side slopes of 3 
to 1 and 4 to 1 on the upstream side and downstream side respectively. The free board is 2 m. 
There is a horizontal filter at the base on the downstream side extending for a length of 60 m 
from the toe. If the coefficient of permeability of the soil is 9 x 102 mm/s, find the quantity of 
seepage per day for 100 metre length of the dam. 

A double wall sheet pile coffer dam retains a height of water 9 m on one side. A flow net con- 
structed for this structure, driven into a pervious deposit overlain by an impervious ledge, con- 
sists of five flow channels and fifteen potential drops. The length of the coffer dam is 90 metres. 
If the coefficient of permeability of the pervious deposit is 10-2 mm/s determine the seepage in 
cubic metres per day. 

A concrete dam retains water to a height of 9 m. It has rows of sheet piling at both heel and toe 
which extend half way down to an impervious stratum. From a flow net sketched on a trans- 
formed section, it is found that there are four flow channels and sixteen head drops. The average 
horizontal and vertical permeabilities of the soil are 6 x 10-? mm/s and 2 x 10 mm/s, respec- 
tively. What is the seepage per day, if the length of the dam is 150 metres ? 


Chapter f 


COMPRESSIBILITY ÅND 
CONSOLIDATION OF SOILS 


7.1 INTRODUCTION 


When a structure is placed on a foundation consisting of soil, the loads from the structure 
cause the soil to be stressed. The two most important requirements for the stability and safety 
of the structure are: (1) The deformation, especially the vertical deformation, called ‘settle- 
ment’ of the soil, should not be excessive and must be within tolerable or permissible limits; 
and, (2) The shear strength of the foundation soil should be adequate to withstand the stresses 
induced. 

The first of these requirements needs consideration and study of the aspect of the 
“Compressibility and Consolidation of soils” and forms the subject matter of this chapter. The 
second needs consideration of the aspects of shear strength and bearing capacity of soil, which 
are dealt with in subsequent chapters. 

The nature of the deformation of soil under compressible loads may be elastic, plastic or 
compressive, or a combination of these. Elastic deformation causes lateral bulging with little 
change of porosity and the material recovers fully upon removal of the load. Plastic deforma- 
tion is due to the lateral flow of the soil under pressure with negligible rebound after removal 
of load. ‘Plasticity’ is the property by which the material can undergo considerable deforma- 
tion before failure. Clays exhibit this property to a greater or smaller degree at moisture con- 
tents greater than the plastic limit. Compressive deformation occurs when the particles are 
brought closer together by pressure causing volume changes in the soil. The property of a soil 
by virtue of which volume decrease occurs under applied pressure is termed its ‘Compressibility’. 

Since natural soil deposits are laterally confined on all sides, deformation under stress 
is primarily associated with volume changes, specifically, volume decrease. 


7.2 COMPRESSIBILITY OF SOILS 


A soil is a particulate material, consisting of solid grains and void spaces enclosed by the 
grains. The voids may be filled with air or other gas, with water or other liquid, or with a 
combination of these. 
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The volume decrease of a soil under stress might be conceivably attributed to: 
1. Compression of the solid grains; 
2. Compression of pore water or pore air; 


3. Expulsion of pore water or pore air from the voids, thus decreasing the void ratio or 
porosity. 

Under the loads usually encountered in geotechnical engineering practice, the solid 
grains as well as pore water may be considered to be incompressible. Thus, compression of 
pore air and expulsion of pore water are the primary sources of volume decrease of a soil mass 
subjected to stresses. A partially saturated soil may experience appreciable volume decrease 
through the compression of pore air before any expulsion of pore water takes place; the situa- 
tion is thus more complex for such a soil. However, it is reasonable to assume that volume 
decrease of a saturated soil mass is, for all practical purposes, only due to expulsion of pore 
water by the application of load. Sedimentary deposits and submerged clay strata are invari- 
ably found in nature in the fully saturated condition and problems involving volume decrease 
and the consequent ill-effects are associated with these. 

Specifically, the compressibility of a soil depends on the structural arrangement of the 
soil particles, and in fine-grained soils, the degree to which adjacent particles are bonded 
together. A structure which is more porous, such as a honey-combed structure, is more com- 
pressible than a dense structure. A soil which is composed predominantly of flat grains is more 
compressible than one with mostly spherical grains. A soil in a remoulded state may be more 
compressible than the same soil in its natural state. 

When the pressure is increased, volume decrease occurs for a soil. If the pressure is 
later decreased some expansion will take place, but the rebound or recovery will not occur to 
the full extent. This indicates that soils show some elastic tendency, but only to a small degree. 
It is rather difficult to separate the elastic and inelastic compression in soils. 


There is another kind of volume rebound shown by fine-grained soils. Water held be- 
tween the flaky particles by certain forces gets squeezed out under compression. When the 
stress is removed, these forces cause the water to be sucked in again, resulting in the phenom- 
enon of ‘swelling’. Expulsion and sucking of water may take a very long time. 

The process of gradual compression due to the expulsion of pore water under steady 
pressure is referred to as ‘Consolidation’, which is dealt with in later sections. This is a time- 
dependent phenomenon, especially in clays. Thus, the volume change behaviour has two dis- 
tinct aspects: first, the magnitude of volume change leading to a certain total compression or 
settlement, and secondly, the time required for the volume change to occur under a particular 
stress. 


The process of mechanical compression resulting in reduction or compression of pore air 
and consequent densification of soil is referred to as ‘Compaction’, and it is dealt with in a later 
chapter. 

In sands, consolidation may be generally considered to keep pace with construction; 
while, in clays, the process of consolidation proceeds long after the construction has been com- 
pleted and thus needs greater attention. 
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7.2.1 One-dimensional Compression and Consolidation 


The previous discussion refers to compression in general. The general case is complex, but an 
analysis of the case in which the compression takes place in one direction only is relatively 
simple. The simple type of one-dimensional compression, to be described in a later sub-section, 
holds in the laboratory except for minor variations caused by side friction. The compression at 
shallow elevations underneath a loaded structure is definitely three-dimensional, but the com- 
pression in deep strata is essentially one-dimensional. Besides, there are other practical situ- 
ations in which the compressions approach a truly one-dimensional case. In view of this, one- 
dimensional analysis of compression and consolidation has significant practical applications. 

Escape of pore water must occur during the compression or one-dimensional consolida- 
tion of a saturated soil; this escape takes place according to Darcy’s law. The time required for 
the compression or consolidation is dependent upon the coefficient of permeability of the soil 
and may be quite long if the permeability is low. The applied pressure which is initially borne 
by the pore water goes on getting transferred to the soil grains during the transient stage and 
gets fully transferred to the grains as effective stress, reducing the excess pore water pressure 
to zero at the end of the compression under the applied stress. Thus, ‘Consolidation’, may be 
defined as the gradual and time-dependent process involving expulsion of pore water from a 
saturated soil mass, compression and stress transfer. This definition is valid for the one-di- 
mensional as well as the general three-dimensional case. 

It may be worthwhile to note that the volume of the soil mass at any time is related to 
the effective stress in the soil at that time and not to the total stress. In other words, 
compressibility is a function of the effective stress. The application of a total stress increment 
merely creates a transient flow situation and induces consolidation through expulsion of pore 
water and increases in effective stress through a decrease in excess pore water pressure. 


7.2.2 Compressibility and Consolidation Test—Oedometer 


The apparatus developed by Terzaghi for the determination of compressibility characteristics 
including the time-rate of compression is called the Oedometer. It was later improved by A. 
Casagrande and G. Gilboy and referred to as the Consolidometer. 


The consolidometer device is shown schematically in Fig. 7.1. 


Dial gauge 
Stand Compression loading 
Pipe ay Steel ball 
Loading plate 
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Consolidometer ring 
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Ventway Base 
(a) Fixed ring type 
Fig. 7.1 (Contd.) 
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Fig. 7.1 Schematic of consolidometer 


There are two types: The fixed ring type and the floating ring type. In the fixed ring 
type, the top porous plate along is permitted to move downwards for compressing the speci- 
men. But, in the floating ring type, both the top and bottom porous plates are free to move to 
compress the soil sample. Direct measurement of the permeability of the sample at any stage 
of the test is possible only with the fixed ring type. However, the effect of side friction on the 
soil sample is smaller in the floating type, while lateral confinement of the sample is available 
in both to simulate a soil mass in-situ. 

The consolidation test consists in placing a representative undisturbed sample of the 
soil in a consolidometer ring, subjecting the sample to normal stress in predetermined stress 
increments through a loading machine and during each stress increment, observing the reduc- 
tion in the height of the sample at different elapsed times after the application of the load. The 
test is standardised with regard to the pattern of increasing the stress and the duration of 
time for each stress increment. Thus the total compression and the time-rate of compression 
for each stress increment may be determined. The data permits the study of the compressibility 
and consolidation characteristics of the soil. 

The time-rate of volume change differs significantly for cohesionless soils and cohesive 
soils. Cohesionless soils experience compression relatively quickly, often instantaneously, af- 
ter the load is imposed. But clay soils require a significant period before full compression 
occurs under an applied loading. Relating the time-rate of compression with compression is 
consolidation. Laboratory compression tests are seldom performed on cohesionless soils for 
two reasons: first, undisturbed soil samples cannot be obtained and secondly, the settlement is 
rapid, eliminating post-construction problems of settlement. If volume change or settlement 
characteristics are needed, these are obtained indirectly from in-situ density and density in- 
dex and other correlations. 

The following procedure is recommended by the ISI for the consolidation test [IS:2720 
(Part XV)—1986]: 

The specimen shall be 60 mm in diameter and 20 mm thick. The specimen shall be 
prepared either from undisturbed samples or from compacted representative samples. The 
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specimen shall be trimmed carefully so that the disturbance is minimum. The orientation of 
the sample in the consolidometer ring must correspond to the orientation likely to exist in the 
field. 


The porous stones shall be saturated by boiling in distilled water for at least 15 minutes. 
Filter papers are placed above and below the sample and porous stones are placed above and 
below these. The loading block shall be positioned centrally on the top porous stone. 


This assembly shall be mounted on the loading frame such that the load is applied 
axially. In the case of the lever loading system, the apparatus shall be properly counterbal- 
anced. The lever system shall be such that no horizontal force is imposed on the specimen at 
any stage during testing and should ensure the verticality of all loads applied to the specimen. 
Weights of known magnitude may be hung on the lever system. The holder with the dial gauge 
to record the progressive vertical compression of the specimen under load, shall then be screwed 
in place. The dial gauge shall be adjusted allowing a sufficient margin for the swelling of the 
soil, if any. The system shall be connected to a water reservoir with the water level being at 
about the same level as the soil specimen and the water allowed to flow through and saturate 
the sample. 

An initial setting load of 5 kN/m?, which may be as low as 2.5 kN/m? for very soft soils, 
shall be applied until there is no change in the dial gauge reading for two consecutive hours or 
for a maximum of 24 hours. A normal load to give the desired pressure intensity shall be 
applied to the soil, a stopwatch being started simultaneously with loading. The dial gauge 
reading shall be recorded after various intervals of time—0.25, 1, 2.25, 4, 6.25, 9, 12.25, 16, 
20.25, 25, 36, 49, 64, 81, 100, 121, 144, 169, 196, 225, 256, 289, 324, 361, 400, 500, 600, and 1440 
minutes.* 

The dial gauge readings are noted until 90% consolidation is reached. Thereafter, occa- 
sional observations shall be continued. For soils which have slow primary consolidation, loads 
should act for at least 24 hours and in extreme cases or where secondary consolidation must be 
evaluated, much longer. 

At the end of the period specified, the load intensity on the soil specimen is doubled.** 
Dial and time readings shall be taken as earlier. Then successive load increments shall be 
applied and the observations repeated for each load till the specimen has been loaded to the 
desired intensity. The usual sequence of loading is of 10, 20, 40, 80, 160, 320 and 640 kN/m?. 
Smaller increments may be desirable for very soft soil samples. Alternatively, 6, 12, 25, 50, 100 
and 200 per cent of the maximum field loading may be used. An alternative loading or reload- 
ing schedule may be employed that reproduces the construction stress changes, obtains better 
definition of some part of the stress-void ratio curve, or aids in interpreting the field behaviour 
of the soil. 


*The significance as well as convenience of choosing the time intervals as perfect squares will be 
understood later on, after the reader goes through the Sub-section 7.7.1 — ‘the square root of Time 
Fitting Method”. 

**The significance of this procedure will be understood after the reader goes through Sub-sec- 
tion 7.2.6—“Normally consolidated soil and overconsolidated soil”. The objective is to see that the soil 
sample is normally consolidated throughout the test. 
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After the last load has been on for the required period, the load should be decreased to 
1/4 the value of the last load and allowed to stand for 24 hours. No time-dial readings are 
normally necessary during the rebound, unless information on swelling is required. The load 
shall be further reduced in steps of one-fourth the previous intensity till an intensity of 10 kN/ 
m7? is reached. If data for repeated loading is desired, the load intensity may now be increased 
in steps of double the immediately preceding value and the observations repeated. 

Throughout the test, the container shall be kept filled with water in order to prevent 
desiccation and to provide water for rebound expansion. After the final reading has been taken 
for 10 kN/m? the load shall be reduced to the initial setting load, kept for 24 hours and the final 
reading of the dial gauge noted. 

When the observations are completed, the assembly shall be quickly dismantled, the 
excess surface water on the specimen is carefully removed by blotting and the ring with the 
consolidated soil specimen weighed. The soil shall then be dried to constant weight in an oven 
maintained at 105° to 110°C and the dry weight recorded. 


7.2.3 Presentation and Analysis of Compression Test Data 


There are several ways in which the data from a laboratory compression test may be presented 
and analysed. 


The consolidation is rapid at first, but the rate gradually decreases. After a time, the 
dial reading becomes practically steady, and the soil sample may be assumed to have reached 
a condition of equilibrium. For the common size of the soil sample, this condition is generally 
attained in about twenty-four hours, although, theoretically speaking, the time required for 
complete consolidation is infinite. This variation of compression or the dial gauge reading with 
time may be plotted for each one of the stress increments. Fig. 7.2 depicts a typical time versus 
compression curve. 


A curve of this type may be transformed in a certain manner and used for a specific 
purpose as will be indicated in Sec. 7.7. 
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Fig. 7.2 Typical time-compression curve for a stress increment on clay 


The time-compression curves for consecutive increments of stress appear somewhat as 
shown in Fig. 7.3: 
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Fig. 7.3 Time-compression curve for successive increments of stress 


Since compression is due to decrease in void spaces of the soil, it is commonly indicated 
as a change in the void ratio. Therefore, the final stress-strain relationships, are presented in 
the form of a graph between the pressure and void ratio, with a point on the curve for the final 
condition of each pressure increment. 


Accurate determination of the void ratio is essential and may be made as follows: 





V 
i, 
e= y 
W; 
V= Gy, 
V=A.H 


Here, A = area of cross-section of the sample; 
H = height of the sample at any stage of the test; 


W, = weight of solids or dry soil, obtained by drying and weighing the sample at the end 
of the test; 


G = specific gravity of solids, found separately for the soil sample. 


At any stage of the test, the height of the sample may be obtained by deducting the 
reduction in thickness, got from dial gauge readings, from the initial thickness which will be 
the same as the internal height of the consolidometer. 


Alternatively, the void ratio at any stage may be computed as follows: 


The void ratio at the end of test may be obtained as e = w. G, where w is the water 
content at the end of the test. 


V=AH=V(1 +e) 
If AH is the change in H and the corresponding change in void ratio is Ae, A.AH = V..Ae 
Dividing one by the other, 
AH Aæ 
H (1+e) 
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Ae = [(1 + e)/H].AH ... (Eq. 7.1) 
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Fig. 7.4 Pressure-void ratio relationship 


Working backwards from the known value of the final void ratio, the void ratio corre- 
sponding to each pressure may be computed. A typical pressure-void ratio curve is shown in 
Fig. 7.4. 

The slope of this curve at any point is defined as the coefficient of compressibility, a. 
Mathematically speaking, 

_ Ae 
a, = ye 

The negative sign indicates that as the pressure increases, the void ratio decreases. 
(Alternatively, the curve may be approximated to a straight line between this point and an- 
other later point of pressure and its slope may be taken as a). It is difficult to use a, in a 
mathematical analysis, because of the constantly changing slope of the curve. This leads us to 
the fact that compressibility is a function of the effective stress as shown in Fig. 7.5. 


.. (Eq. 7.2) 


Coefficient of compressibility a, —> 





> 
Effective stress 5 —> 


Fig. 7.5 Compressibility—a function of effective stress 


If the void-ratio is plotted versus the logarithm of the pressure, the data will plot ap- 
proximately as a straight line (or as a series of straight lines, as described later), as shown in 
Fig. 7.6. In this form the test data are more adaptable to analytical use. 
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Fig. 7.6 Pressure-void ratio relationship (Semilog co-ordinates) 


7.2.4 Compressibility of Sands 


The pressure-void ratio relationship for a typical sand under one-dimensional compression is 
shown in Fig. 7.7. A typical time-compression curve for an increment of stress is shown in 
Fig. 7.8. 
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Fig. 7.7 Pressure void-ratio relationship for a typical sand 
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Fig. 7.8 Typical time-compression curve for a sand 
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It is observed that although there is some rebound on release of pressure, it is never 
cent per cent; as such, the pressure-void ratio curves for initial loading and unloading, which 
are respectively referred to as the ‘Virgin Compression Curve’ and ‘Rebound Curve’, will be 
somewhat different from each other. It is also observed that not much of reduction in void ratio 
occurs in the sands, indicating that their compressibility is relatively very low. 

It is also observed from the time-compression curve that the major part of the compres- 
sion takes place almost instantaneously. In about one minute about 95% of the compression 
has occurred in this particular case. 


The time-lag during compression is largely of a frictional nature in the case of sands. In 
clean sands, it is about the same whether it is saturated or dry. Upon application of an incre- 
ment of load, a successive irregular, localised building up and breaking down of stresses in 
groups of grains occur. A continuous rearrangement of particle positions occurs; the time-lag 
in reaching the final state is referred to as the frictional lag. 


7.2.5 Compressibility and Consolidation of Clays 


A typical pressure versus void ratio curve for a clay to natural pressure scale is shown in 
Fig. 7.9 and to the logarithmic pressure scale in Fig. 7.10. A typical time-compression relation- 
ship for an increment of stress for a clay has already been shown in Fig. 7.2. The virgin com- 
pression curve and the rebound curve, covering one cycle of loading and unloading, are being 
presented in Figs. 7.9 and 7.10. 












Virgin compression curve 


Void ratio e —»> 
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Fig. 7.9 Pressure-void ratio relationship for a typical clay 
(Natural or arithmetic scale) 


It is clear that a clay shows greater compressibility than a sand for the same pressure 
range. It is also clear that the rebound on release of pressure during unloading is much less. 
The second mode of semi-log plotting yields straight lines in certain zones of loading and un- 
loading. 
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Fig. 7.10 Pressure-void ratio relationship for a typical clay 
(Pressure to logarithmic scale) 


In the semi-logarithmic plot, it can be seen that the virgin compression curve in this 
case approximates a straight line from about 200 kN/m? pressure. The equation of this straight 
line portion may be written in the following form: 
e =e, — C, logy) — (Eq. 7.3) 

So 
where e corresponds to 6 and e, corresponds to 6. The value arbitrarily chosen for Oo is 100 
kN/m?, usually (1 kg/em?), although the straight line has to be produced backward to reach 
this pressure. 

The numerical value of the slope of this straight line, C, which is obviously negative in 
view of the decreasing void ratio for increasing pressure, is called the ‘Compression index’: 

go (Eq. 7.4) 

© 
logio = 
So 


The rebound curve obtained during unloading may be similarly expressed with C, des- 
ignating what is called the ‘Expansion index’: 


e =e,- C, logyy — (Eq. 7.5) 
So 

If, after complete removal of all loads, the sample is reloaded with the same series of 
loads as in the initial cycle, a different curve, called the ‘recompression curve’ is obtained. It is 
shown in Figs. 7.11 and 7.12, with the pressure to arithmetic scale and to logarithmic scale 
respectively. Some of the volume change due to external loading is permanent. The difference 
in void ratios attained at any pressure between the virgin curve and the recompression curve 
is predominant at lower pressures and gets decreased gradually with increasing pressure. The 
two curves are almost the same at the pressure from which the original rebound was made to 

occur during unloading. The recompression curve is less steep than the virgin curve. 
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Fig. 7.11 Virgin compression, rebound and recompression 
curves for a clay (Arithmetic scale) 
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Fig. 7.12 Virgin compression, rebound and recompression 
curves for a clay (Pressure to logarithmic scale) 


It may be noted from Fig. 7.12 that the curvature of the virgin compression curve at 
pressures smaller than about 200 kN/m? resembles the curvature of the recompression curve 
at pressures smaller than about 800 kN/m? from which the rebound occurred. This resem- 
blance indicates that the specimen was probably subjected to a pressure of about 150 to 200 
kN/m? at some time before its removal from the ground. Therefore, the initial curved portion 
of the so-called virgin curve can be visualised as a recompression curve; it may also be con- 
cluded that a convex curvature on this type of semi-logarithmic plot always indicates 
recompression. 

This past maximum pressure to which a soil has been subjected is called “Preconsolidation 
pressure”; usually this term is applied in conjunction with the virgin curve, although it can 
also be used in conjunction with a laboratory recompression curve. 

As an example let us consider a soil sample obtained from a site from a depthz as shown 
in Fig. 7.13 (a). The ground surface has never been above the existing level, and there never 
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was extra external loading acting on the area. Thus, the maximum stress to which the soil 


sample was ever subjected is the current over burden pressure 9,, ( = Y.z). 
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(a) Location of sample taken for compression test (b) Compression test results for the sample 


Fig. 7.13 Conditions applying to compression test sample 


The results of a compression test performed on this sample are shown in Fig. 7.13 (b). 
For laboratory loading less than ©, , the slope of the compression curve is less than it is for 
loads greater than ©,,, since, in so far as this soil is concerned, it represents a reloading or 
recompression. Thus, the portion of the curve prior to pressure On, represents a recompression 
curve, while that at greater pressures than 9,, represents the virgin compression curve. 

It is obvious that a change in the slope of the compression curve occurs when the previ- 


ous maximum pressure ever imposed on to the soil is exceeded. If the ground surface had at 
some time is past history been above the existing surface and had been eroded away, or if any 


other external load acted earlier and got released, ©,,, the existing over-burden pressure, 
would not be the maximum pressure ever imposed on the sample. If this greatest past pres- 
sure is 0, „>, greater than O, , compression test results would be as shown in Fig. 7.14. 
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Fig. 7.14 Compression test results where past pressure 
exceeds present overburden pressure 


7.2.6 Normally Consolidated Soil and Overconsolidated Soil 


In view of the marked difference in the compressibility behaviour of clay soils which are being 
loaded for the first time since their origin in relation to the behaviour of clay soils which are 
being reloaded after initial loading and unloading, as depicted in Figs. 7.11 and 7.12, it becomes 
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imperative that one should know the stress history of the soil to predict its compressibility 
behaviour. A soil for which the existing effective stress is the maximum to which it has ever 
been subjected in its stress history, is said to be ‘normally consolidated’. The straight portion of 
the virgin compression curve shown in Fig. 7.12 corresponds to such a situation. For a particular 
change in pressure, there will be a significant change in void ratio, leading to substantial 
settlement in a practical foundation. 

A soil is said to be ‘overconsolidated’ if the present effective stress in it has been ex- 
ceeded sometime during its stress history. The curved portion of the virgin compression curve 
in Fig. 7.12 prior to the straight line portion corresponds to such a situation. An overconsolidated 
soil is also said to be a ‘pre-compressed’ soil. In this state of the soil, the change in void ratio 
corresponding to a certain change in pressure in relatively less and settlements due to the 
application of pressures of such order, which keep the soil in an overconsolidated condition, is 
considered insignificant. Thus the compressibility of a soil in an overconsolidated condition is 
much less than that for the same soil in a normally consolidated condition. 

A soil which is not fully consolidated under the existing overburden pressure is said to 
be ‘underconsolidated’. 

It is worthwhile to note that these terms indicate the state or condition of a soil in 
relation to the pressures, present and past, and are not any special types. 

A number of agencies in nature transform normally consolidated clays to overconsolidated 
or precompressed ones. For example, geological agencies such as glaciers apply pressures on 
advancing and unload on receding. Human agencies such as engineers load through construc- 
tion and unload through demolition of structures. Environmental agencies such as climatic 
factors cause loading and unloading through ground-water movements and the phenomenon 
of capillarity. 

A quantitative measure of the degree of overconsolidation is what is known as the 
‘Overconsolidation Ratio’, OCR. It is defined as follows: 


Maximum effective stress to which the soil 
has been subjected in its stress history 





OCR = ... (Eq. 7.6) 


Existing effective stress in the soil 


Thus, the maximum OCR of normally consolidated soil equals 1. 

In this connection, it is of considerable engineering interest to be able to determine the 
past maximum effective stress that an overconsolidated clay in nature has experienced or its 
preconsolidation pressure. This would enable an engineer to know at what stress level the soil 
will exhibit the relatively higher compressibility characteristics of a normally consolidated 
clay. 

A. Casagrande (1936) proposed a geometrical technique to evaluate past maximum 
effective stress or preconsolidation pressure from thee versus log & plot obtained by loading a 
sample in the laboratory. This technique is illustrated in Fig. 7.15. 

The steps in the geometrical construction are: 

1. The point of maximum curvature M on the curved portion of the e vs. log © plot is 
located. 

2. A horizontal line MS is drawn through M. 
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Fig. 7.15 A. Casagrande’s procedure for determining 
preconsolidation pressure 


3. A tangent MT to the curved portion is drawn through M. 
4. The angle SMT is bisected, MB being the bisector. 
5. The straight portion DC of the plot is extended backward to meet MB in E. 


6. The pressure corresponding to the point E, © p, is the most probable past maximum 
effective stress or the preconsolidation pressure. 


Sometimes the lower and upper bound for the preconsolidation pressure are also men- 
tioned. If the tangent to the initial recompression portion and the straight line portion of the 


virgin curve DC meet at R, the pressure op corresponding to R is said to be the minimum 
preconsolidation pressure, while that corresponding to C, ©., is said to be the maximum 
preconsolidation pressure. 


7.2.7 Time-Lags During the Compression of Clay 


Considerable time is required for the full compression to occur under a given increment of 
stress for a clay soil. This is a well-known characteristic of clays. A typical time-compression 
curve for clay has already been presented in Fig. 7.2. Although it may not take more than 
twenty-four hours for the full compression to occur for a laboratory sample, it may take a 
number of years in the case of a field deposit of clay. This is the reason for settlements continu- 
ing to occur at an appreciable rate after many years for buildings founded above thick clay 
strata, although, generally speaking, the rate should be steadily decreasing with time. 

Two phenomena are responsible for this time-lag. The first is due to the low permeabil- 
ity of clays and consequent time required for the escape of pore water. This is called the “hy- 
drodynamic lag”. The second is due to the plastic action in absorbed water near grain-to-grain 
contacts, which does not allow quick transmission of the applied stress to the grains and the 
effective stress to reach a constant value. This is known as the “plastic lag”. The frictional lag 
in sands may be thought of as a simple form of plastic lag. 

The theory of one-dimensional consolidation of Terzaghi, presented in section 7.4, does 
not recognise the existence of plastic lag, although it presents a good understanding of the 
hydrodynamic lag and consequent rates of settlement. This may be the reason for the predic- 
tion on the basis of the Terzaghi theory going wrong once in a while. 
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7.2.8 Compressibility of Field Deposits 
The compressibility characteristics are usually found by performing an oedometer test in the 
laboratory on a “so-called” undisturbed sample of clay or on a remoulded sample of the same 
clay. The pressure-void ratio diagrams for these will be invariably different. This difference is 
attributed to the inevitable disturbance caused during remoulding. Extending this logic, the 
disturbance caused during sampling in the field, as also that caused during the transfer of the 
sample from the sampling tube into the consolidation cell, would naturally alter the 
compressibility characteristics of the field deposit of clay. Also, depending on the depth of 
sampling, a certain “stress release” occurs in the field sample by the time it is tested. For these 
reasons it is natural to expect that the compressibility characteristics of the so-called undis- 
turbed samples do not reflect the true characteristics of the field deposits of clay. Extending 
the logic of comparison, the true compressibility of field deposit would be somewhat greater 
than that displayed by laboratory samples. If this difference is not recognised, we would be 
erring on the wrong side in so far as settlement computations are concerned. 

A typical set of pressure-void ratio curves for undisturbed and remoulded samples of 
clay in relation to that which may be anticipated for the corresponding field deposit is given in 
Fig. 7.16. 







F-Field consolidation line 
U-Undisturbed soil 


R-Remoulded soil 
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Fig. 7.16 Compression curves for undisturbed and remoulded 
samples for a field deposit of clay 

Let a sample of clay be taken from a depthz from the ground surface. For the overburden 
pressure 6, on it, the void ratio of the sample was, say, e f The point f on the plot represents 
these values, the pressure being plotted to the logarithmic scale. Let e f and f be joined by a 
dotted line. The moment the undisturbed sample is taken out from the ground it gets freed of 
the overburden pressure, the water content and void ratio remaining the same. The compression 
curve for this sample will be curved until the pressure reaches 6, and, later on, will be a 
straight line, as shown by the plot U. If the sample is remoulded at the same water content, 
the compression curve obtained will be as depicted by the plot R. If o, is the pressure 
corresponding to the void ratio e-on this plot, it will be observed that this plot will be almost a 
straight line at pressures greater than o,. If the plot U is produced downwards to meet the 
pressure axis at c, the straight portion of the plot R also would almost pass through c, if 
produced. It is, therefore, logical to assume that the compression curve corresponding to the 
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consolidation of the field deposit in-situ, is also a straight line tending to pass through c. Since 
the point f, representing the original conditions, should also lie on this line, the curve F, that 
is, e,fc represents the compression curve for the consolidation of the field deposit. The portion 
fc is referred to as the “field consolidation line”. 

Let the straight portion of plot U be produced backwards and upwards to meet e f f line 


in ų and let the corresponding pressure be o,,. 6,, will be less than 6; for all clays except extra- 


sensitive ones. The ratio ©, / Op indicates the degree of disturbance during sampling. An aver- 
age value for this ratio is 0.5. 


Terzaghi and Peck (1948) recommend that the field consolidation line F be taken as the 
basis of settlement computations. The reconstruction of this line is possible by procedures 
suggested by some workers, e.g., Schmertmann (1955). 


7.2.9 Relationship between Compressibility and Liquid Limit 

A.W. Skempton and his associates have established a relationship between the compressibility 
of a clay, as indicated by its compression index, and the liquid limit, by conducting experi- 
ments with clays from various parts of the world. The relationship was found to be linear as 
shown in Fig. 7.17. 
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Fig. 7.17 Relationship between compression index and liquid 
limit for remoulded clays (After Skempton) 
The equation of this straight line may be approximately written as: 
C, = 0.007 (w; — 10) ... (Eq. 7.7) 
wz, being the liquid limit in per cent. 
It has also been established that the compression index of field deposits of clays of low 


and medium sensitivity is about 1.30 times that of their value in the remoulded state. There- 
fore, we may write for consolidation of field deposits of clay: 


C, = 0.009 (w, — 10) ... (Eq. 7.8) 
This equation is observed to give a satisfactory estimate of the settlement of structures 
founded on clay deposits of low and medium sensitivity. 


These two equations are, as reported by Terzaghi and Peck (1948), based on the work of 
Skempton and his associates. 
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7.2.10 Modulus of Volume Change and Consolidation Settlement 


The ‘modulus of volume change, is defined as the change in volume of a soil per unit initial 
volume due to a unit increase in effective stress. It is also called the ‘coefficient of volume 
change’ or ‘coefficient of volume compressibility’ and is denoted by the symbol, m. 
Ae 1 

Mm, = fies Ae .. (Eq. 7.9) 
Ae represents the change in void ratio and represents the change in volume of the saturated 
soil occurring through expulsion of pore water, and (1 + e,) represents initial volume, both for 
unit volume of solids. 


But we know from Eq. 7.2 that 





"Ag =o the coefficient of compressibility. 





ay 
a ... (Eq. 7.10 
m, N (Eq ) 


When the soil is confined laterally, the change in volume is proportional to the change 
in height, AH of the sample, and the initial volume is proportional to the initial height H, of 
the sample. 


oe 
My H) AG 
or AH =m „HA5 Eq. 7.11) 


ignoring the negative sign which merely indicates that the height decreases with increase in 
pressure. 

Thus, the consolidation settlement, S, of a clay for full compression under a pressure 
increment AG, is given by Eq. 7.11. 

This is under the assumption that Ao is transmitted uniformly over the thickness. How- 
ever, it is found that Ao decreases with depth non-linearly. In such cases, the consolidation 
settlement may be obtained as: 


A 
8, = Í, m,.Ad.dz .. (Eq. 7.12) 


This integration may be performed numerically by dividing the stratum of height H into 
thin layers and considering Ag for the mid-height of the layer as being applicable for the thin 
layer. The total settlement of the layer of height H will be given by the sum of settlements of 
individual layers. 

The consolidation settlement S „ may also be put in a different, but more common form, 
as follows: 





mM, = Tee ignoring sign. 
AH e 
H, (+e) 

Ae 
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Substituting for Ae in terms of the compression index, C, 
from Eq. 7.4, recognising (e — e,) as Ae, we have: 


£ . 
0° (1+ eo) 





S,=AH =H logo = ...(Eq. 7.13) 
0 





C Go +O 
- Hy)... 1 0 
or S, = #0 (1+ e) og10 | 5, ) ... (iq. 7.14) 


This is the famous equation for computing the ultimate or total settlement of a clay 
layer occurring due to the consolidation process under the influence of a given effective stress 
increment. 


7.3 A MECHANISTIC MODEL FOR CONSOLIDATION 


The process of consolidation, and the Terzaghi theory to be presented in section 7.4, can be 
better understood only if an important simplifying assumption is explained and appreciated. 

The pressure-void ratio relationship for the increment of pressure under question is 
taken to be linear as shown in Fig. 7.18, when both the variables are plotted to the natural or 
arithmetic scale. It is further assumed that this linear relationship holds under all conditions, 
with no variation because of time effects or any other factor. If there were no plastic lag in clay, 
this assumption would have been acceptable; however, clays are highly plastic. 


The process of consolidation may be explained on the basis of this simplifying assump- 
tion as follows: 
Let the soil sample be in equilibrium under the pressure o, throughout its depth, at the 


void ratio e,. Immediately on application of the higher pressure 62, the void ratio is e} only. 
The pressure 6, cannot be effective within the soil until the void ratio becomes e,, and the 
effective pressure is still 6. The increase in pressure, (62 — 0) tends to produce a strain (e, —e,). 
On account of hydrodynamic lag, this cannot take place at once. Thus, there is only one possi- 
bility — the increase in pressure is carried by the pore water, with the pressure in the soil 
skeleton still being o,. This increase in pressure in the pore water produced by transient 
conditions as given above, is called ‘hydrostatic excess pressure’, u. The initial value, u,, for 
this is (Gg — 6}). 


AG = Gy — 5; =U; 
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Fig. 7.18 ldealised pressure-void ratio relationship 
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If the samples were to be hermetically sealed, permitting no escape of water, the condi- 
tions mentioned above would continue indefinitely. But, in the laboratory oedometer sample, 
the porous stone disks tend to promptly eliminate the hydrostatic excess pressure at the top 
and bottom of the sample creating a high gradient of pressure and consequent rapid drainage. 
Gradually the void ratio decreases, as the hydrostatic excess pressure dissipates and the effec- 
tive or intergranular pressure increases; this process is in a more advance state near the 
drainage ends at the top and bottom than at the centre of the sample. The sample is said to be 
“consolidating” under the stress increase (© — 6,). This continues until the void ratio at all 
points becomes e,. Theoretically, no more water is forced out when the hydrostatic excess 
pressure becomes zero; the effective pressure in the soil skeleton is 6,, and the sample is said 
to have been “consolidated” under the pressure ©. It should be noted that “Consolidation” is a 
relative term, which refers to the degree to which that the gradual process has advanced, and 
does not refer to the stiffness of the material. 

In fact, a quantitative idea of the consolidation or the ‘Degree of consolidation’ may be 
obtained by what is called the ‘Consolidation ratio’, U. 

(e, —e) 
= (e1 -ez) 
with reference to Fig. 7.18; this is the fundamental definition for U,,. 


U, ..(Eq. 7.15) 


Usually it is expressed as per cent and is referred to as the ‘Per cent consolidation’. It 
can be shown from Fig. 7.18 that U, may also be written as follows: 


pe = (Z5 )-1- z (Eq. 7.16) 
TER tes (Eq. 7. 





in view of the relationship 6, = ©; + ù; = © + u, from the same figure. 


A mechanistic model for the phenomenon of consolidation was given by Taylor (1948), 
by which the process can be better understood. This model, with slight modifications, is pre- 
sented in Fig. 7.19 and is explained below: 

A spring of initial height H, is surrounded by water in a cylinder. The spring is analo- 
gous to the soil skeleton and the water to the pore water. The cylinder is fitted with a piston of 
area A through which a certain load may be transmitted to the system representing a satu- 
rated soil. The piston, in turn, is fitted with a vent, and a valve by which the vent may be 
opened or closed. 

Referring to Fig. 7.19 (a), let a load P be applied on the piston. Let us assume that the 
valve of the vent is open and no flow is occurring. This indicates that the system is in equilib- 
rium under the total stress P/A which is fully borne by the spring, the pressure in the water 
being zero. 

Referring to Fig. 7.19 (b), let us apply an increment of load òP to the piston, the valve 
being kept closed. Since no water is allowed to flow out, the piston cannot move downwards 
and compress the spring; therefore, the spring carries the earlier stress of P/A, while the water 
is forced to carry the additional stress of 6P/A imposed on the system, the sum counteracting 
the total stress imposed. This additional stress P/A in the water in known as the hydrostatic 
excess pressure. 

Referring to Fig. 7.19 (c), let us open the valve and start reckoning time from that in- 
stant. Water just starts to flow under the pressure gradient between it and the atmosphere 
seeking to return to its equilibrium or atmospheric pressure. The excess pore pressure begins 
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to diminish, the spring starts getting compressed as the piston descends consequent to expul- 
sion of pore water. It is just the beginning of transient flow, simulating the phenomenon of 
consolidation. The openness of the valve is analogous to the permeability of soil. 

Referring to Fig. 7.19 (d), flow has occurred to the extent of dissipating 50% of the 
excess pore pressure. The pore water pressure at this instant is half the initial value, i.e., 


5 (P/A). This causes a corresponding increase in the stress in the spring of 5 (P/A), the total 


stress remaining constant at [(P/A) + (SP/A)]. This stage refers to that of “50% consolidation”. 

Referring to Fig. 7.19 (e), the final equilibrium condition is reached when the transient 
flow situation ceases to exist, consequent to the complete dissipation of the pore water pres- 
sure. The spring compresses to a final height H p< H, carrying the total stress of (P + 6P)/A, all 
by itself, since the excess pore water pressure has been reduced to zero, the pressure in it 
having equalled the atmospheric. The system has reached the equilibrium condition under the 
load (P + 6P). This represents “100% consolidation” under the applied load or stress increment. 
We may say that the “soil” has been consolidated to an effective stress of (P + PYA. 


In this mechanistic model, the compressible soil skeleton is characterised by the spring 
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Fig. 7.19 A mechanistic model for consolidation (adapted from Taylor, 1948) 
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and the pore water by the water in the cylinder. The more compressible the soil, the longer the 
time required for consolidation; the more permeable the soil, the shorter the time required. 

There is one important aspect in which this analogy fails to simulate consolidation of a 
soil. It is that the pressure conditions are the same throughout the height of the cylinder, 
whereas the consolidation of a soil begins near the drainage surfaces and gradually progresses 
inward. In may be noted that soil consolidates only when effective stress increases; that is to 
say, the volume change behaviour of a soil is a function of the effective stress and not the total 
stress. 

Similar arguments may be applied to the expansion characteristics under the decrease 
of load. 

An alternative mechanical analogy to the consolidation process is shown in Fig. 7.20. 

A cylinder is fitted with a number of pistons connected by springs to one another. Each 
of the compartments thus formed is connected to the atmosphere with the aid of standpipes. 
The cylinder is full of water and is considered to be airtight. The pistons are provided with 
perforations through which water can move from one compartment to another. The topmost 
piston is fitted with valves which may open or close to the atmosphere. It is assumed that any 
pressure applied to the top piston gets transmitted undiminished to the water and springs. 

Initially, the cylinder is full of water and weights of the pistons are balanced by the 
springs; the water is at atmospheric pressure and the valves may be open. The water level 
stands at the elevation PP in the standpipes as shown. The valves are now closed, the water 
level continuing to remain at PP. An increment of pressure Ao is applied on the top piston. It 
will be observed that the water level rises instantaneously in all the stand pipes to an elevation 
QQ, above PP by a height h = Ao/y,,. Let all the valves be opened simultaneously with the 
application of the pressure increment, the time being reckoned from that instant. The height 
of the springs remains unchanged at that instant and the applied increment of pressure is 
fully taken up by water as the hydrostatic excess pressure over and above the atmospheric. An 
equal rise of water in all the standpipes indicates that the hydrostatic excess pressure is the 
same in all compartments immediately after application of pressure. As time elapses, the water 
level in the pipes starts falling, the pistons move downwards gradually and water comes out 
through the open valves. At any time t = t}, the water pressure in the first compartment is 
least and that in the last or the bottommost is highest, as indicated by the water levels in the 
standpipes. The variation of hydrostatic excess pressure at various points in the depth of the 
cylinder, as shown by the dotted lines, varies with time. Ultimately, the hydrostatic excess 
pressure reduces to zero in all compartments, the water levels in the standpipes reaching 
elevation PP; this theoretically speaking, is supposed to happen after the lapse of infinite 
time. As the hydrostatic excess pressure decreases in each compartment, the springs in each 
compartment experience a corresponding pressure and get compressed. For example, at time 
t =t,, the hydrostatic excess pressure in the first compartment is given by the head PJ; the 
pressure taken by the springs is indicated by the head JQ, the sum of the two at all times 
being equivalent to the applied pressure increment; that is to say, it is analogous to the effective 
stress principle: © = o+u, the pressure transferred to the springs being analogous to 
intergranular or effective stress in a saturated soil, and the hydrostatic excess pressure to the 
neutral pressure or excess pore water pressure. 
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Fig. 7.20 Mechanical analogy to consolidation process 


Since water is permitted to escape only at one end, it is similar to the case of a single 


drainage face for a consolidating clay sample. The distribution of hydrostatic excess pressure 
will be symmetrical about mid-depth for the situation of a double drainage face, the maximum 
occurring at mid-depth and the minimum or zero values occurring at the drainage faces. 


7.4 TERZAGHI’S THEORY OF ONE-DIMENSIONAL CONSOLIDATION 


Terzaghi (1925) advanced his theory of one-dimensional consolidation based upon the follow- 
ing assumptions, the mathematical implications being given in parentheses: 


The soil is homogeneous (k, is independent of z). 
The soil is completely saturated (S = 100%). 


The soil grains and water are virtually incompressible (y, is constant and volume change 
of soil is only due to change in void ratio). 

The behaviour of infinitesimal masses in regard to expulsion of pore water and conse- 
quent consolidation is no different from that of larger representative masses (Principles 
of calculus may be applied). 


The compression is one-dimensional (u varies with z only). 


The flow of water in the soil voids is one-dimensional, Darcy’s law being valid. 


dv, ƏV; oh 
Che- ad ando cp 
(= ay and Vz we za 


Also, flow occurs on account of hydrostatic excess pressure (h = w/,,). 
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7. Certain soil properties such as permeability and modulus of volume change are con- 
stant; these actually vary somewhat with pressure. (k and m, are independent of pres- 
sure). 

8. The pressure versus void ratio relationship is taken to be the idealised one, as shown in 
Fig. 7.18 (a, is constant). 

9. Hydrodynamic lag alone is considered and plastic lag is ignored, although it is known to 
exist. (The effect of k alone is considered on the rate of expulsion of pore water). 

The first three assumptions represent conditions that do not vary significantly from 
actual conditions. The fourth assumption is purely of academic interest and is stated because 
the differential equations used in the derivation treat only infinitesimal distances. It has no 
significance for the laboratory soil sample or for the field soil deposit. The fifth assumption is 
certainly valid for deeper strata in the field owing to lateral confinement and is also reason- 
ably valid for an oedometer sample. The sixth assumption regarding flow of pore water being 
one-dimensional may be taken to be valid for the laboratory sample, while its applicability to 
a field situation should be checked. However, the validity of Darcy’s law for flow of pore water 
is unquestionable. 

The seventh assumption may introduce certain errors in view of the fact that certain 
soil properties which enter into the theory vary somewhat with pressure but the errors are 
considered to be of minor importance. 

The eighth and ninth assumptions lead to the limited validity of the theory. The only 
justification for the use of the eighth assumption is that, otherwise, the analysis becomes 
unduly complex. The ninth assumption is necessitated because it is not possible to take the 
plastic lag into account in this theory. These two assumptions also may be considered to intro- 
duce some errors. 

Now let us see the derivation of Terzaghi’s theory with respect to the laboratory oedometer 
sample with double drainage as shown in Fig. 7.21. 
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Fig. 7.21 Consolidation of a clay sample with double drainage 


Let us consider a layer of unit area of cross-section and of elementary thickness dz at 
depthz from the pervious boundary. Let the increment of pressure applied be Ao. Immediately 
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on application of the pressure increment, pore water starts to flow towards the drainage faces. 
Let oh be the head lost between the two faces of this elementary layer, corresponding to a 
decrease of hydrostatic excess pressure du. 
Equation 6.2, for flow of water through soil, holds here also, 
2 2 
1 
k ee = fea %| 
ox dz? (1+e)L at ot 
For one-dimensional flow situation, this reduces to: 
2 
dh__ 1 | ðs g J 
əz? (+e) 





...(Eq. 6.2) 





Ze 


i a 

During the process of consolidation, the degree of saturation is taken to remain con- 
stant at 100%, while void ratio changes causing reduction in volume and dissipation of excess 
hydrostatic pressure through expulsion of pore water; that is, 


as 
S = 100% or unity, and ae 0. 
Əh 1 de die 

2 az? (1+e) of | 1 +e] 
negative sign denoting decrease ofe for increase of h. 





Since volume decrease can be due to a decrease in the void ratio only as the pore water and soil 


e 
grains are virtually incompressible, ot (=) represents time-rate of volume change per unit 


volume. 
The flow is only due to the hydrostatic excess pressure, 


u 
h= Ye? where y, = unit weight of water. 
w 
k u aw 
oo ae ...(Eq. 7.17) 
w 


(This can also be considered as the continuity equation for a non-zero net out-flow, 
while Laplace’s equation represents inflow being equal to out-flow). 

Here k is the permeability of soil in the direction of flow, and dV represents the change 
in volume per unit volume. The change in hydrostatic excess pressure, du, changes the 
intergranular or effective stress by the same magnitude, the total stress remaining constant. 

The change in volume per unit volume, dV, may be written, as per the definition of the 
modulus of volume change, m; 

dV =m,.06 =-m „ðu, since an increase 06 represents a decrease du. 

Differentiating both sides with respect to time, 

V iy ou 
ot "` Ot 
From Eqs. 7.17 and 7.18, we have: 
du _ k ðu 
ot YM, dz? 


... (Eq. 7.18) 
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This is written as: 





where c, = 
Yw s My 


c, is known as the “Coefficient of consolidation”. u represents the hydrostatic excess pressure 
at a depth z from the drainage face at time t from the start of the process of consolidation. 

The coefficient of consolidation may also be written in terms of the coefficient of 
compressibility: 

_ k  _ kW +eo) 
” YoMo Ww 

Equation 7.19 is the basic differential equation of consolidation according to Terzaghi’s 
theory of one-dimensional consolidation. The coefficient of consolidation combines the effect of 
permeability and compressibility characteristics on volume change during consolidation. Its 
units can be shown to be mm?/s or L?T+. 





... (Eq. 7.20) 


The initial hydrostatic excess pressure, u,, is equal to the increment of pressure Ao, and 
is the same throughout the depth of the sample, immediately on application of the pressure, 
and is shown by the heavy line in Fig. 7.21 (6). The horizontal portion of the heavy line indi- 
cates the fact that, at the drainage face, the hydrostatic excess pressure instantly reduces to 
zero, theoretically speaking. Further, the hydrostatic excess pressure would get fully dissi- 
pated throughout the depth of the sample only after the lapse of infinite time*, as indicated by 
the heavy vertical line on the left of the figure. At any other instant of time, the hydrostatic 
excess pressure will be maximum at the farthest point in the depth from the drainage faces, 
that is, at the middle and it is zero at the top and bottom. The distribution of the hydrostatic 
excess pressure with depth is sinusoidal at other instants of time, as shown by dotted lines. 
These curves are called “Isochrones”. 


Aliter 


With reference to Fig. 7.21, et _oh_ 1 ow 
hydraulic gradient i, at depth z dz Yu dz 
Hydraulic gradient i, at depth) __1 | ðu 4 du dz 
(z + dz) Yu (ðZ dz” 


Rate of inflow per unit area = Velocity at depth z = k.i}, by Darcy’s law. 
Rate of outflow per unit area = velocity at (z + dz) = k.i, 


S n k du 
Water lost per unit time = kli, -i,) = ~iz 
Yw oz 


* As the process of consolidation is in progress, the hydrostatic excess pressure causing flow 
decreases, which, in turn, slows down the rate of flow. This, again, reduces the rate of dissipation of pore 
water pressure, and so on. This results in an asymptotic relation between time and excess pore pres- 
sure. Therefore, mathematically speaking, it takes infinite time for 100% consolidation. Fortunately, it 
takes finite time for 99% or even 99.9% consolidation. This is good enough from the point of view of 
engineering accuracy. 
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This should be the same as the time-rate of volume decrease. Volumetric strain =m,.AG 
=—m,0(o —u), by definition of the modulus of volume change, m. 
(The negative sign denotes decrease in volume with increase in pressure). 
Change of volume = — m,o(o — u).dz, 
since the elementary layer of thickness dz and unit cross-sectional area in considered. 


d 
Time-rate of change of volume = =m, > (o —u).dz 


ao 
at 


= 0, since o is constant. 


Ou 
Time-rate of change of volume = + m, .—.dz 


ot 
Equating this to water lost per unit time, 
2 
aay 2 =m, Se 
Yw dz dt 


ðu 3u 
or m gz .. (Eq. 7.19) 
k Z k(1+e) 


o MANwow ay -Vw 





where c ... (Eq. 7.20) 


7.5 SOLUTION OF TERZAGHI’S EQUATION FOR ONE-DIMENSIONAL 
CONSOLIDATION 


Terzaghi solved the differential equation (Eq. 7.19) for a set of boundary conditions which 
have utility in solving numerous engineering problems and presented the results in graphical 
form using dimensional parameters. 

The following are the boundary conditions: 

1. There is drainage at the top of the sample: At z = 0, u = 0, for allt. 

2. There is drainage at the bottom of the sample: At z = 2H, u = 0, for all t. 

3. The initial hydrostatic excess pressure wu; is equal to the pressure increment, Ao u =u; 
= Ao, att = 0. 

Terzaghi chose to consider this situation where u = u, initially throughout the depth, 
although solutions are possible when u, varies with depth in any specified manner. The thick- 
ness of the sample is designated by 2H, the distance H thus being the length of the longest 
drainage path, i.e., maximum distance water has to travel to reach a drainage face because of 
the existence of two drainage faces. (In the case of only one drainage face, this will be equal to 
the total thickness of the clay layer). 


The general solution for the above set of boundary conditions has been obtained on the 
basis of separation of variables and Fourier Series expansion and is as follows: 


= 1 2H . g znne 2 
u =flz,t) = Xa Í, u; sin ZE de) (sin ae „t/4H (Eq. 7.21) 
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This solution enables the hydrostatic excess u to be computed for a soil mass under any 
initial system of stress u, at any depth z, and at any time t. 


In particular, ifu, is considered constant with respect to depth, this equation reduces to 
— | 2u; . ANZ) -n?r?c,t/4H? 

= — (1- cos nn)| sin — ]e v (Eq. 7.22 

u= [Fe 0- cosnm (sin papje] 7.20 


When n is even, (1 — cos nz) vanishes; when n is odd, this factor becomes 2. Therefore it 
is convenient to replace n by (2m + 1), m being an integer. Thus, we have 


oo 








bY 4u; sin (2m + >| g7 2m+ D? n2e,t/4H? or 
u= — (Qn+Dn 2H | q. 7. 3) 
It is convenient to use the symbol M to represent (1/2) (2m + 1), which occurs frequently: 
© 2u; (_. M, \ -M?c,tH? 
u = sin — v ...(Eq. 7.24) 
Ya) : 


Three-dimensionless parameters are introduced for convenience in presenting the re- 
sults in a form usable in practice. The first is z/H, relating to the location of the point at which 
consolidation is considered, H being the maximum length of the drainage path. The second is 
the consolidation ratio, U,, defined in sec. 7.3, to indicate the extent of dissipation of the hydro- 
static excess pressure in relation to the initial value: 


u 
U, = (u; - u)/u; = (i z) ...(Eq. 7.16) 

The subscript z is significant, since the extent of dissipation of excess pore water pres- 
sure is different for different locations, except at the beginning and the end of the consolida- 
tion process. 


The third dimensionless parameter, relating to time, and called ‘Time-factor’, T, is de- 
fined as follows: 





T=— ...(Eq. 7.25) 


where c, is the coefficient of consolidation, 
H is the length drainage path, 
and ż is the elapsed time from the start of consolidation process. 


In the context of consolidation process at a particular site, c, and H are constants, and 
the time factor is directly proportional to time. 


Introducing the time factor into Eq. 7.24, we have 


= 2u; . Mz -M?°T 
u= > (sin - Je ... (Eq. 7.26) 





U,=1-—=1- > wen lew ...(Eq. 7.27) 
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It may be shown that if there exists a single drainage face only for the layer, one of the 
Ou 
boundary conditions gets modified as oa 0 at the impermeable boundary. Noting the fact 
that the maximum drainage path in this case is the total thickness of the layer itself and 
designating the latter as H, instead of 2H, we shall arrive at the same solution as indicated by 
Eq. 7.27. That is to say, the effect of double drainage or single drainage may be easily ac- 
counted for by substituting for H in the solution the length of the maximum drainage path. 


The average degree of consolidation over the depth of the stratum at any time during 
the consolidation process may be determined as follows: 


The average initial hydrostatic excess pressure may be written as: 


The average consolidation ratio U is the average value of U,(= 1 —u/u,) over the depth of 
the stratum. It may be written as 


U = 1l-; (Eq. 7.28) 


= 2 
U=1 > o0 ou ...(Eq. 7.29) 





In the special case of constant initial hydrostatic excess pressure, this reduces to 


*u=1-¥ aye (Eq. 7.30) 
m=0 
A numerically equivalent procedure may also be employed for arriving at the average 
degree of consolidation from the graphical modes of presentation of results as indicated in the 
following section. 


*The following approximate expressions have been found to yield values for T with good degree 
of precision: 

When U < 60%, T = (n/4)U? 

When U > 60%, T = — 0.9332 log,, (1 — U) — 0.0851. 
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7.6 GRAPHICAL PRESENTATION OF CONSOLIDATION 
RELATIONSHIPS 


One-dimensional consolidation, subject to the condition of constant initial hydrostatic excess 
pressure, is the type of consolidation that is of major interest. It applies in the laboratory 
consolidation tests and is usually assumed, although it generally is not strictly applicable, in 
the cases of consolidation in the field. Equations 7.27 and 7.30 give the final results of the 
mathematical solution for this case. 

A graphical presentation of the results indicated by Eq. 7.27 is given in Fig. 7.22. By 
assigning different values of 2/H and T, different values of U, are solved and plotted to obtain 
the family of curves shown. The tedious computations involved in this will no longer be re- 
quired in view of the utility of the chart. 

Figure 7.22 presents an excellent pictorial idea of the process of consolidation in an 
especially instructive manner. At the start of the process, t = 0 and T = 0, and U, is zero for all 
depths. The heavy vertical line representing U, = 0 indicates that the process of dissipation of 
excess pore pressure has yet to begin. It is seen that consolidation proceeds most rapidly at the 
drainage faces and least rapidly at the middle of the layer for double drainage conditions. (For 
single drainage conditions, consolidation proceeds least rapidly at the impermeable surface). 
At any finite time factor, the consolidation ratio is 1 at drainage faces and is minimum at the 
middle of the layer. For example, for T = 0.20: U, = 0.23 at z/H = 1; U, = 0.46 at 2/H = 0.5 and 
1.5; and U, = 0.70 at z/H = 0.25 and 1.75. This indicates that at a depth of one-eighth of the 
layer, consolidation is 70% complete; at a depth of one-fourth of the layer, consolidation is 46% 
complete; while, at the middle of the layer, consolidation is just 23% complete. The distribu- 
tion is somewhat parabolic in shape. As time elapses and the time factor increases, the per 
cent consolidation at every point increases. Finally, after a lapse of theoretically infinite time, 
consolidation is 100% complete at all depths, the hydrostatic excess pressure is zero as all 
applied pressure is carried by the soil grains. 
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Fig. 7.22 Graphical solution for consolidation equation 
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Figure 7.22 does not depict how much consolidation occurs as a whole in the entire 
stratum. This information is of primary concern to the geotechnical engineer and may be de- 
duced from Fig. 7.22 by the following procedure: 


The relation between U, and 2/H for a time factor, T = 0.848, is reproduced in Fig. 7.23. 
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Fig. 7.23 Average consolidation at time factor 0.848 


Average degree of consolidation at this time factor is the average abscissa for the entire 
depth and is therefore given by the shaded area from T = 0 to T = 0.848 divided by the total 
area from T = 0 to T =>; this is because the abscissa from T = 0 to T = 0.848 is the consolidation 
completed at T = 0.848, while that from T = 0 to T = œ% represents complete or 100% consolida- 
tion. 

In this case the ratio of the shaded area to the total area is found to be 90%. Thus, the 
time factor corresponding to an average degree of consolidation of 90%, denoted by Tyo, is 
0.848. 

If this exercise is repeated for different time factors, the relation between average de- 
gree of consolidation and time factor can be established as shown by curve I in Fig. 7.24. 
Alternatively, the curve could have been obtained by the direct application of Eq. 7.30. 

In this figure, the relationship is also given in a few cases wherein the initial hydro- 
static excess pressure is not constant with depth. Equation 7.29 must be applied and the corre- 
sponding mathematical expression for u, substituted and the indicated integrations performed. 
Three examples—I (b), II, and II-of variable u, are presented. It is interesting to note that the 
results would be identical for all linear variations. Curve II is for a sinusoidal variation of 
initial hydrostatic excess. 

Case III is a particular combination of linear and sinusoidal variations. Actual field 
cases may be closely approximated by such combinations. It is interesting to note, once again, 
that curve III is not very different from the curve I of constant initial hydrostatic excess. This 
is the reason for the generally accepted conclusion that curve I is an adequate representation 
of typical cases in nature. 

All these curves are applicable to the conditions of double drainage. 

There are many clay strata in nature in which drainage is at the top surface only, the 
bottom surface being in contact with impervious rock. All such occurrences of single drainage 
may be considered to be the upper-half of a case of double drainage, the other half being a 
fictitious mirror image. The drainage path in this case is the thickness of the stratum itself 
and so, 2H must be substituted for H in the equations for double drainage conditions. 
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Fig. 7.24 Average degree of consolidation versus time factor (After Taylor, 1948) 


If the hydrostatic excess pressure is constant throughout the depth, the solution for the 
single drainage conditions will be the same as that for the corresponding double drainage case; 
that is to say, curve I of Fig. 7.24 will apply. For other distributions of hydrostatic excess 
pressure, the results will be different. For triangular distributions of hydrostatic excess pres- 
sure indicated in Fig. 7.25, the values of the time factor for different degrees of consolidation 


are shown: 
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Unless otherwise stated, it is the average consolidation ratio for a stratum that is re- 
ferred to. 


7.7 EVALUATION OF COEFFICIENT OF CONSOLIDATION FROM 
OEDOMETER TEST DATA 


The coefficient of consolidation, C,,, in any stress range of interest, may be evaluated from its 
definition given by Eq. 7.20, by experimentally determining the parameters k, a , ande, for the 
stress range under consideration. k may be got from a permeability test conducted on the 
oedometer sample itself, after complete consolidation under the particular stress increment. 
a, and e, may be obtained from the oedometer test data, by plotting the e — © curve. However, 
Eq. 7.20 is rarely used for the determination ofc. Instead, c, is evaluated from the consolida- 
tion test data by the use of characteristics of the theoretical relationship between the time 
factor T, and the degree of consolidation, U. These methods are known as ‘fitting methods’, as 
one tries to fit in the characteristics of the theoretical curve with the experimental or labora- 
tory curve. In this context, it is pertinent to note the striking similarity between curve I of Fig. 
7.24 and the typical time-compression curve for clays given in Fig. 7.2. 

The more generally used fitting methods are the following: 
(a) The square root of time fitting method 
(b) The logarithm of time fitting method 


These two methods will be presented in the following sub-sections. 


7.7.1 The Square Root of Time Fitting Method 


This method has been devised by D.W. Taylor (1948). The coefficient of consolidation is the soil 
property that controls the time-rate or speed of consolidation under a load-increment. The 
relation between the sample thickness and elapsed time since the application of the load- 
increment is obtainable from an oedometer test and is somewhat as shown in Fig. 7.26 for a 
typical load-increment. 
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Fig. 7.26 Time versus reduction in sample thickness for a load-increment 
This figure depicts change in sample thickness with time essentially due to consolida- 


tion; only the elastic compression which occurs almost instantaneously on application of load 
increment is shown. The effect of prolonged compression that occurs after 100% dissipation of 
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excess pore pressure is not shown or is ignored; this effect is known as ‘Secondary consolida- 
tion’, which is briefly presented in the following section. The curves of Figs. 7.26 and 7.24 bear 
striking similarity; in fact, one should expect it if Terzaghi’s theory is to be valid for the phe- 
nomenon of consolidation. This similarity becomes more apparent if the curves are plotted 
with square root of time/time factor as the function, as shown in Fig. 7.27 (a) and (b). 

The theoretical curve on the square root plot is a straight line up to about 60% consoli- 
dation with a gentle concave upwards curve thereafter. If another straight line, shown dotted, 
is drawn such that the abscissae of this line are 1.15 times those of the straight line portion of 
the theoretical curve, it can be shown to cut the theoretical curve at 90% consolidation. This 
may be established from the values of T at various values of U given in Fig. 7.24 for case I; that 


is, the value of yT at 90% consolidation is 1.15 times the abscissa of an extension of the 
straight line portion of the U versus JT relation. This property is used for ‘fitting’ the theo- 
retical curve to the laboratory curve. 


— 
— 


consolidation U % 


Sample thickness/ 
Dial gauge reading 
Degreo of 


Thgo(do0) 


Thy 904400) 
Th,(or d;) 





























oVy. 


\Time,vt —> 


\Time factor, \T—> 


(a) Sample thickness/Dial gauge reading (b) Degree of consolidation versus 
versus square root of time (Laboratory curve) square root of time factor (Theoretical 
curve from Terzaghi’s theory) 
Fig. 7.27 Square root of time fitting method (After Taylor, 1948) 

The laboratory curve shows a sudden initial compression, called ‘elastic compression’ 
which may be partly due to compression of gas in the pores. The corrected zero point at zero 
time is obtained by extending the straight line portion of the laboratory plot backward to meet 
the axis showing the sample thickness/dial gauge reading. The so-called ‘primary compres- 
sion’ or ‘primary consolidation’ is reckoned from this corrected zero. A dashed line is con- 
structed from the corrected zero such that its abscissae are 1.15 times those of the straight line 
portion of the laboratory plot. The intersection of the dashed line with the laboratory plot 
identifies the point representing 90% consolidation in the sample. The time corresponding to 
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this can be read off from the laboratory plot. The point corresponding to 100% primary consoli- 
dation may be easily extrapolated on this plot. 


The coefficient of consolidation, c,, may be obtained from 


? v? 


Tyo H’ 
e .. (Eq. 7.31) 
t90 


where f,, is read off from Fig. 7.27(a) 
Ty, is 0.848 from Terzaghi’s theory 
H isthe drainage path, which may be taken as half the thickness of the sample for 
double drainage conditions, or as (Th, + Th,)/4 in terms of the sample thickness 
(Fig. 7.26). 

The primary compression is that from Th, to Th oodo to diog in terms of sample thick- 
ness/dial gauge reading; the total compression is that from Th, to Th, ld ; to dp The ratio of 
primary compression to total compression is called the “Primary Compression ratio”. 

Thus, the total compression in a loading increment of a laboratory test has three parts. 
The part from Th, to Th /d; to dọ is instantaneous elastic compression; that from Th, to Th oo 
dy to diog is primary compression; and that from Thoo to Th,/d 49, to dpis secondary compres- 
sion. The secondary compression may be as much as 20% or more in a number of case. 


7.7.2 The Logarithm of Time Fitting Method 


This method was devised by A. Casagrande and R.E. Fadum (1939). The point corresponding 
to 100 per cent consolidation curve is plotted on a semi-logarithmic scale, with time factor on a 
logarithmic scale and degree of consolidation on arithmetic scale, the intersection of the tan- 
gent and asymptote is at the ordinate of 100% consolidation. A comparison of the theoretical 
and laboratory plots in this regard is shown in Figs. 7.28(a) and (b). 
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(a) Sample thickness/Dial gauge reading 
versus logarithm of time (Laboratory curve) 
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(b) Degree of consolidation versus 
logarithm of time factor 
(Theoretical curve from Terzaghi’s theory) 


Fig. 7.28 Logarithm of time fitting method (After A. Casagrande, 1939) 

Since the early portion of the curve is known to approximate a parabola, the corrected 
zero point may be located as follows: The difference in ordinates between two points with 
times in the ratio of 4 to 1 is marked off; then a distance equal to this difference may be stepped 
off above the upper points to obtain the corrected zero point. This point may be checked by 
more trials, with different pairs of points on the curve. 

After the zero and 100% primary compression points are located, the point correspond- 
ing to 50% consolidation and its time may easily be obtained and the coefficient of consolida- 
tion computed from: 


(Eq. 7.32) 


where t;o is read off from Fig. 7.28(a) 
T; = 0.197 from Terzaghi’s theory, and 
H is the drainage path as stated in the previous subsection. 


The primary compression ratio may be obtained as given in the previous subsection. 


7.7.3 Typical Values of Coefficient of Consolidation 


The process of applying one of the fitting methods may be repeated for different increments of 
pressure using the time-compression curves obtained in each case. The values of the coeffi- 
cient of consolidation thus obtained will be found to be essentially decreasing with increasing 
effective stress, as depicted typically in Fig. 7.29. 


This is the reason for the caution that, for problems in the field involving settlement 
analysis, the coefficient of consolidation should be evaluated in the laboratory for the particu- 
lar range of stress likely to exist in the field. 

The range of values for C is rather wide—5 x 10% mm/s to 2 x 107? mm?/s. Further, it 
is also found that the value ofC,, decreases as the liquid limit of the clay increases. This should 
be expected since, in general, clays of increasing plasticity should be requiring more time for a 
particular degree of consolidation, as is evident from Eq. 7.25. 
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Fig. 7.29 Variation of coefficient of consolidation with effective stress 


The value of C, is useful in the determination of the time required for a finite percent- 
age of consolidation to occur. Usually 90 to 95% consolidation time may be treated to be that 
required for ultimate settlement. 

It is interesting to note that a consolidation test provides an indirect way of obtaining 
the coefficient of permeability of a clay by applying Eq. 7.20, after evaluating the coefficient of 
consolidation by one of the available fitting methods. 


*7.8 SECONDARY CONSOLIDATION 


The time-settlement curve for a cohesive soil has three distinct parts as illustrated in Fig. 7.30. 


When the hydrostatic excess pressure is fully dissipated, no more consolidation should 
be expected. However, in practice, the decrease in void ratio continues, though very slowly, for 
a long time after this stage, called ‘Primary Consolidation’. The effect or the phenomenon of 
continued consolidation after the complete dissipation of excess pore water pressure is termed 
‘Secondary Consolidation’ and the resulting compression is called ‘Secondary Compression’. 
During this stage, plastic readjustment of clay platelets takes place and other effects as well as 
colloidal-chemical processes and surface phenomena such as induced electrokinetic potentials 
occur. These are, by their very nature, very slow. 
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: Elastic compression and 
compression of pore air 
II : Primary consolidation 

III : Secondary consolidation 





4— Settlement 
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Fig. 7.30 Time-settlement curve for a cohesive soil 
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Secondary consolidation is believed to come into play even in the range of primary con- 
solidation, although its magnitude is small, because of the existence of a plastic lag right from 
the beginning of loading. However, it is almost impossible to separate this component from the 
primary compression. Since dissipation of excess pore pressure is not the criterion here, 
Terzaghi’s theory is inapplicable to secondary consolidation. The fact that experimental time- 
compression curves are in agreement with Terzaghi’s theoretical curve only up to about 60% 
consolidation is, in itself, an indication of the manifestation of secondary consolidation even 
during the stage of primary consolidation. 

Secondary consolidation of mineral soils is usually negligible but it may be considerable 
in the case of organic soils due to their colloidal nature. This may constitute a substantial part 
of total compression in the case of organic soils, micaceous soils, loosely deposited clays, etc. A 
possible disintegration of clay particles is also mentioned as one of the reasons for this phe- 
nomenon. Secondary compression is usually assumed to be proportional to the logarithm of 
time. 

Hence, the secondary compression can be identified on a plot of void ratio versus loga- 
rithm of time (Fig. 7.31). 














Void ratio —» 















































Time(log scale) —» 
Fig. 7.31 Void ratio versus logarithm of time 


Secondary compression appears as a straight line sloping downward or, in some cases, 
as a straight line followed by a second straight line with a flatter slope. The void ratio, e pat the 
end of primary consolidation can be found from the intersection of the backward extension of 
the secondary line with a tangent drawn to the curve of primary compression, as shown in the 
figure. The rate of secondary compression, depends upon the increment of stress and the char- 
acteristics of the soil. 

The equation for the rate of secondary compression may be approximated as follows: 

Ae =— 0 . logyo(t/t) ...(Eq. 7.33) 

Here, t, is the time required for the primary compression to be virtually complete, t, any 
later time, and is Ae is the corresponding change in void ratio. This means that the secondary 
compression which occurs during the hydrodynamic phase is ignored, but the error is not 
probably serious. o is a coefficient expressing the rate of secondary compression. 
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Another way of expressing the time—rate of secondary compression is through the ‘coef- 
ficient of secondary compression’, C „ in terms of strain or percentage of settlement as follows: 


AH tə 
p= a -C,, log 10 (2) ... (Eq. 7.34) 


In other words, C,, may be taken to be the slope of the straight line representing the 
secondary compression on a plot of strain versus logarithm of time. 
The relation between o and C, is 
a 
a7 (1+e) 
Generally o and C, increase with increasing stress. 





C ... (Eq. 7.35) 


Some common values of C, are given below: 


Table 7.1. Values of coefficient of secondary compression (Cernica, 1982) 


Over consolidated days 0.0005 to 0.0015 
Normally consolidated days 0.005 to 0.030 


Organic soils, peats 0.04 to 0.10 





7.9 ILLUSTRATIVE EXAMPLES 


Example 7.1: In a consolidation test the following results have been obtained. When the load 
was changed from 50 kN/m? to 100 kN/m?, the void ratio changed from 0.70 to 0.65. Determine 
the coefficient of volume decrease, m, and the compression index, C... 


(S.V.U.—B.Tech., (Part-time)—Sep., 1982) 


e) = 0.70 Gy = 50 KN/m? 
e, = 0.65 6 = 100 kN/m? 
Coefficient of compressibility, a, = Ag? noring sign. 
(0.70 — 0.65) b ' i 
= 10050) ™ /KN = 0.05/50 m7/KN = 0.001 m?/KN. 
Modulus of volume change, or coefficient of volume decrease, 
a, 0.001 — 0.001 





= = = 2 
My = +e) (+070) 17 MEN. 


= 5.88 x 10+ m?/kN 
© Ae 70-065) 
© A(log 6) (logio 100 — logy, 50) 





Compression index, C 


= 0.05 _ 0.05 = 0.050 - 0.166. 
lo 100 logiy2 0.801 
$10 50 
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Example 7.2: A sand fill compacted to a bulk density of 18.84 kN/m? is to be placed on a 
compressible saturated marsh deposit 3.5 m thick. The height of the sand fill is to be 3 m. If the 
volume compressibility m „ of the deposit is 7 x 10~ m?/kN, estimate the final settlement of the 


fill. (S.V.U.—B.E., (N.R.)—March-April, 1966) 
Ht. of sand fill =3m 
Bulk unit weight of fill = 18.84 kN/m? 
Increment of the pressure on top of marsh deposit Ag = 3 x 18.84 
= 56.52 kN/m? 


Thickness of marsh deposit, H) = 3.5 m 

Volume compressibility =m, =7 x 10“ m?/kN 

Final settlement of the marsh deposit, AH 
= m,.1).AG 
= 7x 10+ x 3500 x 56.52 mm 
= 138.5 mm. 


Example 7.3: The following results were obtained from a consolidation test: 
Initial height of sample H, = 2.5 cm 
Height of solid particles H,=1.25cm 


Pressure in kN/m? Dial reading in cm 





Plot the pressure-void ratio curve and determine (a) the compression index and (6) the 
preconsolidation pressure. (S.V.U.—B.E., (R.R.)—Dec., 1968) 


(H,-H,) (250-125) 125 
Initial void ratio, e) = H E 125 = 125 = 1.000 
is . f 
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The heights of sample and the void ratios at the end of each pressure increments are 
tabulated below: 


Pressure in kN/m? Dial reading Height of sample, Void ratio 
incm Hincm 
0 





Now, the pressure-void ratio curve, is drawn on a semi-logarithmic scale, the pressure 
being represented on logarithmic scale as shown in Fig. 7.32. 
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Fig. 7.32 Pressure-void ratio diagram (Example 7.3) 
(pressure to logarithmic scale) 
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From the diagram shown in Fig. 7.32. 
(a) C, = Ae/log(Gg / 51) 
= Ae, if one logarithmic cycle of pressure is chosen as the base. 
= 0.303, in this case. 
(b) The pre-consolidation pressure by A. Casagrande’s method 
= 180 kN/m?. 
Example 7.4: A layer of soft clay is 6 m thick and lies under a newly constructed building. The 
weight of sand overlying the clayey layer produces a pressure of 260 kN/m? and the new con- 
struction increases the pressure by 100 kN/m?. If the compression index is 0.5, compute the 
settlement. Water content is 40% and specific gravity of grains is 2.65. 
(S.V.U.—B.E., (R.R.)—Dec., 1976) 
Initial pressure, Gy = 260 kN/m? 
Increment of pressure, AG = 100 kN/m? 
Thickness of clay layer, H=6m=600cm. 
Compression index, C,= 0.5 
Water content, w = 40% 
Specific gravity of grains, G = 2.65 
Void ratio, e = wG, (since the soil is saturated) = 0.40 x 2.65 = 1.06 
This is taken as the initial void ratio, e,. 
Consolidation settlement, 


Se H.C}. TM (E 5) 
0 Oo 


600 x 0.5 145 (260100) 
= a+106) "| 260 «= S™ 


300 ie (28°) 
=906 °" (260) ™ 
= 21.3 cm. 


Example 7.5: The settlement analysis (based on the assumption of the clay layer draining 
from top and bottom surfaces) for a proposed structure shows 2.5 cm of settlement in four 
years and an ultimate settlement of 10 cm. However, detailed sub-surface investigation re- 
veals that there will be no drainage at the bottom. For this situation, determine the ultimate 
settlement and the time required for 2.5 cm settlement. (S.V.U.—B.E., (R.R.)—Nov., 1973) 


The ultimate settlement is not affected by the nature of drainage, whether it is one-way 
or two-way. 





Hence, the ultimate settlement = 10 cm. 
However, the time-rate of settlement depends upon the nature of drainage. 
Settlement in four years = 2.5 cm. 

C,t 


T=% 
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25 
U= 709 = 25% 


Since the settlement is the same, U% is the same; 
hence, the time-factor is the same. 
T/C = t/H? = Constant. 
t co Mie, 
t, and H, referring to double drainage, and ¢, and H, referring to single drainage. The 
drainage path for single drainage is the thickness of the layer itself, while that for double 
drainage is half the thickness. 


H, = 2H, 
ta sa ti 
i 4H2 


i 1 = 4t, = 4 x 4 yrs = 16 yrs. 
Pinel 7.6: There is a bed i compressible clay of 4 m thickness with pervious sand on top 
and impervious rock at the bottom. In a consolidation test on an undisturbed specimen of clay 
from this deposit 90% settlement was reached in 4 hours. The specimen was 20 mm thick. 
Estimate the time in years for the building founded over this deposit to reach 90% of its final 
settlement. (S.V.U.—B.E., (R.R.)—Sept., 1978) 
This is a case of one-way drainage in the field. 
Drainage path for the field deposit, H,= 4 m = 4000 mm. In the laboratory consoli- 
dation test, commonly it is a case of two-way drainage. 
Drainage path for the laboratory sample, H, = 20/2 = 10 mm 
Time for 90% settlement of laboratory sample = 4 hrs. 
Time factor for 90% settlement, T,, = 0.848 
C,tgo, _ Cyto, 


To= H? HP 














too, _ too, 
or H? H? 
2 
— a ee 4x ee n 
4 x 400 
= 24x365 YArs 
= 73 years. 


Example 7.7: The void ratio of clay A decreased from 0.572 to 0.505 under a change in pres- 
sure from 120 to 180 kg/m?. The void ratio of clay B decreased from 0.612 to 0.597 under the 
same increment of pressure. The thickness of sample A was 1.5 times that of B. Nevertheless 
the time required for 50% consolidation was three times longer for sample B than for sample 
A. What is the ratio of the coefficient of permeability of A to that of B ? 


(S.V.U.—B.E., (N.R.)—Sep., 1967) 


COMPRESSIBILITY AND CONSOLIDATION OF SOILS 245 

















Clay A Clay B 
e) = 0.572 €, = 0.612 
e, = 0.505 e, = 0.597 
5 = 120 kN/m? Gy = 120 kN/m? 
6, = 180 kN/m? 6, = 180 kN/m? 
Ae 0.067 Ae 0.015 
ee 2 Ss 2 
ie eo TN Mia eg OA 
a = 7 (1+ 0572) m, = (1+ 0.612) 
60 R 60 
= 7.10 x 10~ m?/kN = 1.55 x 10* m?/kN 
H Hp; = 1.5 and t50 / to, =3 
Tso z Cts H? 
Co t50, _ Cu, -t505 
Tyo = H? z H? 
Cy, = £50, Hi 2 
C,, tsa; “He = 3x (1.5)? = 6.75 
But C, = k/m Ny 
or k z Cm, 
Cet g = 


Up = Up 
Example 7.8: A saturated soil has a compression index of 0.25. Its void ratio at a stress of 
10 kN/m? is 2.02 and its permeability is 3.4 x 10-’ mm/s. Compute: 
(i) Change in void ratio if the stress is increased to 19 kN/m?; 
(ii) Settlement in (i) if the soil stratum is 5 m thick; and 
(iii) Time required for 40% consolidation if drainage is one-way. 
(S.V.U.—B.Tech., (Part-time)—Apr., 1982) 


Compression index, C, = 0.25 


eg = 2.02 Go = 10 kN/m? k = 3.4 x 10” mm/s 
5; = 19 kN/m? 
Ae Ae 
(i) C= oga (6, Sa = 9-2 = log 1 (197/10) 


; Ae = 0.25 log,, (1.9) = 0.07 
or Void ratio at a stress of 19 kN/m? = 2.02 — 0.07 = 1.95 

a, = Ae/ AG = 0.07/9 = 0.00778 m?/kN 

m, =a,/(1 + ey) = 0.00778/(1 + 2.02) = 2.575 x 10 m7/kN 

(ii) Thickness of soil stratum, H = 5 m. 


H.C, lo So +46 \_ H.C, lo 01 
Settlement, B= ire) £10 A ise) £10 A 
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5 x 1000 x 0.25 
= (1+ 2.02) 


(iii) If drainage is one way, drainage path, H = thickness of stratum = 5 m 


log,, (19/10) mm = 115.4 mm 


_ Cyt40 . 
407 H? ? 
C, =him,.7, 





T yy = (T/4)U? = (7/4) x (0.40)? = 0.04 T = 0.125664 


3.4x107 x10 
~ 2575x107 x 9.81 
To H?’ 


C, 

0.125664 x5 x 5 
= 1346 x 1078 x 60 x 60 x 24 
= 270.14 days. 


Example 7.9: (a) The soil profile at a building site consists of dense sand up to 2 m depth, 
normally loaded soft clay from 2 m to 6 m depth, and stiff impervious rock below 6 m depth. 
The ground-water table is at 0.40 m depth below ground level. The sand has a density of 18.5 
kN/m? above water table and 19 kN/m? below it. For the clay, natural water content is 50%, 
liquid limit is 65% and grain specific gravity is 2.65. Calculate the probable ultimate settle- 
ment resulting from a uniformly distributed surface load of 40 kN/m? applied over an exten- 
sive area of the site. 





m2/s = 1.346 x 108 m?/s 


40 





days 


(b) In a laboratory consolidation test with porous discs on either side of the soil sample, 
the 25 mm thick sample took 81 minutes for 90% primary compression. Calculate the value of 
coefficient of consolidation for the sample. (S.V.U.—Four year B.Tech.,—April, 1983) 


(a) The soil profile is as shown in Fig. 7.33: 





2s) See ee y=185kNim> Æ GWT 


3 
Sand Ysat = 19 kN/m 
“y= 9 kN/m? 





LI LZ | 


Stiff impervious rock 


Fig. 7.33 Soil profile at a building site (Example 7.9) 
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For the clay stratum: 

w = 50% 

G = 2.65 
Since it is saturated, e = w.G = 0.50 x 2.65 = 1.325 
This is the initial void ratio, eù. 





ese 5 ~ (2:65 + 1825) yn m3 = 225X 10 kN/m 
Ysat = (1+e) (1+ 1325) 2.325 
= 17.1 kN/m 


Y= Msat — Yu) = 7.1 KN/m? 
Initial effective overburden pressure at the middle of the clay layer: 
Gy = (0.4 x 18.5 + 1.6 x 9.0 + 2 x 7.1) t/m? 
= 36 kN/m? 


Let us assume that the applied surface pressure of 4.0 t/m? gets transmitted to the 


middle of the clay layer undiminished. 
: Ao = 40 kN/m? 
The compression index, C, may be taken as: 


C, = 0.009 (w, — 10) ... (Eq. 7.8) 


C, = 0.009 (65 — 10) = 0.495 
The consolidation settlement, S, is given by: 
~ H.C, com [2 Han) 
= (+e) So 
_ 400 x 0.495 il (36 + 40) 
= (141325) ° 36 ™ 
= 27.64 cm. 
(b) Thickness of the laboratory sample = 25 mm. 








Since it is two-way drainage with porous discs on either side, the drainage path, 


H = 25/2 = 12.5 mm. 
Time for 90% primary compression, ¢,, = 81 minutes. 
Time factor, Tgp, for U = 90% is known to be 0.848. 
(Alternatively, T =- 0.9332 log,, (1 — U) — 0.0851 

= — 0.9332 log,, 0.10 — 0.0851 = 0.9332 — 0.0851 = 0.8481 

To = ue 
Coefficient of consolidation 
Too- H? _ 0.848 x (1.25)? 








C= ; = 81 cm2/min. 
90 
0.848 x (1.25)? 3 
=- pisso. ms 


= 2.726 x 10% cm?/s. 
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SUMMARY OF MAIN POINTS 


10. 


11. 


12. 


Specifically, the compressibility of a soil depends on the structural arrangement of the soil par- 
ticles. Grain-shape also influences this aspect. 

Consolidation means expulsion of pore water from a saturated soil; it is relevant to clays and is 
a function of the effective stress rather than the total stress. 

Oedometer or consolidometer is the device used for investigating the compressibility character- 
istics of a soil in the laboratory—both the total compression and its time-rate under specific 
pressure. 

In a sand, the total or ultimate compression under the influence of a stress increment occurs 
very fast, almost instantaneously; however, in a clay it takes at least 24 hours or even much 
more. 

The slope of the straight line portion of pressure (logarithmic scale) and void ratio (natural 
scale) is called the ‘compression index’. 

Preconsolidation pressure or past maximum pressure is important since compression is very 
little until this pressure is reached. The concept is applicable primarily to field deposits but can 
also be applied to laboratory samples. 

‘Normally consolidated’ refers to a condition wherein the existing effective stress is the maxi- 
mum which the soil has ever been subjected to in its stress history; ‘overconsolidated’, on the 
other hand, refers to a condition wherein the present effective stress is smaller than the past 
maximum pressure. 

The compression index, C, is related to the liquid limit, LL, as established by Skempton and his 
associates. 

The total consolidation settlement is given by: 


S Ho. Ce a So + Ao 
(1 + eo) 0 
Terzaghi’s one-dimensional consolidation theory, expressed mathematically, states: 


2 
a where c, = 
ot oz 
Fitting methods are those used to compare laboratory time-compression curves with the theo- 


retical curve, with a view to evaluating the coefficient of consolidation. 








, coefficient of consolidation. 
MyY w 


Plastic readjustment of clay platelets and certain colloidal chemical processes lead to continued 
consolidation even after cent per cent dissipation of excess pore water pressure, which is termed 
‘secondary consolidation’; however, it is very slow and negligible compared to primary consolida- 
tion. 
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QUESTIONS AND PROBLEMS 


7.1. 


7.2. 


Write short notes on the following: 

(a) Log fitting method for evaluation of C, from laboratory consolidation test. 

(b) Precompression in clays. (S.V.U.—Four year B.Tech.—Apr., 1983) 

(a) State the assumptions made in Terzaghi’s theory of one-dimensional consolidation. 
(S.V.U.—B.E., (N.R.)—March, 1966) 


(b) Define the terms ‘Compression index’, coefficient of consolidation’, and ‘coefficient of 
compressibility’, and indicate their units and symbols. 


(S.V.U.—B.Tech., (Part-time)—May, 1983, B.E., (R.R.)—May, 1971) 
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7.3. 


7.4. 


7.5. 


7.6. 


7.7. 


7.8. 


7.9. 


7.10. 


7.11. 


7.12. 


7.13. 


7.14. 


7.15. 


Define ‘preconsolidation pressure. In what ways in its determination important in soil engineer- 
ing practice ? Describe a suitable procedure for determining the preconsolidation pressure. 


(S.V.U.—B.Tech., (Part-time) Apr., 1982 & Sep., 1982, B.E. (R.R.)—May, 1975) 
Explain with neat sketches: 
(i) The influence of load-increment ratio on time-settlement curve. 
(ii) Terzaghi’s assumptions. (S.V.U.—B.Tech., (Part-time)—Apr., 1982) 
Differentiate between ‘compaction’ and ‘consolidation’. 
(S.V.U.—B. Tech., (Part-time)—June, 1981, B.E., (R.R.).—Feb., 1976) 


(a) Define (i) Compression Index, (ii) Coefficient of volume decrease, (iii) Coefficient of consoli- 
dation and (iv) Per cent consolidation. (S.V.U.—B.Tech., (Part-time)—June, 1981) 


(b) Describe a suitable method of determining the compression index of a soil. 
(S.V.U.—B.Tech., (Part-time)—June, 1981, B.E., (R.R.)—Nov., 1978) 


Explain what is meant by normally consolidated clay stratum and over-consolidated clay stra- 
tum. Sketch typical results of consolidation test data to a suitable plot relating the void ratio and 
consolidation pressure in each case and show how preconsolidation can be estimated. 


(S.V.U.—B.E., (R.R.)—Sep., 1978) 
(a) Distinguish between normally consolidated and over consolidated soils. 
(b) Explain in detail and one method for determining the coefficient of consolidation of a soil. 
(S.V.U.—B.E., (R.R.)—Feb., 1976, Nov., 1973) 
Obtain the differential equation defining the one-dimensional consolidation as given by Terzaghi, 


listing the various assumptions. (S.V.U.—B.E., (R.R.)—May, 1975, Nov., 1974, 
Nov., 1973, May, 1971, Dec., 1970, Nov., 1969) 


Define and distinguish between coefficient of volume compressibility and coefficient of consoli- 
dation. 


Describe clearly one method of computing coefficient of consolidation, given oedometer test data. 
(S.V.U.—B.E., (R.R.)—Nov., 1973) 


(a) Draw a typical time-consolidation curve for an increment of load and show the process of 
consolidation. 


(b) Explain why is it necessary to double the load in a consolidation test. 
(S.V.U.—B.E., (R.R.)—May, 1970, B.E., (N.R.)—May, 1969) 
Explain with suitable analogy Terzaghi’s theory of one-dimensional consolidation of soils. 
(S.V.U.—B.E., (R.R.)—Dec., 1968) 
(a) Derive the expression for the total settlement of a normally consolidated saturated clay sub- 
jected to an additional pressure. 
(b) Indicate the nature of e-log & curve that is got in a laboratory test on (i) undisturbed nor- 
mally consolidated clay, (ii) Undisturbed overconsolidated clay. 
(S.V.U.—B.E., (N.R.)—Sep. 1968) 


Derive the equation AH = fa: a C. log10 (po + AP) for consolidation of clays. 
+ 


eo) Po 





(S.V.U.—B.E., (R.R.)—May, 1969) 
Explain “Secondary Consolidation”. (S.V.U.—B.E., (R.R.)—May, 1970, May, 1971 
Four year B.Tech.—June, 1982) 
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7.16. 


7.17. 


7.18. 


7.19. 


7.20. 


7.21. 


7.22. 


7.23. 


7.24. 


7.25. 


7.26. 


7.27. 


Determine the amount of settlement given the following data: 
Thickness of compressible medium = 3 m 
Coefficient of volume decrease = 0.002 cm?/N 
Pressure increment at the centre of the compressible medium = 75 kN/m?. 
(S.V.U.—B.Tech. (Part-time)—June, 1981) 


The subsurface consists of 6 m of sandy soil (y = 18.4 kN/m?) underlain by a deposit of clay 
(y= 19.4 kN/m’). The water table is at 4.2 m below the ground surface. Given the information (in 
the following table) from a consolidation test of an undisturbed clay sample obtained from a 
depth of 9.0 m from the ground surface, find C, and preconsolidation pressure. Explain with 
reason whether this is a normally or overconsolidated clay. 


Pressure, 1600 
kN/m2 


| Void ratio | ratio | 0.960 | 960 | 0.950 | 950 0.942 0.932 0.901 0.870 | 0.710 | 710 | 0.540 | 540 


(S.V.U.—B.E., (R.R.)—Nov., 1975) 
The co-ordinates of two points on a straight-line section of a semi-logarithmic plot of compres- 
sion diagram are: e, = 2.50, 6, = 150 kN/m?; and e, = 1.75, Gg = 600 kN/m2. Calculate the 
compression index. 





The void ratio of a clay is 1.56, and its compression index is found to be 0.8 at the pressure 180 
kN/m?. What will be the void ratio if the pressure is increased to 240 kN/m? ? 

The compression diagram for a precompressed clay indicates that it had been compressed 
under a pressure of 240 kN/m?. The compression index is 0.9; its void rato under a pressure 
of 180 kN/m? is 1.5. Estimate the void rato if the pressure is increased to 360 kN/m?. 

In a clay stratum below the water table, the pore pressure is 36 kN/m? at a depth of 3 m. Is the 
clay fully consolidated under the existing pressure ? Explain. 

A saturated clay specimen is subjected to a pressure of 240 kN/m?. After the lapse of a time, it is 
determined that the pore pressure in the specimen is 72 kKN/m?. What is the degree of consolida- 
tion ? 

A compressible stratum is 6 m thick and its void rato is 1.70. If the final void rato after the 
construction of a building is expected to be 1.61, what will be the probable ultimate settlement of 
the building ? 

The total anticipated settlement due to consolidation of a clay layer under a certain pressure is 
150 mm. If 45 mm of settlement has occurred in 9 months, what is the expected settlement in 18 
months ? 

A stratum of a clay 5 m thick is sandwiched between highly permeable sand strata. A sample of 
this clay, 25 mm thick, experienced 50% of ultimate settlement in 12 minutes after the applica- 
tion of a certain pressure. How long will it take for a building proposed to be constructed at this 
site, and which is expected to increase the pressure to a value comparable to that applied in the 
laboratory test, to settle 50% of the ultimate value ? 

A 30 mm thick oedometer sample of clay reached 30% consolidation in 15 minutes with drainage 
at top and bottom. How long would it take the clay layer from which this sample was obtained to 
reach 60% consolidation ? The clay layer had one-way drainage and was 6 m. thick. 

A clay stratum is 4.5 m thick and rests on a rock surface. The coefficient of consolidation of a 
sample of this clay was found to be 4.5 x 108 m?/s in the laboratory. Determine probable period 
of time required for the clay stratum to undergo 50% of the ultimate settlement expected under 
a certain increment of pressure. 
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7.28. 


7.29. 


7.30. 


7.31. 


7.32. 


7.33. 


A saturated clay layer 4 m thick is located 6 m below GL. The void ratio of the clay is 1.0. When 
a raft foundation is located at 2 m below GL, the stresses at the top and bottom of the clay layer 
increased by 150 and 100 kN/m? respectively. Estimate the consolidation settlement if the coef- 
ficient of compressibility 0.002 cm?/N. (S.V.U.—B.Tech., (Part-time)—May, 1983) 
In a consolidation test the following data was obtained: 
Void ratio of the soil = 0.75 
Specific gravity of the soil = 2.62 
Compression Index = 0.1 
Determine the settlement of a footing resting on the saturated soil with properties as given 
above. The thickness of the compressible soil is 3 m. The increase in pressure at the centre of the 
layer is 60 kN/m?. The preconsolidation pressure is 50 kN/m?. 
If the coefficient of consolidation is 2 x 10-7 m?s, determine the time in days for 90% consolida- 
tion. Assume one-way drainage. (S.V.U.—B.Tech., (Part-time)—Apr. 1982) 
A clay layer 5 m thick has double drainage. It was consolidated under a load of 127.5 kN/m?. The 
load is increased to 197.5 kN/m?. The coefficient of volume compressibility is 5.79 x 10 m?/kN 
and value of k = 1.6 x 108 m/min. Find total settlement and settlement at 50% consolidation. If 
the test sample is 2 cm thick and attains 100% consolidation in 24 hours, what is the time taken 
for 100% consolidation in the actual layer ? (S.V.U.—Four year B.Tech.,—June, 1982) 
The thickness of a saturated specimen of clay under a consolidation pressure of 100 kN/m? of is 
24 mm and its water content is 20%. On increase of the consolidation pressure to 200 kN/m?, the 
specimen thickness decreases by 3 mm. Determine the compression index for the soil if the 
specific gravity of the soil grains is 2.70. (S.V.U.—B.Tech., (Part-time)—Sept., 1983) 
If a representative clay specimen 20 mm thick, under double drainage, took 121 minutes for 90% 
primary compression, estimate the time required for 50% primary compression of a field layer 
2 m thick, bounded by impervious boundary at the bottom and sand at the top. 

(S.V.U.—B.Tech., (Part-time)—Sept., 1983) 
A bed of sand 12 m thick is underlain by a compressible stratum of normally loaded clay, 6 m 
thick. The water table is at a depth of 5 m below the ground level. The bulk densities of sand 
above and below the water table are 17.5 kN/mê and 20.5 kN/m? respectively. The clay has a 
natural water content of 40% and LL of 45%. G = 2.75. Estimate the probable final settlement if 
the average increment in pressure due to a footing is 100 kN/m?. 

(S.V.U.—B.E. (Part-time)—Apr., 1982) 


Chapter 8 


SHEARING STRENGTH OF SOILS 


8.1 INTRODUCTION 


‘Shearing Strength’ of a soil is perhaps the most important of its engineering properties. This 
is because all stability analyses in the field of geotechnical engineering, whether they relate to 
foundation, slopes of cuts or earth dams, involve a basic knowledge of this engineering prop- 
erty of the soil. ‘Shearing strength’ or merely ‘Shear strength’, may be defined as the resist- 
ance to shearing stresses and a consequent tendency for shear deformation. 

Shearing strength of a soil is the most difficult to comprehend in view of the multitude 
of factors known to affect it. A lot of maturity and skill may be required on the part of the 
engineer in interpreting the results of the laboratory tests for application to the conditions in 
the field. 

Basically speaking, a soil derives its shearing strength from the following : 

(1) Resistance due to the interlocking of particles. 

(2) Frictional resistance between the individual soil grains, which may be sliding fric- 
tion, rolling friction, or both. 

(3) Adhesion between soil particles or ‘cohesion’. 

Granular soils of sands may derive their shear strength from the first two sources, 
while cohesive soils or clays may derive their shear strength from the second and third sources. 
Highly plastic clays, however, may exhibit the third source alone for their shearing strength. 
Most natural soil deposits are partly cohesive and partly granular and as such, may fall into 
the second of the three categories just mentioned, from the point of view of shearing strength. 

The shear strength of a soil cannot be tabulated in codes of practice since a soil can 
significantly exhibit different shear strengths under different field and engineering condi- 
tions. 


8.2 FRICTION 


‘Friction’ is the primary source of shearing strength in most natural soils. Hence, a few impor- 
tant aspects of the concept of frictional resistance need to be considered. 


253 


254 GEOTECHNICAL ENGINEERING 





8.2.1 Friction between Solid Bodies 


When two solid bodies are in contact with each other, the frictional resistance available is 
dependent upon the normal force between the two and an intrinsic property known as the 
‘Coefficient of friction’. The coefficient of friction, in turn, depends upon the nature and the 
condition of the surfaces in contact. This is so even when a solid body rests on a rigid surface, 
as shown in Fig. 8.1. 


Surface ; 
Available 


frictional 
force 





No friction comes into play Partial friction Full friction 
or is mobilised (a = 0) since a<o a=0 
no shear force is applied Applied shear force less Applied shear force just 
than maximum available equals maximum available 
friction : frictional force friction : maximum frictional 
mobilised just equals force is mobilised. Slip 
applied shear force. imminent to the right 
No slip. (critical condition) 


(a) (b) (c) 
Fig. 8.1 Friction between a solid and a rigid surface 


The available frictional resistance F when a normal force P is acting is related to P as 

follows: 
F=P.u=P.tano .. (Eq. 8.1) 

Here u is called the ‘Coefficient of friction’ and ọ is known as the ‘Angle of friction’. 

The characteristics u and ọ are properties of the materials in contact and they are inde- 
pendent of the applied forces and are fairly constant. The available frictional resistance F does 
not come into play or get mobilised unless it is required to resist an applied shearing force. 

In Fig. 8.1 (a), no frictional resistance is mobilised beasue there is no applied shearing 
force. The normal force exerted by the solid body on the rigid surface is resisted by an equal 
force by way of reaction from the rigid surface. 


In Fig. 8.1 (6), a small magnitude of shearing force is applied. This causes a resultant 
force R’ to be acting at an angle a with respect to the normal to the rigid surface. This angle is 
called the ‘Angle of Obliquity’ and is dependent only upon the applied forces. To resist this 
applied shearing force R’, an equal magnitude of the available frictional resistance is mobi- 
lised. Since F” is less than the maximum available frictional resistance F, the angle of obliquity 
ais less than 9. In this case there is equilibrium and there is no slip between the body and the 
surface. 

In Fig. 8.1 (c) a shearing force equal to the maximum available frictional resistance is 
applied. The entire frictional resistance available will get mobilised now to resist the applied 
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force. Angles œ and ọ are equal; slip or sliding to the right is incipient or imminent. If the 
applied shearing force is reversed in direction, the direction of imminent slip also gets re- 
versed. The frictional force, as is easily understood, tends to oppose motion. 

The friction angle is the limiting value of obliquity; the criterion of slip is therefore an 
angle of obliquity equal to the friction angle. The condition of incipient slip for solid bodies in 
contact may be expressed as follows : 

F/P =tano=wu .. (Eq. 8.2) 

For solid bodies which are in contact but which have no adhesion between them, the 
term ‘friction’ is synonymous with the terms ‘shearing strength’ and ‘maximum shearing re- 
sistance’. In most natural soils friction represents only a part of the shearing strength, al- 
though an important part, but other phenomena contribute to the shearing strength, particu- 
larly in fine-grained soils. 


8.2.2 Internal Friction within Granular Soil Masses 


In granular or cohesionless soil masses, the resistance to sliding on any plane through the 
point within the mass is similar to that discussed in the previous sub-section; the friction 
angle in this case is called the ‘angle of internal friction’. However, the frictional resistance in 
granular soil masses is rather more complex than that between solid bodies, since the nature 
of the resistance is partly sliding friction and partly rolling friction. Further, a phenomenon 
known as ‘interlocking’ is also supposed to contribute to the shearing resistance of such soil 
masses, as part of the frictional resistance. 

The angle of internal friction, which is a limiting angle of obliquity and hence the pri- 
mary criterion for slip or failure to occur on a certain plane, varies appreciably for a given sand 
with the density index, since the degree of interlocking is known to be directly dependent upon 
the density. This angle also varies somewhat with the normal stress. However, the angle of 
internal friction is mostly considered constant, since it is almost so for a given sand at a given 
density. 

Since failure or slip within a soil mass cannot be restricted to any specific plane, it is 
necessary to understand the relationships that exist between the stresses on different planes 
passing through a point, as a prerequisite for further consideration of shearing strength of 
soils. 


8.3 PRINCIPAL PLANES AND PRINCIPAL STRESSES—MOHR’S CIRCLE 


At a point in a stressed material, every plane will be subjected, in general, to a normal or 
direct stress and a shearing stress. In the field of geotechnical engineering, compressive direct 
stresses are usually considered positive, while tensile stresses are considered negative. 

A ‘Principal plane’ is defined as a plane on which the stress is wholly normal, or one 
which does not carry shearing stress. From mechanics, it is known that there exists three 
principal planes at any point in a stressed material. The normal stresses acting on these prin- 
cipal planes are known as the ‘principal stresses’. The three principal planes are to be mutu- 
ally perpendicular. In the order of decreasing magnitude the principal stresses are designated 
the ‘major principal stress’, the ‘intermediate principal stress’ and the ‘minor principal stress’, 
the corresponding principal planes being designated exactly in the same manner. It can be 
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shown that satisfactory solutions may be obtained for many problems in the field of geotechnical 
engineering by two-dimensional analysis, the intermediate principal stress being commonly 
ignored. 

Let us consider an element of soil whose sides are chosen as the principal planes, the 
major and the minor, as shown in Fig. 8.2 (a): 


ol sin 0 cos 0 





za 





0,1 sin 0 cos 6 ms o,l sin 0 
I 
4 2 
0,1 cos 0’ oal sin 0 
i oy! cos” 0 3 
(a) Stress system (b) Force system 


Fig. 8.2 Stresses on a plane inclined to the principal planes 


Let O be any point in the stressed medium and OA and OB be the major and minor 
principal planes, with the corresponding principal stresses o} and o,. The plane of the figure is 
the intermediate principal plane. Let it be required to determine the stress conditions on a 
plane normal to the figure, and inclined at an angle 9 to the major principal plane, considered 
positive when measured counter-clockwise. 

If the stress conditions are uniform, the size of the element is immaterial. If the stresses 
are varying, the element must be infinitestinal in size, so that the variation of stress along a 
side need to be considered. 

Let us consider the element to be of unit thickness perpendicular to the plane of the 
figure, AB being l. The forces on the sides of the element are shown dotted and their compo- 
nents parallel and perpendicular to AB are shown by full lines. Considering the equilibrium of 
the element and resolving all forces in the directions parallel and perpendicular to AB, the 
following equations may be obtained: 

O, = 6, cos” O + 6; sin? 8 = 6, + (6, — G3) cos? 0 
_ (51 +63) n (61-63) 
2 2 


1 = 01-98) | sin 26 ...(Eq. 8.4) 
2 





. cos 20 ... (Eq. (8.3) 


Thus it may be noted that the normal and shearing stresses on any plane which is 
normal to the intermediate principal plane may be expressed in terms of ©}, Oz, and 8. 

Otto Mohr (1882) represented these results graphical in a circle diagram, which is called 
Mohr’s circle. Normal stresses are represented as abscissae and shear stresses as ordinates. If 
the coordinates 6, and t, respresented by Eqs. 8.3 and 8.4 are plotted for all possible values of 
9, the locus is a circle as shown in Fig. 8.3. This circle has its centre on the axis and cuts it at 
values 6, and o}. This circle is known as the Mohr’s circle. 
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Fig. 8.3 Mohr’s circle for the stress conditions illustrated in Fig. 8.2 


The Mohr’s circle diagram provides excellent means of visualisation of the orientation 
of different planes. Let a line be drawn parallel to the major principal plane through D, the 
coordinate of which is the major principal stress. The intersection of this line with the Mohr’s 
circle, Q is called the ‘Origin of planes’. If a line parallel to the minor principal plane is drawn 
through E, the co-ordinate of which is the minor principal stress, it will also be observed to 
pass through O; the angle between these two lines is a right angle from the properties of the 
circle. Likewise it can be shown that any line through O „ parallel to any arbitrarily chosen 
plane, intersects the Mohr’s circle at a point the co-ordinates of which represent the normal 
and shear stresses on that plane. Thus the stresses on the plane represented by AB in Fig. 8.2 
(a), may be obtained by drawing O > C parallel to AB, that is, at an angle 0 with respect to O „D, 
the major principal plane, and measuring off the co-ordinates of C, namely o, and Te. 

Since angle CO,D = 0, angle CFD = 20, from the properties of the circle. From the geom- 
etry of the figure, the co-ordiantes of the point C, are established as follows: 

6, = MG = MF + FG 
_ (01 +03) n (01-03) 
— 2 2 


ysg C oe 


. cos 20 





. sin 20 


These are the same as in Eqs. 8.3 and 8.4, which prove our statement. 

In the special case where the major and minor principal planes are vertical and horizon- 
tal respectively, or vice-versa, the origin of planes will be D or E, as the case may be. In other 
words, it will lie on the o-axis. 

A few important basic facts and relationships may be directly obtained from the Mohr’s 
circle: 

1. The only planes free from shear are the given sides of the element which are the 
principal planes. The stresses on these are the greatest and smallest normal stresses. 
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2. The maximum or principal shearing stress is equal to the radius of the Mohr’s circle, 
and it occurs on planes inclined at 45° to the principal planes. 
Tmax = (O4 — O3)/2 ...(Eq. 8.5) 
3. The normal stresses on planes of maximum shear are equal to each other and is equal 
to half the sum of the principal stresses. 
o, = (6, + 6,)/2 ...(Eq. 8.6) 
4. Shearing stresses on planes at right angles to each other are numerically equal and 
are of an opposite sign. These are called conjugate shearing stresses. 
5. The sum of the normal stresses on mutually perpendicular planes is a constant (MG 
+ MG =2MF =o, +0,). If we designate the normal stress on a plane perpendicular to the plane 
on which it is Gy as Gy : 
Op + Gy = O] + O3 ...(Eq. 8.7) 
Of the two stresses 6, and Oy, the one which makes the smaller angle with o, is the 
greater of the two. 


6. The resultant stress, o,, on any plane is ‚Jo oa +t,” and has an obliquity, B, which is 


equal to tan“ (t,/6,). 
o, = Jo tt? ... (Eq. 8.8) 
B= tan™ (7,/o,) ... (Eq. 8.9) 

7. Stresses on conjugate planes, that is, planes which are equally inclined in different 
directions with respect to a principal plane are equal. (This is indicated by the co-ordinates of 
C and C, in Fig. 8.3). 

8. When the principal stresses are equal to each other, the radius of the Mohr’s circle 
becomes zero, which means that shear stresses vanish on all planes. Such a point is called an 
isotropic point. 

9. The maximum angle of obliquity, B,,,, occurs on a plane inclined at 


0. - 45° + Pa) with respect to the major principal plane. 


0, = 45° + Pa ...(Eq. 8.10) 


This may be obtained by drawing a line which passes through the origin and is tangen- 
tial to the Mohr’s circle. The co-ordinates of the point of tangency are the stresses on the plane 
of maximum obliquity; the shear stress on this plane is obviously less than the principal or 
maximum shear stress. 


On the plane of principal shear the obliquity is slightly smaller than ß,„. It is the plane 
of maximum obliquity which is most liable to failure and not the plane of maximum shear, 
since the criterion of slip is limiting obliquity. When B,,, approaches and equals the angle of 
internal friction, ọ, of the soil, failure will become incipient. 

Mohr’s circle affords an easy means of obtaining all important relationships. The follow- 
ing are a few such relationships : 


sin B, = (==) (Eq. 8.11) 
Oi + O38 
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1+sinB,, 
o for the plane of maximum obliquity, 
O = 6,(1 + sin B„) ...(Eq. 8.13) 


In case the normal and shearing stresses on two mutually perpendicular planes are 
known, the principal planes and principal stresses may be determined with the aid of the 
Mohr’s circle diagram, as shown in Fig. 8.4. The shearing stresses on two mutually perpen- 
dicular planes are equal in magnitude by the principle of complementary shear. 


Major 
principal 
plane 





MTITI 











Ox x 
Oy > Oy 
(assumed) 
Minor 
principal 
plane 
Oy 
(a) General two-dimensional stress system 
H 
T Op 





O,(Origin 
of planes) 








(b) Mohr’s circle for general two-dimensional stress system 
Fig. 8.4 Determination of principal planes and principal stresses from Mohr’s circle 


Figure 8.4 (a) shows an element subjected to a general two-dimensional stress system, 
normal stresses o, and o, on mutually perpendicular planes and shear stresses T, on these 
planes, as indicated. Fig. 8.4 (b) shows the corresponding Mohr’s circle, the construction of 
which is obvious. 

From a consideration of the equilibrium of a portion of the element, the normal and 
shearing stress components, 6, and Tą, respectively, on a plane inclined at an angle 0, meas- 
ured counter-clockwise with respect to the plane on which o, acts, may be obtained as follows: 
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(0 +0,) (G,—6,) 





a= 5 PE . cos 20 + T,,, sin 20 ...(Eq. 8.14) 
ee og 2 Eq. 8.1 
T= — ~ - sin 28 — T, . cos 8 .. (Eq. 8.15) 
Squaring Eqs. 8.14 and 8.15 and adding, 
2 2 
0, +0 O-O 
Su (Ox y) J Ta? aes ae ty ...(Eq. 8.16) 
2 2 
(Oy +0,) 
This represents a circle with centre a ’ 0| , and radius 





2 
(ese) 


Once the Mohr’s circle is constructed, the principal stresses 6, and 6,, and the orienta- 
tion of the principal planes may be obtained from the diagram. 


The shearing stress is to be plotted upward or downward according as it is positive or 
negative. It is common to take a shear stress which tends to rotate the element counter-clock- 
wise, positive. 

It may be noted that the same Mohr’s circle and hence the same principal stresses are 
obtained, irrespective of how the shear stresses are plotted. (The centre of the Mohr’s circle, C, 


o,+6 
is the mid-point of DE, with the co-ordinates (e) and 0; the radius of the circle is CG), 


the co-ordinates of G being o 5 and Ty. 
The following relationships are also easily obtained: 











Cyt Oy +O, 
o= TAGE 2 paT, (Œq. 8.17) 
0, +O, 
o; = (eses |_2 > fo, - 24 422, (Eq. 8.18) 
tan 20, 3 = 21, /(6, —0,) ...(Eq. 8.19) 
„d 5 V0. — 24 Are, (Eq. 8.20) 


Invariably, the vertical stress will be the major principal stress and the horizontal one 
the minor principal stress in geotechincal engineering situations. 


8.4 STRENGTH THEORIES FOR SOILS 


A number of theories have been propounded for explaining the shearing strength of soils. Of 
all such theories, the Mohr’s strength theory and the Mohr-Coulomb theory, a generalisation 
and modification of the Coulomb’s equation, meet the requirements for application to a soil in 
an admirable manner. 
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8.4.1 Mohr’s Strength Theory 


We have seen that the shearing stress may be expressed as t = o tan ß on any plane, where fh 
is the angle of obliquity. If the obliquity angle is the maximum or has limiting value 9, the 
shearing stress is also at its limiting value and it is called the shearing strength, s. For a 
cohesionless soil the shearing strength may be expressed as: 
s=o tang ...(Eq. 8.21) 
Ifthe angle of internal friction ọ is assumed to be a constant, the shearing strength may 
be represented by a pair of straight lines at inclinations of + b and — p with the o-axis and 
passing through the origin of the Mohr’s circle diagram. A line of this type is called a Mohr 
envelope. The Mohr envelopes for a cohesionless soil, as shown in Fig. 8.5, are the straight 
lines OA and OA’. 








Fig. 8.5 Mohr’s strength theory—Mohr envelopes for cohesionless soil 


If the stress conditions at a point are represented by Mohr’s circle I, the shear stress on 
any plane through the point is less than the shearing strength, as indicated by the line BCD; 
BC represents the shear stress on a plane on which the normal stress is given by OD.BD, 
representing the shearing strength for this normal stress, is greater than BC. 

The stress conditions represented by the Mohr’s Circle II, which is tangential to the 
Mohr’s envelope at F, are such that the shearing stress, EF, on the plane of maximum obliq- 
uity is equal to the shearing strength. Failure is incipient on this plane and will occur unless 
the normal stress on the critical plane increases. 

It may be noted that it would be impossible to apply the stress conditions represented by 
Mohr’s circle III (dashed) to this soil sample, since failure would have occurred even by the 
time the shear stress on the critical plane equals the shearing strength available on that plane, 
thus eliminating the possibility of the shear stress exceeding the shearing strength. 

The Mohr’s strength theory, or theory of failure or rupture, may thus be stated as follows: 
The stress condition given by any Mohr’s circle falling within the Mohr’s envelope represents 
a condition of stability, while the condition given by any Mohr’s circle tangent to the Mohr’s 
envelope indicates incipient failure on the plane relating to the point of tangency. The Mohr’s 
envelope may be treated to be a property of the material and independent of the imposed 
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stresses. Also, the Mohr’s circle of stress depends only upon the imposed stresses and has 
nothing to do with the nature and properties of the material. 


To emphasise that the stresses in Eq. 8.21 are those on the plane on which failure is 
incipient, we add the subscript f to ©: 
s=o,tan 0 ... (iq. 8.22) 
It is possible to express the strength in terms of normal stress on any plane, with the aid 
of the Mohr’s circle of stress. Some common relationships are : 
©;= 6,(1 + sin ọ) = 6,(1 — sin ọ) 





2 
_ {91793 | cos (0) 
= ( 3 | sine .. (Eq. 8.23) 
s=6,tan > = o; tan ọ (1 + sin 6) 
=o, tan (1-sin 9) = (27) cos b (Eq. 8.24) 


The primary assumptions in the Mohr’s strength theory are that the intermediate prin- 
cipal stress has no influence on the strength and that the strength is dependent only upon the 
normal stress on the plane of maximum obliquity. However, the shearing strength, in fact, 
does depend to a small extent upon the intermediate principal stress, density speed of applica- 
tion of shear, and so on. But the Mohr theory explains satisfactorily the strength concept in 
soils and hence is in vogue. 

It may also be noted that the Mohr envelope will not be a straight line but is actually 
slightly curved since the angle of internal friction is known to decrease slightly with increase 
in stress. 


8.4.2 Mohr-Coulomb Theory 


The Mohr-Coulomb theory of shearing strength of a soil, first propounded by Coulomb (1976) 
and later generalised by Mohr, is the most commonly used concept. The functional relation- 
ship between the normal stress on any plane and the shearing strength available on that plane 
was assumed to be linear by Coulomb; thus the following is usually known as Coulomb’s law: 

s=c+otando ... (Eq. 8.25) 
wherec and 6 are empirical parameters, known as the ‘apparent cohesion’ and ‘angle of shear- 
ing resistance’ (or angle of internal friction), respectively. These are better visualised as ‘pa- 
rameters’ and not as absolute properties of a soil since they are known to vary with water 
content, conditions of testing such as speed of shear and drainage conditions, and a number of 
other factors besides the type of soil. 

Coulomb’s law is merely a mathematical equation of the failure envelope shown in Fig. 8.6 
(a); Mohr’s generalisation of the failure envelope as a curve which becomes flatter with in- 
creasing normal stress is shown in Fig. 8.6 (b). 

The envelopes are called ‘strength envelopes’ or ‘failure envelopes’. The meaning of an 
envelope has already been given in the previous section; if the normal and shear stress compo- 
nents on a plane plot on to the failure envelope, failure is supposed to be incipient and if the 
stresses plot below the envelope, the condition represents stability. And, it is impossible that 
these plot above the envelope, since failure should have occurred previously. 
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O q— 0 — o 
(a) Coulomb’s envelope for a c- soil (b) Mohr’s generalized failure envelope 


Fig. 8.6 Mohr-Coulomb Theory—failure envelopes 


Coulomb’s law is also written as follows to indicate that the stress condition refers to 

that on the plane of failure: 
s=c+o,tan ọ ... (Eq. 8.26) 

In a different way, it can be said that the Mohr’s circle of stress relating to a given stress 
condition would represent, incipient failure condition if it just touches or is tangent to the 
strength or failure envelope (circle I); otherwise, it would wholly lie below the envelopes as 
shown in circle II, Fig. 8.6 (b). 

The Coulomb envelope in special cases may take the shapes given in Fig. 8.7 (a) and (b); 
for a purely cohesionless or granular soil or a pure sand, it would be as shown in Fig. 8.7 (a) 
and for a purely cohesive soil or a pure clay, it would be as shown in Fig. 8.7 (b). 


A A 
T T 











(a) Pure sand “c = 0” or “o”-soil (b) Pure clay (“ = 0” or “c’-soil) 


Fig. 8.7 Coulomb envelopes for pure sand and for pure clay 


8.5 SHEARING STRENGTH—A FUNCTION OF EFFECTIVE STRESS 


Equation 8.26 apparently indicates that the shearing strength of a soil is governed by thetotal 
normal stress on the failure plane. However, according to Terzaghi, it is the effective stress on 
the failure plane that governs the shearing strength and not the total stress. 

It may be expected intuitively that the denser a soil, the greater the shearing strength. 
It has been learnt in chapter seven that a soil deposit becomes densest under any given pressure 
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after the occurrence of complete consolidation and consequent dissipation of pore water 
pressure. Thus, complete consolidation, dependent upon the dissipation of pore water pressure 
and hence upon the increase in the effective stress, leads to increase in the shearing strength 
of a soil. In other words, it is the effective stress in the case of a saturated soil and not the total 
stress which is relevant to the mobilisation of shearing stress. 

Further, the density of a soil increase when subjected to shearing action, drainage being 
allowed simultaneously. Therefore, even if two soils are equally dense on having been consoli- 
dated to the same effective stress, they will exhibit different shearing strengths if drainage is 
permitted during shear for one, while it is not for the other. 

These ideas lead to a statement that “the strength of a soil is a unique function of the 
effective stress acting on the failure plane”. 

Equation 8.26 may now be modified to read: 


s=c’+ Op tan @’ ... (Eq. 8.27) 


wherec’ and @’ are called the effective cohesion and effective angle of internal friction, respec- 
tively, since they are based on the effective normal stress on the failure plane. Collectively, 
they are called ‘effective stress parameters’, while c and 6 of Eq. 8.26 are called “total stress 
parameters”. 

More about this differentiation and other related concepts will be seen in later sections. 


*8.6 HVORSLEV’S TRUE SHEAR PARAMETERS 


Hvorslev (1960), based on his experimental work on remoulded cohesive soils, proposed that 
the shearing strength, s, can be represented by the following general equation, irrespective of 
the stress history of the soil: 


s = flep, Op) ...(Eq. 8.28) 


where fe P Op) = a function of the void ratio, e r at failure, and the effective normal stress on 
the failure plane, at failure. 

This may be written more explicity as follows: 

s=c,+ Op tan 6, ...(Eq. 8.29) 

where c, = ‘true cohesion’ or effective cohesion, and ọ, = ‘true angle of internal friction’ or 
effective friction angle. 

The true angle of internal friction is found to be practically constant. However, the true 
cohesion is found to be dependent upon the water content or void ratio of the soil at failure. In 


fact, it is found to be directly proportional to the ‘equivalent’ consolidation pressure or the 
pressure from the virgin impression curve corresponding to the void ratio at failure. 


That is to say: 


Il 
N 


2 . 6, ... (Eq. 8.30) 
where c, = true cohesion, 
©, = equivalent consolidation pressure, 


and K= constant of proportionality, called “cohesion factor” or “coefficient of cohesion”. 
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In view of this, Eq. 8.29 may be rewritten as: 
s=K.o, + 0; tang, ...(Eq. 8.31) 


Unlike the Coulomb parameters, c and 6, the parameters K and 6, are constant for a 
soil, irrespective of its stress history and other conditions. Thus, these parameters are known 
as Hvorslev’s true shear parameters. 

Ordinarily, the Coulomb parameters are sufficient for practical application provided, 
the field conditions such as stress history are properly simulated during the laboratory 
evaluation of these parameters; however, evaluation of Hvorslev’s true shear parameters is an 
essential feature of fundamental research in the field of shearing strength of remoulded clays. 


8.7 TYPES OF SHEAR TESTS BASED ON DRAINAGE CONDITIONS 


Before considering various methods of conducting shearing strength tests on a soil, itis neces- 
sary to consider the possible drainage conditions before and during the tests since the results 
are significantly affected by these. 


A cohesionless or a coarse-grained soil may be tested for shearing strength either in the 
dry condition or in the saturated condition. A cohesive or fine-grained soil is usually tested in 
the saturated condition. Depending upon whether drainage is permitted before and during the 
test, shear tests on such saturated soils are classified as follows: 


Unconsolidated Undrained Test 


Drainage is not permitted at any stage of the test, that is, either before the test during the 
application of the normal stress or during the test when the shear stress is applied. Hence no 
time is allowed for dissipation of pore water pressure and consequent consolidation of the soil; 
also, no significant volume changes are expected. Usually, 5 to 10 minutes may be adequate 
for the whole test, because of the shortness of drainage path. However, undrained tests are 
often performed only on soils of low permeability. 

This is the most unfavourable condition which might occur in geotechnical engineering 
practice and hence is simulated in shear testing. Since a relatively small time is allowed for 
the testing till failure, it is also called the ‘Quick test.’ It is designated UU, Q, or Q, test. 


Consolidated Undrained Test 
Drainage is permitted fully in this type of test during the application of the normal stress and 
no drainage is permitted during the application of the shear stress. Thus volume changes do 
not take place during shear and excess pore pressure develops. Usually, after the soil is con- 
solidated under the applied normal stress to the desired degree, 5 to 10 minutes may be ad- 
equate for the test. 

This test is also called ‘consolidated quick test’ and is designated CU or Q, test, These 
conditions are also common in geotechnical engineering practice. 


Drained Test 


Drainage is permitted fully before and during the test, at every stage. The soil is consolidated 
under the applied normal stress and is tested for shear by applying the shear stress also very 
slowly while drainage is permitted at every stage. Practically no excess pore pressure develops 
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at any stage and volume changes take place. It may require 4 to 6 weeks to complete a single 
test of this kind in the case of cohesive soils, although not so much time is required in the case 
of cohesionless soils as the latter drain off quickly. 

This test is seldom conducted on cohesive soils except for purposes of research. It is also 
called the ‘Slow Test’ or ‘consolidated slow test’ and is designated CD, S, or S, test. 

The shear parameters c and pọ vary with the type of test or drainage conditions. The 
suffixes u, cu, and d are used for the parameters obtained from the UU-, CU- and CD-tests 
respectively. 

The choice as to which of these tests is to be used depends upon the types of soil and the 
problem on hand. For problems of short-term stability of foundations, excavations and earth 
dams UU-tests are appropriate. For problems of long-term stability, either CU-test or CD- 
tests are appropriate, depending upon the drainage conditions in the field. For a more detailed 
exposition of these and other related aspects, the reader is referred to “The relevance of triaxial 
test to the solution of stability problems” by A.W. Bishop and L. Bjerrum—Proc. ASCE Res. 
Conf. Shear strength of Cohesive soils, Colorado, USA, 1960. 

A fuller discussion of the nature of results obtained from these various types of tests and 
the choice of test conditions with a view to simulating field conditions, is postponed to a later 
section. 


8.8 SHEARING STRENGTH TESTS 


Determination of shearing strength of a soil involves the plotting of failure envelopes and 
evaluation of the shear strength parameters for the necessary conditions. The following tests 
are available for this purpose : 


Laboratory Tests 
1. Direct Shear Test 
2. Triaxial Compression Test 
3. Unconfined Compression Test 
4. Laboratory Vane Shear Test 
5. Torsion Test 
6. Ring Shear Tests 


Field Tests 

1. Vane Shear Test 

2. Penetration Test 

The first three tests among the laboratory tests are very commonly used, while the 
fourth is gaining popularity owing to its simplicity. The fifth and sixth are mostly used for 
research purposes and hence are not dealt with here. 

The principle of the field vane test is the same as that of the laboratory vane shear test, 
except that the apparatus is bigger in size for convenience of field use. The penetration test 
involves the measurement of resistance of a soil to penetration of a cone or a cylinder, as an 
indication of the shearing strength. This procedure is indirect and rather empirical in nature 
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although correlations are possible. The field tests are also not considered here. The details of 
the test procedures are available in the relevant I.S. codes or any book on laboratory testing, 
such as Lambe (1951). 


8.8.1 Direct Shear Test 


The direct shear device, also called the ‘shear box apparatus’, essentially consists of a brass 
box, split horizontally at mid-height of the soil specimen, as shown schematically in Fig. 8.8. 
The soil is gripped in perforated metal grilles, behind which porous discs can be placed if 
required to allow the specimen to drain. For undrained tests, metal plates and solid metal 
grilles may be used. The usual plan size of the specimen is 60 mm square ; but a larger size 
such as 300 mm square or even more, is employed for testing larger size granular material 
such as gravel. The minimum thickness or height of the specimen is 20 mm. 

After the sample to be tested is placed in the apparatus or shear box, a normal load 
which is vertical is applied to the top of the sample by means of a loading yoke and weights. 
Since the shear plane is predetermined as the horizontal plane, this becomes the normal stress 
on the failure plane, which is kept constant throughout the test. A shearing force is applied to 
the upper-half of the box, which is zero initially and is increased until the specimen fails. 

Two types of application of shear are possible—one in which the shear stress is control- 
led and the other in which the shear strain is controlled. The principles of these two types of 
devices are illustrated schematically in Fig. 8.8 (6) and (c), respectively. In the stress-control- 
led type, the shear stress, which is the controlled variable, may be applied at a constant rate or 
more commonly in equal increments by means of calibrated weights hung from a hanger at- 
tached to a wire passing over a pulley. Each increment of shearing force is applied and held 
constant, until the shearing deformation ceases. The shear displacement is measured with the 
aid of a dial gauge attached to the side of the box. In the strain-controlled type, the shear 
displacement is applied at a constant rate by means of a screw operated manually or by motor. 
With this type of test the shearing force necessary to overcome the resistance within the soil is 
automatically developed. This shearing force is measured with the aid of a proving ring—a 
steel ring that has been carefully machined, balanced and calibrated. The deflection of the 
annular ring is measured with the aid of a dial gauge set inside the ring, the causative force 
being got for any displacement by means of the calibration chart supplied by the manufac- 
turer. The shear displacement is measured again with the aid of another dial gauge attached 
to the side of the box. 
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(a) Schematic Diagram 
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(b) Stress-control type 


Normal load Dial gauge to 


measure compression 
or extension of sample 


Dial gauge for 
shear displacement 
1 Proving ring 
for shear force 





vy 
Crank for constant rate 
of displacement 


(c) Strain-control type 


Fig. 8.8 Direct shear device 


In both cases, a dial gauge attached to the plunger, through which the normal load is 
applied, will enable one to determine the changes in the thickness of the soil sample which will 
help in the computation of volume changes of the sample, if any. The strain-controlled type is 
very widely used. The strain is taken as the ratio of the shear displacement to the thickness of 
the sample. The proving ring readings may be taken at fixed displacements or even at fixed 
intervals of time as the rate of strain is made constant by an electric motor. A sudden drop in 
the proving ring reading or a levelling-off in sucessive readings, indicates shear failure of the 
soil specimen. 

The shear strain may be plotted against the shear stress; it may be plotted versus the 
ratio of the shearing stress on normal stress; and it may also be plotted versus volume change. 
Each plot may yield information useful in one way or the other. The stresses may be obtained 
from the forces by dividing them by the area of cross-section of the sample. 

The stress-conditions on the failure plane and the corresponding Mohr’s circle for direct 
shear test are shown in Fig. 8.9 (a) and (b) respectively. 

The failure plane is predetermined as the horizontal plane here. Several specimens are 
tested under different normal loads and the results plotted to obtain failure envelopes. 


SHEARING STRENGTH OF SOILS 269 










Failure plane 
O, (Origin of planes) 
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Failure plane 
(predetermined) 





Fig. 8.9 Mohr’s circle representation of stress conditions in direct shear test 


The direct shear test is a relatively simple test. Quick drainage, i.e., quick dissipation of 
pore pressures is possible since the thickness of the specimen is small. However, the test suf- 
fers from the following inherent disadvantages, which limit its application. 


1. The stress conditions are complex primarily because of the non-uniform distribution 
of normal and shear stresses on the plane. 


2. There is virtually no control of the drainage of the soil specimen as the water content 
of a saturated soil changes rapidly with stress. 


3. The area of the sliding surface at failure will be less than the original area of the soil 
specimen and strictly speaking, this should be accounted for. 


4. The ridges of the metal gratings embedded on the top and bottom of the specimen, 
causes distortion of the specimen to some degree. 


5. The effect of lateral restraint by the side walls of the shear box is likely to affect the 
results. 


6. The failure plane is predetermined and this may not be the weakest plane. In fact, 
this is the most important limitation of the direct shear test. 


8.8.2 Triaxial Compression Test 


The triaxial compression test, introduced by Casagrande and Terzaghi in 1936, is by far the 
most popular and extensively used shearing strength test, both for field application and for 
purposes of research. As the name itself suggests, the soil specimen is subjected to three 
compressive stresses in mutually perpendicular directions, one of the three stresses being 
increased until the specimen fails in shear. Usually a cylindrical specimen with a height equal 
to twice its diameter is used. The desired three-dimensional stress system is achieved by an 
initial application of all-round fluid pressure or confining pressure through water. While this 
confining pressure is kept constant throughout the test, axial or vertical loading is increased 
gradually and at a uniform rate. The axial stress thus constitutes the major principal stress 
and the confining pressure acts in the other two principal directions, the intermediate and 
minor principal stresses being equal to the confining pressure. The principle is shown in 
Fig. 8.10. 

The apparatus, consists of a lucite or perspex cylindrical cell, called ‘triaxial cell’, with 
appropriate arrangements for an inlet of cell fluid and application of pressure by means of a 
compressor, outlet of pore water from the specimen if it is desired to permit drainage which 
otherwise may serve as pore pressure connection and axial loading through a piston and load- 
ing cap, as shown in Fig. 8.11. 
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Fig. 8.10 Principle and stress conditions of triaxial compression test 
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Fig. 8.11 Triaxial cell with accessories 


The assembly may be placed on the base of a motorised loading frame with a proving 
ring made to bear on the loading piston for the purpose of measuring the axial load at any 
stage of the test. 

Test Procedure 
The essential steps in the conduct of the test are as follows: 


(i) A saturated porous stone is placed on the pedestal and the cylindrical soil specimen 
is placed on it. 
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(ii) The specimen is enveloped by a rubber membrane to isolate it from the water with 
which the cell is to be filled later; it is sealed with the pedestal and top cap by rubber 
“O” rings. 

(iii) The cell is filled with water and pressure is applied to the water, which in turn is 
transmitted to the soil specimen all-round and at top. This pressure is called ‘cell 
pressure’, ‘chamber pressure’ or ‘confining pressure’. 

(iv) Additional axial stress is applied while keeping the cell pressure constant. This 
introduces shearing stresses on all planes except the horizontal and vertical planes, 
on which the major, minor and intermediate principal stresses act, the last two 
being equal to the cell pressure on account of axial symmetry. 

(v) The additional axial stress is continuously increased until failure of the specimen 
occurs. (What constitutes failure is often a question of definition and may be differ- 
ent for different kinds of soils. This aspect would be discussed later on). 

A number of observations may be made during a triaxial compression test regarding the 
physical changes occurring in the soil specimen: 

(a) As the cell pressure is applied, pore water pressure develops in the specimen, which 
can be measured with the help of a pore pressure measuring apparatus, such as Bishop’s pore 
pressure device (Bishop, 1960), connected to the pore pressure line, after closing the valve of 
the drainage line. 

(b) If the pore pressure is to be dissipated, the pore water line is closed, the drainage 
line opened and connected to a burette. The volume decrease of the specimen due to consolida- 
tion is indicated by the water drained into the burette. 


(c) The axial strain associated with the application of additional axial stress can be 
measured by means of a dial gauge, set to record the downward movement of the loading 
piston. 

(d) Upon application of the additional axial stress, some pore pressure develops. It may 
be measured with the pore pressure device, after the drainage line is closed. On the other 
hand, if it is desired that any pore pressure developed be allowed to be dissipated, the pore 
water line is closed and the drainage line opened as stated previously. 

(e) The cell pressure is measured and kept constant during the course of the test. 

(f) The additional axial stress applied is also measured with the aid of a proving ring 
and dial gauge. 

Thus the entire triaxial test may be visualised in two important stages: 

(i) The specimen is placed in the triaxial cell and cell pressure is applied during the 
first stage. 

(ii) The additional axial stress is applied and is continuously increased to cause a shear 

failure, the potential failure plane being that with maximum obliquity during the 
second stage. 


Area Correction for the Determination of Additional Axial Stress or Deviatoric Stress 
The additional axial load applied at any stage of the test can be determined from the proving 
ring reading. During the application of the load, the specimen undergoes axial compression 
and horizontal expansion to some extent. Little error is expected to creep in if the volume is 
supposed to remain constant, although the area of cross-section varies as axial strain increases. 
The assumption is perfectly valid if the test is conducted under undrained conditions, but, for 
drained conditions, the exact relationship is somewhat different. 
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IfA,, hy and V, are the initial area of cross-section, height and volume of the soil speci- 
men respectively, and if A, h, and V are the corresponding values at any stage of the test, the 
corresponding changes in the values being designated AA, Ah, and AV, then 


Ath, + Ah) =V=V,+AV 
Vo + AV 
~ ho + Ah 
But, for axial compression, Ah is known to be negative. 


vafa ao (1E) 
A= Vo +t AV _ Vj Vo 








2 E 1- ? 
ho Ah [1- a (1-€,) 
ho 
since the axial strain, €, =Ah/h). 
A 
For an undrained test, A = t ; 
(=E, 
since AV = 0. ... (Eq. 8.32) 


is the correction factor. 





This is called the ‘Area correction’ and 


A more accurate expression for the corrected area is given by 
= Ao 1+ AV _ Vo F AV 
(l-e,) Vo (ho — Ah) 
Once the corrected area is determined, the additional axial stress or the deviator stress, 
Ao, is obtained as 








... (Eq. 8.33) 


Axial load (from proving ring reading) 





AO = 6, — 0, = 
13 Corrected area 


The cell pressure or the confining pressure, o itself being the minor principal stress, 

63, this is constant for one test; however, the major principal stress, ©}, goes on increasing 
until failure. 

0, = 0} + Ao ...(Eq. 8.34) 


Mohr’s Circle for Triaxial Test 


The stress conditions in a triaxial test may be represented by a Mohr’s circle, at any stage of 
the test, as well as at failure, as shown in Fig. 8.12: 


TA 








63( = So) Sii 912 Oig Oi © 


Fig. 8.12 Mohr’s circles during triaxial test 
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The cell pressure, 6, which is also the minor principal stress is constant and 641, 649, 043, 
-Opare the major principal stresses at different stages of loading and at failure. The Mohr’s 
circle at failure will be tangential to the Mohr-Coulomb strength envelope, while those at 
intermediate stages will be lying wholly below it. The Mohr’s circle at failure for one particular 
value of cell pressure will be as shown in Fig. 8.13. 
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Fig. 8.13 Mohr’s circle at failure for one particular cell pressure for triaxial test 
The Mohr’s circles at failure for one particular cell pressure are shown for the three 
typical cases of a general c—ọ soil, a -soil and ac-soil in Figs. 8.13 (a), (b), and (c) respectively. 


With reference to Fig. 8.13 (a), the relationship between the major and minor principal 
stresses at failure may be established from the geometry of the Mohr’s circle, as follows: 


From ADCG, 2a = 90° +0 
; a = 45° + o/2 
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Again from ADCG 
(01 -63)/38 
c cot d+(0,+63)/2 





sin ọ = DC/GC = DC/(GM + MC) = 





(01-063) 
E 2c cot 6+ (O01 +03) 
: (6, — 63) = 2c cos + (6, + G5) sin ọ ...(Eq. 8.35) 
or 6,(1 -sin b) = 6,(1 + sin ọ) + 2c . cos ọ 


63(1+sino) 2c cos ọ 





%5 d-sinġ  (-sinġ) 
or ©} = 6, tan? (45° + ¢/2) + 2c tan(45° + o/2) ... (Eq. 8.36) 
or ©; = 6, tan? a + 2c tan q ... (Eq. 8.37) 
This is also written as 
5, = 03 N, + 2cNo ... (Eq. 8.38) 
where, N, = tan? o = tan?(45° + 0/2) ... (Eq. 8.39) 


o 
Equation 8.36 or Eqs. 8.38 and 8.39 define the relationship between the principal stresses 


at failure. This state of stress is defined as ‘Plastic equilibrium condition’, when failure is 
imminent. 

From one test, a set of, and o, is known; however, it can be seen from Eq. 8.36, that at 
least two such sets are necessary to evaluate the parameters c and 4. Conventionally, three or 
more such sets are used from a corresponding number of tests. 
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Fig. 8.14 Mohr’s circles for triaxial tests with different 
cell pressures and strength envelope 


The usual procedure is to plot the Mohr’s circles for a number of tests and take the best 
common tangent to the circles as the strength envelope. A small curvature occurs in the strength 
envelope of most soils, but since this effect is slight, the envelope for all practical purposes, 
may be taken as a straight line. The intercept of the strength envelope on the t-axis gives the 
cohesion and the angle of slope of this line with o-axis gives the angle of internal friction, as 
shown in Fig. 8.14. 

Lambe and Whitman (1969) advocate a modified procedure to obtain the failure enve- 
lope, as a function of (6, + 6,)/2 and (G, — 6,)/2. 

Equation 8.35 may be rewritten as follows : 


(6, +03) 


(6, —6,)/2 =d + .tany ...(Eq. 8.40) 
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Here, tan y = sin 6 ...(Eq. 8.41) 
and d =c cos ... (iq. 8.42) 


Equation 8.40 indicates a linear relationship between (6, +6,)/2 and (o, —6,)/2 and may 
be plotted from the results of a series of triaxial compression tests, as shown in Fig. 8.15. 





(6, = 6,2 —> 








(G4 + G3)/2 ——> 


Fig. 8.15 Alternative procedure of evaluating shear strength parameters 
(After Lambe and Whitman, 1969) 


The best straight line is fitted to the data so that the averaging of the inevitable scatter 
of the experimental results is automatically taken care of. Once the values, d and y are ob- 
tained, c and b may be computed by using Eqs. 8.41 and 8.42. 


Graphical Presentation of Data from Triaxial Compression Tests 


The following are the usual set of graphs plotted making use of data from triaxial com- 
pression tests : 


(i) Major principal stress versus % axial strain 
(ii) 6,/o, versus % axial strain 
(iii) % Volumetric strain versus % axial strain 
(iv) Major principal stress versus volume change 


(v) Mohr’s circles at failure for each set of soil samples tested, from which the sehar 
strength parameters may be evaluated. 


A host of other useful information may be obtained from the data gathered from the 
trixial compression test if it is properly presented. 
Types of Failure of a Triaxial Compression Test Specimen 


A triaxial compression test specimen may exhibit a particular pattern or shape as fail- 
ure is reached, depending upon the nature of the soil and its condition, as illustrated in Fig. 8.16. 
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(a) Brittle failure (b) Semi-plastic failure (c) Plastic failure 


Fig. 8.16 Failure patterns in triaxial compression tests 
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The first type is a brittle failure with well-defined shear plane, the second type is semi- 
plastic failure showing shear cones and some lateral bulging, and the third type is plastic 
failure with well-expressed lateral bulging. 

In the case of plastic failure, the strain goes on increasing slowly at a reduced rate with 
increasing stress, with no specific stage to pin-point failure. In such a case, failure is assumed 
to have taken place when the strain reaches an arbitrary value such as 20%. 


Merits of Triaxial Compression Test 

The following are the significant points of merit of triaxial compression test: 

(1) Failure occurs along the weakest plane unlike along the predetermined plane in the 
case of direct shear test. 

(2) The stress distribution on the failure plane is much more uniform than it is in the 
direct shear test: the failure is not also progressive, but the shear strength is mobilised all at 
once. Of course, the effect of end restraint for the sample is considered to be a disadvantage; 
however, this may not have pronounced effect on the results since the conditions are more 
uniform to the desired degree near the middle of the height of the sample where failure usu- 
ally occurs. 

(3) Complete control of the drainage conditions is possible with the triaxial compression 
test; this would enable one to simulate the field conditions better. 

(4) The possibility to vary the cell pressure or confining pressure also affords another 
means to simulate the field conditions for the sample, so that the results are more meaning- 
fully interpreted. 

(5) Precise measurements of pore water pressure and volume changes during the test 
are possible. 

(6) The state of stress within the specimen is known on all planes and not only on a 
predetermined failure plane as it is with direct shear tests. 


(7) The state of stress on any plane is capable of being determined not only at failure but 
also at any earlier stage. 

(8) Special tests such as extension tests are also possible to be conducted with the triaxial 
testing apparatus. 

(9) It provides an ingenious and a symmetrical three-dimensional stress system better 
suited to simulate field conditions. 


8.8.3 Unconfined Compression Test 


This is a special case of a triaxial compression test; the confining pressure being zero. A cylin- 
drical soil specimen, usually of the same standard size as that for the triaxial compression, is 
loaded axially by a compressive force until failure takes place. Since the specimen is laterally 
unconfined, the test is known as ‘unconfined compression test’. No rubber membrane is neces- 
sary to encase the specimen. The axial or vertical compressive stress is the major principal 
stress and the other two principal stresses are zero. 

This test may be conducted on undisturbed or remoulded cohesive soils. It cannot be 
conducted on coarse-grained soils such as sands and gravels as these cannot stand without 
lateral support. Also the test is essentially a quick or undrained one because it is assumed that 
there is no loss of moisture during the test, which is performed fairly fast. Owing to its simplicity, 
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it is often used as a field test, besides being used in the laboratory. The failure plane is not 
predetermined and failure takes place along the weakest plane. 

The test specimen is loaded through a calibrated spring by a simple manually operated 
screw jack at the top of the machine. Different springs with stiffness values ranging from 2 to 
20 N/mm may be used to test soils of varying strengths. The graph of load versus deformation 
is traced directly on a sheet of paper by means of an autographic recording arm. For any 
vertical or axial strain, the corrected area can be computed, assuming no change in volume. 
The axial stress is got by dividing the load by the corrected area. The apparatus is shown in 
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(a) Side view (b) Front view 
Fig. 8.17 Unconfined compression apparatus 


The specimen is placed between two metal cones attached to two horizontal plates, the 
upper plate being fixed and the lower one sliding on vertical rods. The spring is supported by 
a plate and a screw on either side. The plate is capable of being raised by turning a handle so 
as to apply a compressive load on the soil specimen. 

The stress-strain diagram is plotted autographically. The vertical movement of the pen 
relative to the chart is equal to the extension of the spring, and hence, is proportional to the 
load. As the lower plate moves upwards, the upper one swings sideways, the weighted arms 
bearing on a stop. The lateral movement of the pen is thus proportional to the axial strain of 
the soil specimen. The area of cross-section increases as the specimen gets compressed. A 
transparent calibrated mask is used to read the stress direct from the chart. 
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Alternatively, a loading frame with proving ring and a dial gauge for measuring the 
axial compression of the specimen may also be used. The maximum compressive stress is that 
at the peak of the stress-strain curve. If the peak is not well-defined, an arbitrary strain value 
such as 20% is taken to represent failure. 


Mohr’s Circle for Unconfined Compression Test 
The Mohr’s circles for the unconfined compression test are shown in Fig. 8.18. From 
Eq. 8.36, recognising that ©, = 0 
6, = 2c tan (45° + 6/2) ... (Eq. 8.43) 





















2a = 90° + > 
> 
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(a) For a c-o soil (b) For a pure clay (o = 0) 


Fig. 8.18 Mohr’s circles for unconfined compression test 


The two unknowns-— and ọ—cannot be solved since any number of unconfined compres- 
sion tests would give only one value for c}. Therefore, the unconfined compression test is 
mostly found useful in the determination of the shearing strength of saturated clays for which 
is negligible or zero, under undrained conditions. In such a case, Eq. 8.43 reduces to 

6, =, = 2c ... (Eq. 8.44) 
where , is the unconfined compression strength. 

Thus, the shearing strength or cohesion value for a saturated clay from unconfined 
compression test is taken to be half the unconfined compression strength. 


8.8.4 Vane Shear Test 
If suitable undisturbed for remoulded samples cannot be got for conducting triaxial or unconfined 
compression tests, the shear strength is determined by a device called the Shear Vane. 

The vane shear test may also conducted in the laboratory. The laboratory shear vane 
will be usually smaller in size as compared to the field vane. 

The shear vane usually consists of four steel plates welded orthogonally to a steel rod, 
as shown in Fig. 8.19. 

The applied torque is measured by a calibrated torsion spring, the angle of twist being 
read on a special gauge. A uniform rotation of about 1° per minute is used. The vane is forced 
into the soil specimen or into the undisturbed soil at the bottom of a bore-hole in a gentle 
manner and torque is applied. The torque is computed by multiplying the angle of twist by the 
spring constant. 

The shear strength s of the clay is given by 

B T 
T aDH1/2+ D/6) 





...(Eq. 8.45) 
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Fig. 8.19 Laboratory shear vane 


if both the top and bottom of the vane partake in shearing the soil. 

Here, T = torque 

D = diameter of the vane 

H = height of the vane 
If only one end of the vane partakes in shearing the soil, then 

T 
S= ED*(H/2+ D/12) 

Equation 8.45 may be derived as follows : 





... (Eq. 8.46) 


The shearing resistance is mobilised at failure along a cylindrical surface of diameter D, 
the diameter of the vane, as also at the two circular faces at top and bottom. 

The shearing force at the cylindrical surface = n/D.H.s., wheres is the shearing strength 
of the soil. The moment of this force about the axis of the vane contributes to the torque and is 
given by 

ntDH.s. D/2 or ns H . D?/2 

For the circular faces at top or bottom, considering the shearing strength of a ring of 

thickness dr at a radius r, the elementary torque is 
(Qnrdr).s.r 
and the total for one face is 


D/2 3 
Í 2rsr? dr= ZE 2 LT 


-5 p3 
8 12 
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If we add these contributions considering both the top and bottom faces and equate to 
the torque T at failure, we get Eq. 8.45, and if only one face is considered. we get Eq. 8.46. 

Regarding the shearing stress distribution on the soil cylinder, it is assumed uniform on 
the cylindrical surface but it is triangular over the shear end faces, varying from zero at the 
axis of the vane device, to maximum at the edge, as shown in Fig. 8.20. 
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Fig. 8.20 Shearing distribution on the sides and faces 
of soil cylinder in the vane shear test 


The vane shear test is particularly suited for soft clays and sensitive clays for which 
suitable cylindrical specimens cannot be easily prepared. 


*8.9 PORE PRESSURE PARAMETERS 


Pore water pressures play an important role in determining the strength of soil. The change in 
pore water pressure due to change in applied stress is characterised by dimensionless coeffi- 
cients, called ‘Pore pressure coefficients’ or ‘Pore pressure parameters A and B. These param- 
eters have been proposed by Prof. A.W. Skempton (Skempton, 1954) and are now universally 
accepted. 

In an undrained triaxial compression test, pore water pressures develop in the first 
stage of application of cell pressure or confining pressure, as also in the second stage of appli- 
cation of additional axial stress or deviator stress. 

The ratio of the pore water pressure developed to the applied confining pressure is 
called the B-parameter: 

_ Au, _ Au, 
~ AG, Ady 

Since no drainage is permitted, the decrease in volume of soil skeleton is equal to that in 
the volume of pore water. Using this and the principles of theory of elasticity, it can be shown 
that 








... (Eq. 8.47) 


B-— 1 (Œq. 8.48) 


lin. Co 
c 
where C, and C, represent the volume compressibilities (change in volume per unit volume 


per unit pressure increase) of pore water and soil respectively and n is the porosity. 
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For a saturated soil Cis very much greater thanC,,, and B is very nearly unity; for a dry 
soil C, the value for pore air is much greater than C, and B is practically negligible or zero. 
The variation of B with degree of saturation, found experimentally, is shown in Fig. 8.21. 
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Fig. 8.21 Variation of B-factor with degree of saturation 


The value of B is also known to vary somewhat with stress-change. Pore water pres- 
sures develop during the application of the deviator stress also in a triaxial compression test; 
the pore pressure coefficient or parameter A is defined from A as follows : 

— Aug 
= (Ao, — Acs) 
where Au , = port pressure developed due to an increase of deviator stress 
(Ao, — Ao), and 


... (Eq. 8.49) 


A is the product of A and B. 

The A-factor or parameter is not a constant. It varies with the soil, its stress history and 
the applied deviator stress. Its value can be specified at failure or maximum deviator stress or 
at any other desired stage of the test. A-factor varies also with the initial density index in the 
case of sands and with over-consolidation ratio in the case of clays. Its variation will over- 
consolidation ratio, as given by Bishop and Henkel (1962), is shown in Fig. 8.22. 

The general expression for the pore water pressure developed and changes in applied 
stresses is as follows: 

= B {Ao, + A(Ao, — Ao,)} .. (Eq.8.50) 
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Fig. 8.22 Variation of A-factor at failure with over-consolidation ratio 
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A for a perfectly elastic material may be shown to be 1/3. This may also be written in the 
form: 


Au =B . Ao, + A (Ao, — Ao) ...(Eq. 8.51) 
where A =A.B. 
If Au is considered to be the sum of two components Au, and Au, 
Au, =B . Ao, 
and Au, = A (Ac, — A03) 


For the conventional triaxial test at constant cell pressure, during the application of the 
deviator stress, Ao, = 0 and Ao, = (o, —6,). Taking B as unity for full saturation, Eq. 8.50 for 
this case of UU-test will reduce to 


Au = Ao, + A(O} — 63) ...(Eq. 8.52) 


A and hence A can be easily determined from the conventional triaxial compression 
test of UU type.* 
For CU tests where drainage is permitted during the application of cell pressure, Aw, is 
zero, and the corresponding value of Au is given by 
Au = A(S; — 63) ...(Eq. 8.53) 
A-factor may be as high as 2 to 3 for saturated fine sand in loose condition, and as low as 
— 0.5 for heavily preconsolidated clay. 


Uses and applications of the pore pressure parameters 
Skempton’s pore pressure parameters are very useful in field problems involving the predic- 
tion of pore pressures induced consequent to known changes of total stress. 

One classic example is the construction of an earth embankment or an earth dam over a 
soft day deposit. If the rate of construction is such that pore water pressure induced in the 
foundation soil cannot get dissipated, undrained condition prevails. If the pore pressure devel- 
oped is excessive, the shear strength of the foundation soil which is dependent upon the effec- 
tive stress decreases, thereby endangering the stability of the foundation. Prediction of the 
pore pressure changes with increase in the total stresses consequent to the increase in height 
of the embankment/dam may be done using the pore pressure parameters. The stability of the 
structure may thus be ensured. 

The construction engineer may suggest a suitable rate of construction in stages to that 
the excess pore pressures can be kept under control to ensure stability during and after con- 
struction. 


*8.10 STRESS-PATH APPROACH 


A “Stress—Path” is a curve or a straight line which is the locus of a series of stress points 
depicting the changes in stress in a test specimen or in a soil element in-situ, during loading or 
unloading, engineered as in a triaxial test in the former case or caused by forces of nature as in 


*However it is better to use a value of B appropriate to the pressure range in the deviator part 
of the test. 
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the latter. An elementary way to monitor stress changes is by showing the Mohr’s stress cir- 
cles at different stages of loading/unloading. But this may be cumbersome as well as confusing 
when a number of circles are to be shown in the same diagram. 

In order to overcome this, Lambe and Whitman (1969) have suggested the locus of points 
representing the maximum shear stress acting on the soil at different stages be treated as a 
‘stress path’, which can be drawn and studied in place of the corresponding Mohr’s circles. This 
is shown in Fig. 8.23: 
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Fig. 8.23 Stress path (Lambe and Whitman, 1969) 
for the case of o} increasing and o, constant 


The co-ordinates of the points on the stress path are (=s) and (1528) . Ifo, and 


6, are the vertical and horizontal principal stresses, these become (m2) and (= ; 


Either the effective stresses or the total stresses may be used for this purpose. The basic 
types of stress path and the co-ordinates are: 








; 0,+63 O1 +03 
(a) Effective Stress Path (ESP) 2 j 2 





(b) Total Stress Path (TSP) (= ; 2a) i (= 5 O3 ) 


(c) Stress path of total stress less static pore water pressure (TSSP) 


(ta). ) 


Ug : Static pore water pressure 

U, is zero in the conventional triaxial test, and (b) and (c) coincide in this case. But if 
back pressure is used in the test, u equals the back pressure. For anin-situ element, the static 
pore water pressure depends upon the level of the ground water table. 

Typical stress paths for triaxial compression and extension tests (loading as well as 
unloading cases) are shown in Fig. 8.24. 
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Fig. 8.24 Typical stress paths for triaxial compression and extension tests (loading/unloading) 


A-1 is the effective stress path for conventional triaxial compression test during load- 
ing. (Ao,, = positive and Ao, = 0, i.e., 6, is constant). A typical field case is a footing subjected to 
vertical loading. 

A-2 is the unloading case of the triaxial extension text (Ao, = 0 and Ao, = negative). 

Foundation excavation is a typical field example. 

A-3 is the loading case of the triaxial extension test (Ao, = 0 and Ao, = positive). Passive 
earth resistance (Ch. 13) is represented by this stress path. 

A-4 is the unloading case of the triaxial compression test (Ao, = 0 and Ao, = negative). 
Active earth pressure on retaining walls (Ch. 13) is the typical field example for this stress 
path. 

Figure 8.25 shows the typical stress paths for a drained test. Point A corresponds to the 
stress condition with only the confining pressure acting (6, =o, and T = 0). Point F represents 
failure. Stress paths for effective stresses, total stresses, and total stresses less static pore 
water pressure are shown separately in the same figure. 
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Fig. 8.25 Stress paths for drained test 


[Note : TSP to the right of ESP indicates a positive pare water pressure.] 
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Figure 8.26 shows that stress paths for a consolidated undrained test on a normally 
consolidated clay. 
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Fig. 8.26 Stress paths for consolidated undrained test 
on a normally consolidated clay 


Figure 8.27 shows the stress paths for a consolidated undrained test on an over consoli- 
dated clay. 
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Fig. 8.27 Stress paths for consolidated undrained test 
on an overconsolidated clay 


[Note : TSSP to the right of ESP indicates of positive excess pore pressure; TSSP to the left of 
ESP indicates negative excess pore pressure. Both coincide for zero excess pore pressure]. 

Stress-path approach enables the engineer to predict and monitor the shear strength 
mobilized at any stage of loading/unloading in order to ensure the stability of foundation soil. 


8.11 SHEARING CHARACTERISTICS OF SANDS 


The shearing strength in sand may be said to consists of two parts, the internal frictional 
resistance between grains, which is a combination of rolling and sliding friction and another 
part known as ‘interlocking’. Interlocking,which means locking of one particle by the adjacent 
ones, resisting movements, contributes a large portion of the shearing strength in dense sands, 
while it does not occur in loose sands. The Mohr strength theory is not invalidated by the 
occurrence of interlocking. The Mohr envelopes merely show large ordinates and steeper slopes 
for dense soils than for loose ones. 

The angle of internal friction is a measure of the resistance of the soil to sliding along a 
plane. This varies with the density of packing, characterised by density index, particle shape 
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and roughness and particle size distribution. Its value increases with density index, with the 
angularity and roughness of particles and also with better gradation. This is influenced to 
some extent by the normal pressure on the plane of shear and also the rate of application of 
shear. 

The ‘angle of repose’ is the angle to the horizontal at which a heap of dry sand, poured 
freely from a small height, will stand without support. It is approximately the same as the 
angle of friction in the loose state. 


Some clean sands exhibit slight cohesion under certain conditions of moisture content, 
owing to capillary tension in the water contained in the voids. Since this is small and may 
disappear with change in water content, it should not be relied upon for shear strength. On the 
other hand, even small percentages of silt and clay in a sand give it cohesive properties which 
may be sufficiently large so as to merit consideration. 


Unless drainage is deliberately prevented, a shear test on a sand will be a drained one 
as the high value of permeability makes consolidation and drainage virtually instantaneous. A 
sand can be tested either in the dry or in the saturated condition. If it is dry, there will be no 
pore water pressures and if it is saturated, the pore water pressure will be zero due to quick 
drainage. In either case, the intergranular pressure will be equal to the applied stress. How- 
ever, there may be certain situations in which significant pore pressures are developed, at 
least temporarily, in sands. For example, during earth-quakes, heavy blasting and operation 
of vibratory equipment instantaneous pore pressures are likely to develop due to large shocks 
or dynamic loads. These may lead to the phenomenon of ‘liquefaction’ or sudden and total loss 
of shearing strength, which is a grave situation of lack of stability. 


Further discussion of shear characteristics of sands is presented in the following sub- 
sections. 


8.11.1 Stress-strain Behaviour of Sands 


The stress-strain behaviour of sands is dependent to a large extent on the initial density of 
packing, as characterised by the density index. This is represented in Fig. 8.28. 

It can be observed from Fig. 8.28 (a), the shear stress (in the case of direct shear tests) or 
deviator stress (in the case of triaxial compression tests) builds up gradually for an initially 
loose sand, while for an initially dense sand, it reaches a peak value and decreases at greater 
values of shear/axial strain to an ultimate value comparable to that for an initially loose speci- 
men. The behaviour of a medium-dense sand is intermediate to that of a loose sand and a 
dense sand. Intuitively, it should be expected that the denser a sand is, the stronger it is. The 
hatched portion represents the additional strength due to the phenomenon of interlocking in 
the case of dense sands. 

The volume change characteristics of sands is another interesting feature, as depicted 
in Fig. 8.28 (6). An initially dense specimen tends to increase in volume and become loose with 
increasing values of strain, while an initially loose specimen tends to decrease in volume and 
become dense. This is explained in terms of the rearrangement of particles during shear. 

The changes in pore water pressure during undrained shear, which is rather not very 
common owing to high permeability of sands, are depicted in Fig. 8.28 (c). Positive pore pres- 
sures develop in the case of an initially loose specimen and negative pore pressures develop in 
the case of an initially dense specimen. 
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Fig. 8.28 Stress-strain characteristics of sands 


8.11.2 Critical Void Ratio 
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Volume change characteristics depend upon various factors such as the particle size, particle 
shape and distribution, principal stresses, previous stress history and significantly on density 
index. Volume changes, expressed in terms of the void ratio versus shear strain are typically 


as shown in Fig. 8.29. 






Void ratio —» 


Initially loose sand 
Critical void ratio 
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> 
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Fig. 8.29 Effect of initial density on changes in void ratio 


At large strains both initially loose and initially dense specimens attain nearly the same 
void ratio, at which further strain will not produce any volume changes. Such a void ratio is 
usually referred to as the ‘Critical Void Ratio’. Sands with initial void ratio greater than the 
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critical value will tend to decrease in volume during shearing, while sands with initial void 
ratio less than the critical with tend to increase in volume. 

The critical void ratio is dependent upon the cell pressure (in the case of triaxial com- 
pression tests) or effective normal pressure (in the case of direct shear tests), besides a few 
other particle characteristics. It bears a reciprocal relationship with pressure. The value of 
critical void ratio under a given set of conditions may be determined by plotting the volume 
changes versus void ratio. The value for which the volume change is zero is the critical one. 


8.11.3 Shearing Strength of Sands 


The shearing strength of cohesionless soils has been established to depend primarily upon the 
angle of internal friction which itself is dependent upon a number of factors including the 
normal pressure on the failure plane. The nature of the results of the shear tests will be influ- 
enced by the type of test—direct shear or triaxial compression, by the fact whether the sand is 
saturated or dry and also by the nature of stresses considered—total or effective. 

Each direct shear test is usually conducted under a certain normal stress. Each stress- 
strain diagram therefore reflects the beahaviour of a specimen under a particular normal 
stress. Anumber of specimens are tested under different normal stresses. It is to be noted that 
only the effective normal stress is capable of mobilising shear strength. The results when 
plotted appear as shown in Fig. 8.30. 
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(a) Idealized stress-strain diagrams (b) Idealized shear strength envelope 


Fig. 8.30 Shear characteristics of sands from direct shear tests 


It may be observed from Fig. 8.30 (a) that the greater the effective normal pressure 
during shear, the greater is the shearing stress at failure or shearing strength. The shear 
strength plotted against effective normal pressure gives the Coulomb strength envelope as a 
straight line, passing through the origin and inclined at the angle of internal friction to the 
normal stress axis. It is shown in Fig. 8.30 (6). The failure envelope obtained from ultimate 
shear strength values is assumed to pass through the origin for dry cohesionless soils. The 
same is true even for saturated sands if the plot is made in terms of effective stresses. In the 
case of dense sands, the values of » obtained by plotting peak strength values will be some- 
what greater than those from ultimate strength values. 

Ultimate values of may range from 29 to 35° and peak values from 32 to 45° for sands. 
The values of » selected for use in practical problems should be related to soil strains expected. 
If soil deformation is limited, using the peak value for ọ would be justified. If the deformation 
is relatively large, ultimate value of should be used. 
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If the sand is moist, the failure envelope does not pass through the origin as shown in 
Fig. 8.31. The intercept on the shear stress axis is referred to as the ‘apparent cohesion’, attrib- 
uted to factors such as surface tension of the moisture films on the grains. The extra strength 
would be lost if the soil were to dry out or to become saturated or submerged. For this reason 
the extra shear strength attributed to apparent cohesion is neglected in practice. 





Shearing strength —» 


Value of apparent cohesion 





Normal stress ———» 
Fig. 8.31 Failure envelope for moist sand indicating apparent cohesion 


In the case of triaxial compression tests, different tests with different cell pressure are 
to be conducted to evaluate the shearing strength and the angle of internal friction. In each 
test, the axial normal stress is gradually increased keeping the cell pressure constant, until 
failure occurs. The value of ọ is obtained by plotting the Mohr Circles and the corresponding 
Mohr’s envelope. 

The failure envelope obtained from a series of drained triaxial compression tests on 
saturated sand specimens initially at the same density index is approximately a straight line 
passing through the origin, as shown in Fig. 8.32. 








o r 


Fig. 8.32 Drained triaxial compression tests on saturated sand 


Similar results are obtained when undrained triaxial compression tests are conducted 
with pore pressure measurements on saturated sand samples and Mohrs circles are plotted in 
terms of effective stresses. However, if Mohr’s circles are plotted in terms of total stresses, the 
shape of envelopes will be similar to those for a purely cohesive soil. The failure envelope will 
be approximately horizontal with an intercept on the shearing stress axis, indicating the so- 
called ‘apparent cohesion’, as shown in Fig. 8.33. 
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Fig. 8.33 Undrained triaxial compression tests on 
saturated sands (total stresses) 


8.12 SHEARING CHARACTERISTICS OF CLAYS 


The understanding of the fundamentals of shearing strength is much more important in the 
case of cohesive soils or clays in view of their troublesome nature with regard to stability. In 
fact, the most complex physical property of clays is the shearing strength, as it is dependent on 
a multitude of inter-related factors. One of the most difficult tasks is to interpret results of 
laboratory shearing strength tests to the shearing strength of natural clay deposits. 


8.12.1 Source and Nature of Shearing Strength of Clays 


Cohesion 


This is a characteristic of true clay. This is sometimes referred to as no-load shear strength 
and is responsible for the strength of unconfined specimens. Cohesion in clays is a property 
which varies considerably with consistency. Cohesion therefore varies with both the type of 
clay and condition of clay. It is a kind of surface attraction among particles. 


Adhesion 


Whereas cohesion is the mutual attraction of two different parts of a clay mass to each other, 
clay often also exhibits the property of ‘adhesion’, which is a propensity to adhere to other 
materials at a common surface. This has no relation to normal pressure. This is of particular 
interest in relation to the supporting capacity of friction piling in clays and to the lateral 
pressures on retaining walls. 


Viscous friction 

Solid friction effects are of relatively minor importance and the effects of viscous friction are 
quite pronounced. The laws of viscous friction are, in general, opposite to those of solid friction. 
The total frictional resistance is independent of normal force, but varies directly with the 
contact area. It varies with some power of the relative velocity of adjacent layers of fluid or 
with the rate of shearing. The well-established fact that the strength of saturated clays varies 
with consistency also is in accord with the concept that strength is due to viscous rather than 
solid friction. 


Tensile strength 


In varying degrees and for different periods of time, many clays are capable of developing a 
certain amount of tensile strength. This may affect the magnitude of normal stresses on failure 
planes. 
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8.12.2 Shearing Strength of Clays 


Shear behaviour of clays is influenced by the fact whether the clay is normally consolidated or 
overconsolidated, by the fact whether it is undisturbed or remoulded, by the drainage condi- 
tions during testing, consistency of the clay, by certain structural effects, by the type of test 
and by the type and rate of strain. The following discussion relates to the shearing strength of 
saturated clays which are in a normally consolidated state; the modifications that may be 
expected in case the clay is in an overconsolided state are indicated at the appropriate places. 


Unconsolidated Undrained Tests 


It is difficult, if not impossible, to utilise the concept of effective stress in connection with the 
shearing strength of saturated clays. It is difficult to imagine that any substantial part of the 
normal stress is transmitted through particle contacts when grain-to-grain contacts are rela- 
tively infrequent or when the solid phase is weak in itself. For this reason, it is common prac- 
tice to consider only total stresses in the case of saturated clays. The results of unconsolidated 
undrained tests in direct shear are indicated in Fig. 8.34. 
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Fig. 8.34 Unconsolidated undrained tests in direct shear on saturated clays 


It is seen that the total normal pressure does not influence the shearing strength of a 
saturated clay from undrained tests; the intercept of the horizontal plot on the shear strength 
axis gives the cohesion c,. The strength of a clay is often reported simply in terms of unit 
cohesion, regardless of the overburden pressure. 


The results of such tests in triaxial compression are indicated in Fig. 8.35. 
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Fig. 8.35 Unconsolidated undrained tests in triaxial 
compression on saturated clays 
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Since drainage is not permitted both during the application of cell pressure and during 
the application of deviator stress (or additional axial stress), the increase in cell pressure or 
axial stress automatically increases the pore water pressure by an equal magnitude, the effec- 
tive stress remaining constant. In view of this, the diameter of the effective stress circle will be 
the same as that of the total stress circles with mere lateral shifts. The total stress envelope is 
thus a horizontal line, the intercept on the shearing strength axis being cohesion c_, and 6, 
being zero. It may also be easily understood that the effective stress envelope cannot be ob- 
tained from these tests since only one circle will be obained for all tests. Consolidated undrained 
or drained tests may be used for this purpose. Pore pressurements are not usually made in the 
unconsolidated undrained tests as they are not useful. 

It is common knowledge that the shear strength of clay varies widely with its consist- 
ency, the shear strength being negligible when the water content is at liquid limit. This is 
reflected in Fig. 8.36. 
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Fig. 8.36 Variation of shearing strength with consistency of saturated clays 


The shearing strength of partially saturated clays is a more complex phenomenon and, 
hence, is considered outside the scope of the present work. 


Consolidated undrained tests 


If consolidated undrained tests are conducted in direct shear on remoulded, saturated and 
normally consolidated clay specimens with the same initial void ratio, but consolidated under 
different normal pressures, and sheared under the normal pressure of consolidation, without 
permitting drainage during shear, results as indicated in Fig. 8.37 are obtained. 
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Fig. 8.37 Consolidated undrained tests in direct shear on remoulded, 
saturated, and normally consolidated clay (consolidated and 
sheared under normal pressures o,, 0,, and o,) 
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It is observed that the shear strength is proportional to the normal pressure. The strength 
envelope passes through the origin, giving an angle of shearing resistance p, 

However, it is fallacious to assume that the shear strength is related to the normal 
pressure during the application of shear. This may be demonstrated by consolidating all the 
samples under one particular pressure and testing them in shear under a different pressure. 
In such a case the results will appear somewhat as shown in Fig. 8.38. 
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Fig. 8.38 Consolidated undrained tests in direct shear on remoulded, saturated, 
and normally consolidated clay (consolidated under normal pressures 
6,, O5, and ©}, and sheared under different normal pressures) 


It is observed that the shearing strength is independent of the normal pressure during 
shear but is dependent only on the normal pressure during consolidation or consolidation 
pressure. The process of preconsolidation may thus be viewed simply as a method of changing 
the consistency of the clay, the strength at a given consistency being practically indpendent of 
normal pressure during shear. 

Similarly, consolidated undrained tests may be conducted in triaxial compression by 
either of the following procedures: 

(i) The specimens of saturated, remoulded, and normally consolidated clay are 
consolidated under different cell pressures and sheared, without permitting drainage, 
under a cell pressure equal to the consolidation pressure. This approach is more 
commonly used. 

(ii) The specimens are consolidated under the same cell pressure 6,, and then sheared 
under undrained conditions with different cell pressures by increasing the axial 
stress; different series of these tests may be performed with different values of cell 
pressure for consolidation, which will be constant for any one series, as stated above. 

The results from the first method appear somewhat as shown in Fig. 8.39; total stress 
envelopes as well as effective stress envelopes are shown. 

The failure envelopes pass through the origin, givingc,,, =c,,’=0, and values of ọ„, and 
au such that ,,,’ > 0,,,- If the tests are conducted starting with a very low consolidation pres- 
sure, the initial portion of the envelope is usually curved and shows a cohesion intercept. The 
straight portion when extended passes through the orign. 

An overconsolidated clay shows an apparent cohesion; the equation for shear strength 
is: 

S =C t (0-0) tan Doy ...(Eq. 8.54) 
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Fig. 8.39 Consolidated undrained tests in triaxial compression on remoulded, 
saturated, and normally consolidated clay (consolidated under different 
cell pressures and sheared undrained under the same cell pressures) 
The corresponding equation for a normally consolidated clay is: 
s=otand,, ... (Eq. 8.55) 
Here, o, is the consolidation pressure and o is the applied normal pressure. 
The envelope is generally curved up to the preconsolidation pressure and shows a cohe- 


sion intercept. The corresponding equations for shear strength in terms of effective stresses 
are written with primes. 
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Fig. 8.40 Consolidated undrained tests in triaxial compression on remoulded, saturated, 
and normally consolidated clay consolidated under a particular cell pressure 
and sheared undrained under cell pressures different from consolidated pressures 
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The effect of preconsolidation is to reduce the value of A-parameter and thus cause 
higher strength. At higher values of over-consolidation ratio, A-factor may be even negative; 
the effective stress circles will then get shifted to the right of the total stress circles instead of 
to the left. This gives lower value of effective apparent cohesion and higher value of effective 
angle of shearing resistance than those of total stress values. 

The results from the second method appear some what as shown in Fig. 8.40. 


The results indicate that, for a particular series, the deviator stress at failure is inde- 
pendent of the cell pressure. The failure envelope will be horizontal for each series, the appar- 
ent cohesion c,,, being different for different series; the angle @,,, is zero, as indicated by Fig. 
8.40 (a), (b) and (c). The greater the effective consolidation pressure, the greater is the appar- 
ent cohesion. This is indicated in Fig. 8.40 (d). If the clay is over-consolidated, the consolida- 
tion pressure versus apparent cohesion curve will show a discontinuity at the pressure corre- 
sponding to the preconsolidation pressure; below this pressure, the relationship is non-linear 
and will show an intercept at zero pressure and, above this pressure, it is linear. If the clay is 
normally consolidated for all the consolidation pressures used in the tests, this relationship 
will be a straight line, which, when produced backwards, will pass through the-origin. 


Drained tests 


The specimen is first consolidated under a certain cell pressure and is then sheared suffi- 
ciently slowly so that no pore pressures are allowed to develop at any stage. The effective 
stresses will be the same as the total stresses. The results will be similar to those obtained 
from the consolidated undrained tests, with the same modifications as for a clay in an 
overconsolidated condition, as shown in Fig. 8.41. 
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Fig. 8.41 Drained tests in triaxial compression on a remoulded saturated 
clay sheared under cell pressure equal to the consolidation pressure 


Stress-strain behaviour of clays 


The stress-strain behaviour of clays is primarily dependent upon whether the clay is in a 
normally consolidated state or in an overconsolidated state. The stress-strain relationships for 
a normally consolidated clay and those for an overconsolidated clay are shown in Figs. 8.42 
and 8.43 respectively. 

The behaviour of a normally consolidated clay is somewhat similar to that of a loose 
sand and that of an overconsolidated clay is similar to that of a dense sand. In the case of 
plastic nature of stress-strain relationship with no specific failure point, an arbitrary strain of 
15 to 20% is considered to be representative of failure condition. 
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Fig. 8.42 Stress-strain relationships for a normally consolidated clay 
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Fig. 8.43 Stress-strain relationships for an overconsolidated clay 


Effect of rate and nature of shear strain 

Clays are often sensitive to the rate and manner of shearing. Usually standard rates of shear- 
ing are adopted for proper comparison. A strain of about 0.10 to 0.15 cm/min., is considered 
standard in strain-controlled direct shear. However, it is not common that strain is controlled 
in nature or in construction operations. 

It is observed that shear strength increases somewhat with increased rates of strain. If 
the loading is not at a uniform rate but is effected in increments, much greater shearing resist- 
ance is developed; however, the failure in such a case is observed to occur rather suddenly. The 
increase in shear strength could be as much as 25% with increase in rate of strain from a very 
slow rate; this increase would be as high as 100% or more if the loading is by increments. 

If there is interruption of strain, the shear stress could decrease steadily by a creep in 
saturated clays; but in the case of sands, this will not have any significant effect on shearing 
stress. 

Also, greater shearing displacements are associated with smaller rates of shearing strain 
and vice versa. This is also in contrast to the behaviour of sand for which these factor do not 
appear to materially affect the results. 


Sensitivity of clays 


If the strength of an undisturbed sample of clay is measured and its strength is again meas- 
ured after remoulding at the same water content to the same dry density, a reduction in strength 
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is often observed. This is an important phenomenon which is quantitatively characterised by 
‘Sensitivity’, defined as follows: 


_ Unconfined compression strength, undisturbed 
= 





Sensitivity, S ...(Eq. 8.56) 


Unconfined compression strength, remoulded 
A comparison of stress-strain curves for a sensitive clay in the undisturbed and re- 
moulded states is shown in Fig. 8.44. 
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Fig. 8.44 Stress-strain curves for a sensitive clay in the 
undisturbed and remoulded states 


Sensitivity classification is given in the table below: 


Table 4.1 Sensitivity classification of clays (Smith, 1974) 


Sensitivity S, Classification 


1 Insensitive 
1-2 Low 


2—4 Medium 
4-8 Sensitive 


8-16 Extra-sensitive 
Greater than 16 Quick (S, can be even up to 150) 





Overconsolidated clays are rarely sensitive, although some quick clays have been found 
to be overconsolidated. 


8.13 ILLUSTRATIVE EXAMPLES 


Example 8.1: The stresses at failure on the failure plane in a cohesionless soil mass were: 
Shear stress = 4 kN/m2; normal stress = 10 kN/m?. Determine the resultant stress on the 
failure plane, the angle of internal friction of the soil and the angle of inclination of the failure 
plane to the major principal plane. 


Resultant stress = ,/o? + 1? 
= J10? 44? = 10.77 kN/m? 
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tan o = t/o = 4/10 = 0.4 
= 21° 48’ 
21° 48’ 
2 





0 = 45° + 0/2 = 45° + = 55°54’. 

Graphical solution (Fig. 8.45): 

The procedure is first to draw the o-and t-axes from an origin O and then, to a suitable scale, 
set-off point D with coordinates (10,4), Joining O to D, the strength envelope is got. The Mohr 
Circle should be tangential toOD to D. DC is drawn perpendicular to OD to cut OX in C, which 
is the centre of the circle. With C as the centre and CD as radius, the circle is completed to cut 
OX in A and B. 
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}—________ +. g, = 15.9 ——I 


Fig. 8.45 Mohr’s circle (Ex. 8.1) 


By scaling, the resultant stress = OD = 10.8 kN/m?. 
With protractor, ọ = 22° and 0 = 55°53’ 
We also observe than 6, = OA = 7.25 kN/m? and o, = OB = 15.9 kN/m?. 


Example 8.2: Clean and dry sand samples were tested in a large shear box, 25 cm x 25 cm and 
the following results were obtained : 


Normal load (kN) 5 10 15 
Peak shear load (kN) 5 10 15 
Ultimate shear load (kN) 2.9 5.8 8.7 


Determine the angle of shearing resistance of the sand in the dense and loose states. 
The value of obtained from the peak stress represents the angle of shearing resistance 
of the sand in its initial compacted state; that from the ultimate stress corresponds to the sand 
when loosened by the shearing action. 
The area of the shear box = 25 x 25 = 625 cm?. 
= 0.0625 m?. 
Normal stress in the first test = 5/0.0625 kN/m? = 80 kN/m? 
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Similarly the other normal stresses and shear stresses are obtained by dividing by the 
area of the box and are as follows in kN/m? : 






























































Normal stress, o 80 160 240 
Peak shear stress, Tnax 80 160 240 
Ultimate shear stress, Tp 46.4 92.8 139.2 
Since more than one set of values are available, graphical method is better: 
240 
180 
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Normal stress, kN/m>—_» 
Fig. 8.46 Failure envelopes (Ex. 8.2) 


Example 8.3: Calculate the potential shear strength on a horizontal plane at a depth of 3 m 
below the surface in a formation of cohesionless soil when the water table is at a depth of 3.5 
m. The degree of saturation may be taken as 0.5 on the average. Void ratio = 0.50; grain 
specific gravity = 2.70; angle of internal friction = 30°. What will be the modified value of shear 
strength if the water table reaches the ground surface ? (S.V.U—B.E., (R.R.)—Feb, 1976) 
(G- 1) 
(1+e) © Yo 

_ (270-1) 

(1+ 0.5) 

Unit weight, y, at 50% saturation 


i GB ed p 2 SORES) iis eer N 
(1+e) E (1+ 0.5) 
(a) When the water table is at 3.5 m below the surface: 
Normal stress at 3 m depth, o = 19.67 x 3 = 59 kN/m? 
Shear strength, s =o tan for a sand 
= 59 tan 30° = 34 kN/m? (nearly). 
(b) When water table reaches the ground surface: 


Effective Normal stress at 3 m depth 
© =y .h = 11.33 x 3 = 34 kN/m? 





Effective unit weight y = 


x 10 = 11.33 kN/m 
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Shear strength, s=0 tanp 
= 34 tan 30° 
= 19.6 kN/m? (nearly). 
Example 8.4: The following data were obtained in a direct shear test. Normal pressure = 20 
kN/m?, tangential pressure = 16 kN/m?. Angle of internal friction = 20°, cohesion = 8 kN/m?. 


Represent the data by Mohr’s Circle and compute the principal stresses and the direction of 
the principal planes. (S.V.U—B.E., (N.R.)—May, 1969) 
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Fig. 8.47 Mohr’s circle (Ex. 8.4) 


The strength envelope FG is located since both c and ọ are given. Point D is set-off with 
co-ordiantes (20, 16) with respect to the origin O ; it should fall on the envelope. (In this case, 
there appears to be slight discrepancy in the data). DC is drawn perpendicular to FD to meet 
the o-axis inC. With C as centre and CD as radius, the Mohr’s circle is completed. The princi- 
pal stresses 6, (OA) and o, (OB) are scaled off and found to be 9.2 kN/m? and 42.5 kN/m?. 
Angle BCD is measured and found to be 110°. Hence the major principal plane is inclined at 
55° (clockwise) and the minor principal plane at 35° (counter clockwise) to the plane of shear 
(horizontal plane, in this case). 


Analytical solution: 


o= oN, + 2c JAN; 
N, = tan? (45° + 6/2) = tan? 55° = 2.04 


©} = 2.04 ©, + 2 x 8 x tan 55° = 2.040, + 22.88 AA) 
6, = 6, cos? 55° + 6, sin? 55° = 20 
0.33 0, + 0.67 ©; = 20 ...(2) 


Solving, 6, = 42.5 kN/m? and o, = 9.2 kN/m?, as obtained graphically. 
Example 8.5: The following results were obtained in a shear box text. Determine the angle of 
shearing resistance and cohesion intercept: 
Normal stress (kN/m?) 100 200 300 
Shear stress (kN/m?) 130 185 240 
(S.V.U.—B.Tech. (Part-time)—June, 1981) 
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The normal and shear stresses on the failure plane are plotted as shown: 
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Fig. 8.48 Failure envelope (Ex. 8.5) 


The intercept on the shear stress axis is cohesion, c, and the angle of inclination of the 
failure envelope with the normal stress axis of the angle of shearing resistance, . 
From Fig. 8.48, 
c = 74 KN/m? 
o = 29°. 
Example 8.6: A series of shear tests were performed on a soil. Each test was carried out until 
the sample sheared and the principal stresses for each test were : 


Test No. (kN/m?) (kN/m?) 
1 200 600 
2 300 900 
3 400 1200 


600 


— 


2 


400 


200 


Shear stress, kN/m 


Circles 











200 400 600 800 1000 1200 o 
Normal stress, kN/m? —> 


Fig. 8.49 Mohr’s circles and strength envelopes (Ex. 8.6) 
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Plot the Mohr’s circles and hence determine the strength envelope and angle of internal 
friction of the soil. 

The data indicate that the tests are triaxial compression tests; the Mohr’s circles are 
plotted with (o, — ©) as diameter and the strength envelope is obtained as the common tan- 
gent. 

The angle of internal friction of found to be 30°, by measurement with a protractor from 
Fig. 8.49. 

Example 8.7: A particular soil failed under a major principal stress of 300 kN/m? with a 
corresponding minor principal stress of 100 kN/m?. If, for the same soil, the minor principal 
stress had been 200 kN/m?, determine what the major principal stress would have been if 

(a) ọ = 80° and (b) ọ = 0°. 

Graphical solution: 


— 


2 


Shear stress, kN/m 








100 200 300 400 500 600 700 o 
Normal stress, kN/m? — 


Fig. 8.50 Mohr’s circle and strength envelope (Ex. 8.7) 


The Mohr circle of stress is drawn to which the strength envelope will be tangential; the 
envelopes for @ = 0° and ọ = 30° are drawn. Two stress circles, each starting at a minor princi- 
pal stress value of 200 kN/m2, one tangential to = 0° envelope, and the other tangential to p 
= 30° envelope are drawn. 

The corresponding major principal stresses are scaled off as 400 kN/m? and 600 kN/m?. 
Analytical solution: 

(a) 6 = 80°; 

© = 100 kN/m?, o, = 300 kN/m? 
63; _1-sing_ 1-sin 30° 
6, l+sinọ 1+sin30° 

The given stress circle will be tangential to the strength envelope with 6 = 30°. 

With o, = 200 kN/m?, o, = 3 x 200 = 600 KN/m?, 
if the circle is to be tangential to the strength envelope ọ = 30° passing through the origin. 

(b)o=0°; 

If the given stress circle has to be tangential to the strength envelope o = 0°, the enve- 


lope has to be drawn with c = t = 100 kN/m?. The deviator stress will then be 200 kN/m?, 
irrespective of the minor principal stress. 





=1/8 
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Hence o, = 200 + 200 = 400 kN/m? for o} = 200 kN/m?. 


Example 8.8: The stresses acting on the plane of maximum shearing stress through a given 
point in sand are as follows: total normal stress = 250 kN/m?; pore-water pressure = 88.5 kN/ 
m?; shearing stress = 85 kN/m?. Failure is occurring in the region surrounding the point. De- 
termine the major and minor principal effective stresses, the normal effective stress and the 
shearing stress on the plane of failure and the friction angle of the sand. Define clearly the 
terms ‘plane of maximum shearing stress’ and ‘plane of failure’ in relation to the Mohr’s rup- 
ture diagram. (S.V.U.—B.E., (R.R.)—Nov., 1973) 


Mohr’s circle 
a of effective stress 





Shear stress, kN/m 





76.5 116 161.5 246.5 o 
Normal stress, kN/m? — 


Fig. 8.51 Mohr’s circle of effective stresses (Ex. 8.8) 


Total normal stress = 250 kN/m? 

Pore water pressure = 88.5 kN/m? 

Effective normal stress on the plane of maximum shear = (250 — 88.5) = 161.5 kN/m? 
Max. Shear stress = 85 kN/m? 


Graphical solution: 
The normal stress on the plane of maximum shear stress is plotted as OC to a suitable 


scale; CD is plotted perpendicular to © -axis as the maximum shear stress. With C as centre 
and CD as radius, the Mohr’s circle is established. A tangent drawn to the circle from the 
origin O establishes the strength envelope. The foot of the perpendicular E from the point of 
tangency F is located. The principal effective stresses and the stresses on the plane of failure 
are scaled-off. The angle of internal friction is measured with a protractor. (Fig. 8.51.) 


The results are: Major effective principal stress = (OB) = 246.5 kN/m? 
Minor effective principal stress (OA) = 76.5 kN/m? 

Angle of internal friction, ọ (angle FOB) = 31°45’ 

Normal effective stress on plane of failure (OE) = 116 kN/m? 
Shearing stress on the plane of failure (EF) = 72 kN/m? 


Analytical solution: 


6,+90 

(25) = Normal stress on the plane of maximum shear = 161.5 (1) 
01-9 

(=>) = Maximum shear stress = 85 ...(2) 
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Solving (1) and (2), 6, = 246.5 kN/m? (Major principal effective stress) 
63 = 76.5 kN/m? (Minor principal effective stress) 
(01 —03)/2 _ 85 
(6,+63)/2 1615 
Angle of internal friction ọ = 31°45’ nearly. 


sin = = 0.526 





Normal stress on the failure plane 


= (2) (==) . sind 


85 x 85 








= 161.5 - 





= 116.76 kN/m? 


Shear stress on the failure plane 


= (275) . cos 0 
= 85 x cos 31°45’ = 72.27 kN/m? 

The answers from a graphical approach compare very well with those from the analyti- 
cal approach. The planes of maximum shear, i.e., the planes on which the shearing stress is the 
maximum, are inclined at 45° with the principal planes. 

The failure planei.e., the plane on which the resultant has max. obliquity, is inclined at 
(45° + 0/2) or 61°52’ (Counterclockwise) with the major principal plane. These observations are 
confirmed from the Mohr’s circle of stress. 

Example 8.9: In an unconfined compression test, a sample of sandy clay 8 cm long and 4 cm in 
diameter fails under a load of 120 N at 10% strain. Compute the shearing resistance taking 
into account the effect of change in cross-section of the sample. 

(S.V.U.—B.Tech. (Part-time)—May, 1983) 

Size of specimen = 4 cm dia. x 8 cm long. 








Initial area of cross-section = (n/4) x 42 = 47 cm?. 
Area of cross-section at failure = Ag 
(l-e) 
An 
= ——— = 47/0.9 = 40 7/9 cm? 
(1-010) poe 
Load at failure =120N. 
120 x9 
Axial stress at failure = N/cm? 
40T 
= 2.7/n N/cm? 
= 8.6 N/cm? 
1 
Shear stress at failure =a 8.6 = 4.3 N/cm? 


The corresponding Mohr’s circle is shown in Fig. 8.52. 
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Normal stress, N/cm? — 
Fig. 8.52 Mohr’s circle for unconfined compression test (Ex. 8.9) 


Example 8.10: A cylindrical specimen of a saturated soil fails under an axial stress 150 kN/m? 
in an unconfined compression test. The failure plane makes an angle of 52° with the horizon- 
tal. Calculate the cohesion and angle of internal friction of the soil. 

Analytical solution: 


The angle of the failure plane with respect to the plane on which the major principal 
(axial) stress acts is: 


0, = 45° + 6/2 = 52° 
0/2 = 7° or 6 = 14° 
©; = 150 kN/m? ©, = 0 
6, = 03 N, + 2c JN 
where N, = tan? (45° + 9/2) = tan? 52° 
VN = tan 52° 


150 = 0 + 2 x c tan 52° 
Cohesion, c = 75/tan 52° = 58.6 kN/m? 


Graphical solution: 
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Normal stress, kN/m 
Fig. 8.53 Mohr’s circle and strength envelope (Ex. 8.10) 


The axial stress is plotted to a suitable scale as OB. With OB as diameter, the Mohr’s 
circle is established. At the centre C, angle ACD is set-off as 2 x 52° or 104° to cut the circle in 
D. A tangent to the circle at D establishes the strength envelope. The intercept of this on the 
t-axis gives the cohesion c as 59 kN/m? and the angle of slope of this line with horizontal gives 
o as 14°. These values compare very well with those from the analytical approach. (Fig. 8.53) 
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Example 8.11: In a triaxial shear test conducted on a soil sample having a cohesion of 12 kN/ 
m? and angle of shearing resistance of 36°, the cell pressure was 200 kN/m?. Determine the 
value of the deviator stress at failure. (S.V.U.—B.E., (R.R)—Nov., 1974) 

The strength envelope is drawn through E on the t-axis, OE being equal toC = 12 kN/m? 
to a convenient scale, at an angle þ = 36° with the o-axis. The cell pressure, 6, = 200 kN/m?is 
plotted as OA. With centre on the o-axis, a circle is drawn to pass through A and be tangential 
to the envelope, by trial and error. AC is scaled-off, C being the centre of the Mohr’s circle, 
which is (6, — 6,)/2. The deviator stress is double this value. In this case the result is 
616 kN/m?. (Fig. 8.54). 








Is ple 5 
o3 = 200 KN/M? (o4 — 53)/2 = 308 kN/m 


2 
Normal stress, kN/m —> 


Fig. 8.54 Mohr’s circle for triaxial test (Ex. 8.11) 


Analytical solution: 
c = 12 kN/m? 
o = 36° 
6, = 200 kN/m? 


6 =0,N, + 2c [Ny 
where N, = tan? (45° + 0/2). 
N, = tan? (45° + 18°) = tan? 63° = 3.8518 
JN, = tan 63° = 1.9626 

ss 0, = 200 x 3.8518 + 2 x 12 x 1.9626 = 817.5 kN/m? 

Deviator stress = 6, — 6, = (817.5 — 200) kN/m? = 617.5 kN/m? 

The result from the graphical solution agrees well with this value. 
Example 8.12: A triaxial compression test on a cohesive sample cylindrical in shape yields the 
following effective stresses: 

Major principal stress ..... 8 MN/m? 

Minor principal stress... 2 MN/m? 


Angle of inclination of rupture plane is 60° to the horizontal. Present the above data, by 
means of a Mohr’s circle of stress diagram. Find the cohesion and angle of internal friction. 


(S.V.U.—Four-year, B.Tech.—June, 1982) 


SHEARING STRENGTH OF SOILS 307 





The minor and major principal stresses are plotted as OA and OB to a convenient scale 
on theo-axis. The mid-point of AB is located as C. With C as centre and CA or CB as radius, the 
Mohr’s stress circle is drawn. Angle BCD is plotted as 20,,„ or 2 x 60° = 120° to cut the circle in 
D. A tangent to the circle drawn at D (perpendicular to CD) gives the strength envelope. The 
intercept of this envelope, on the t-axis gives the cohesion, c, and the inclination of the enve- 
lope with o-axis gives the angle of internal friction, o. (Fig. 8.53). 


2 








= 0.575 MN/m? 


0 1 2 3 4 5 6 7 8 o 
Normal stress, MN/m—> 


O Shear stress, MN/m 
ine) 


Fig. 8.55 Mohr’s circle and strength envelope (Ex. 8.12) 


Graphical solution: 
The results obtained graphically are: c = 0.575 MN/m?2; 
= 30° 
Analytical method: 
©; = 8 MN/m? and o, = 2 MN/m?6,, = 60° 
8. = 45° + o/2 = 60°, whence $ = 30° 
N, = tan? (45° + /2) = tan? 60°=3; /Ny = 3 


oO 1=03 N; + 2c Ny 


8 =2x3+4+2xcJ3, whence, c = 1/43 = 0.577 MN/m2 
The results obtained graphically show excellent agreement with these values. 


Example 8.13: A simple of dry sand is subjected to a triaxial test. The angle of internal fric- 
tion is 37 degrees. If the minor principal stress is 200 kN/m?, at what value of major principal 
stress will the soil fail ? (S.V.U.—B.E., (R.R.)—May, 1970) 
Analytical method: 


= 37° 
6, = 200 kN/m? 


0, =0;N, + 2c JN, 
=0,N, , since c = 0 
N,= tan? (45° + 0/2) = tan? (45° + 18°30’) = tan? 63°30’ = 4.0228 
= 1 =9;N, = = 200 x 4.0228 kN/m? 
Major principal jee 6, = 804.56 kN/m? 


For dry sand, c = 0 
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Graphical method: 


200 


100 





0 100 200 300 400 500 600 700 800810 o 
Normal stress, kN/m? —> 


Fig. 8.56 Mohr’s circle and strength envelope (Ex. 8.13) 


The strength envelope is drawn at 37° too-axis, through the origin. The minor principal 
stress 200 kN/m? is plotted as OA on theo-axis to a convenient scale. With the centre on the o- 
axis, draw a circle to pass through A and be tangential to the strength envelope by trial and 
error. If the circle cuts 6-axis at B also, OB is scaled-off to give the major principal stress, ©}. 
(Fig. 8.56). 

The result in this case is 810 kN/m? which compares favourably with the analytical 
value. 
Example 8.14: In a drained triaxial compression test, a saturated specimen of cohesionless 
sand fails under a deviator stress of 535 kN/m? when the cell pressure is 150 kN/m?. Find the 
effective angle of shearing resistance of sand and the approximate inclination of the failure 
plane to the horizontal. Graphical method is allowed. (S.V.U.—B.E., (R.R.)—Nov., 1972) 

The cell pressure will be the minor principal stress and the major principal stress will 
be got by adding the deviator stress to it. These principal stresses are plotted as OA and OB to 
a convenient scale on the o-axis. C, the mid-point of AB, is the centre of the circle. The Mohr 
circle is completed with radius as CA or CB. Since this is pure sand, the strength envelope is 
drawn as the tangent to the circle passing through the origin. Angles DOC and angle BCD are 
measured with a protractor to give þ and 20 _„ respectively. The values in this case are: 


cr? 


Graphical method: 


—> 
A 


2 





20, = 130° 


Shear stress, kN/m 


O 100190200 300 400 500 600 685 


2 
Normal stress, kN/m —» 


Fig. 8.57 Mohr’s circle and strength envelope (Ex. 8.14) 
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o = 40°; 6, = 65° with the horizontal. (Fig. 8.57) 


Analytical method: 
6, = 150 kN/m? 
(0, — 63) = 535 kN/m? 
6, = 685 kN/m? 
5, = 6,N,, where N, = tan? (45° + $/2) 
N,= 0/0; = = = 4.57 
(45° + 6/2) = 64°55’ 
x. 6/2 = 19°55’ 
or = 39°50 
Hence, 6. = (45° + 6/2) = 64°55’. 


The graphical values compare very well with these results. 


Example 8.15: The shearing resistance of a soil is determined by the equations =c’ +o’ tan p’. 
Two drained triaxial tests are performed on the material. In the first test the all-round pres- 
sure is 200 kN/m? and failure occurs at an added axial stress of 600 kN/m?. In the second test 
all-round pressure is 350 kN/m? and failure occurs at an added axial stress of 1050 kN/m?. 
What values ofc’ and @’ correspond to these results? (S.V.U.—B.E., (R.R.)—Nov., 1973) 


Graphical method: 


—> 
a 


2 


(op) 
fo) 
Oo 


A 
oO 
© 


Shear stress, kN/m 








> 
0 200 400 600 800 1000 1200 1400 loj 


Normal stress, kN/m” —> 
Fig. 8.58 Mohr’s circle for effective stress (Ex. 8.15) 


Since the cell pressures (o,) and the added axial stresses (6, — 6,) are known, 6,-values 
are also obtained by addition. The Mohr’s circles for the two tests are drawn. The common 
tangent to the two circles is seen to pass very nearly through the origin and is sketched. The 
inclination of this line, which is the strength envelope in terms of effective stresses, with the o- 
axis is the effective friction angle. The value ofc’ is zero; and the value of 6’, as measured with 
a protractor, is 36°30’. (Fig. 8.58) 


Analytical method: 


Since the tests are drained tests, we may assumec’ = 0. On this basis, we may obtain N 


From both tests, N, =06,/o, =4 
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No = tan (45° + /2) = 
or 45° + 0/2 = 63°25’, '/2 = 18°25’ 
5 o’ = 36°50’. 
The graphical result compares favourably with this value. 


Example 8.16: The following data relate to a triaxial compression tests performed on a soil 
sample: 


Test No. Chamber pressure Max. deviator stress Pore pressure at 
maximum deviator stress 


80 kN/m? 175 kN/m? 45 KN/m? 
150 kN/m? 240 kN/m? 50 kN/m? 
210 kN/m? 300 kN/m? 60 kN/m2 





Determine the total and effective stress parameters of the soil. 
(S.V.U.—Four year B. Tech.—April, 1983) 
Graphical solution: 


(a) Total stresses: (b) Effective stresses = (Total stress — pore pressure) 





Total stress parameters: 
c = 50 kN/m?; = 18° 
Effective stress parameters: 
c’ = 60 kN/m?; ’ = 20° (Fig. 8.59). 


Total stresses 
eoni © sees Effective stresses 





Shear stress, kN/m?>——> 





600 © 


Normal stress kN/m? —> 


Fig. 8.59 Effective stress and total stress envelopes (Ex. 8.16) 
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Example 8.17: Given the following data from a consolidated undrained test with pore water 
pressure measurement, determine the total and effective stress parameters: 


G, 100 kN/m? 200 kN/m? 
(5, = 03), 156 kN/m? 198 kN/m? 
Up 58 kN/m? 138 kN/m? 
(S.V.U.—B.Tech. (Part-time)—Sept., 1982) 
(a) Total stresses: (b) Effective stresses: 
© 100 kN/m? 200 kN/m? ©(100 — 58) = 42 kN/m? 62 kN/m? 


c (100 + 156) = 256 kN/m? 398 kN/m? G, (256 — 58) = 198 kN/m? 260 kN/m? 


These principal stresses are used to draw the corresponding Mohr’ circles (Fig. 8.60). 


200 ge 
Pes Total stresses 
-7\o' = 38° Effective stresses 








0 100 200 300 400 
Normal stress, kN/m? 


Fig. 8.60 Effective stress and total stresses envelopes (Ex. 8.17) 


Total stress parameters: 
c = 36 kN/m?; ọ = 12° 
Effective stress parameters: 
c’ = 16 kN/m?; ’ = 88° 
The clay should have been overconsolidated, since c’ < c and ’ > 9. 
Example 8.18: A thin layer of silt exists at a depth of 18 m below the surface of the ground. 
The soil above this level has an average dry density of 1.53 Mg/m? and an average water 
content of 36%. The water table is almost at the surface. Tests on undisturbed samples of the 
silt indicate the following values: 
c, = 45 kN/m?; 9, = 18°; c’ = 35 kN/m?; 9’ = 27° 
Estimate the shearing resistance of the silt on a horizontal plane, (a) when the shear 
stress builds up rapidly and (6) when the shear stress builds up very slowly. 
Bulk unit weight, Y=Y¥,1+w) 
= 1.53 x 1.36 = 2.081 Mg/m® 
Submerged unit weight, y = 2.081 — 1.0 = 1.081 Mg/m? 
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Total normal pressure at 18 m depth = 2.081 x 9.81 x 18 
o = 367.5 kN/m? 
Effective pressure at 18 m depth = 1.081 x 9.81 x 18 
5 = 190.9 kN/m? 
(a) For rapid build-up, the properties for the undrained state and total pressure are to 
be used: 
s=c,+otano, 
Shear strength = 45 + 367.5 tan 18° 
= 164.4 kN/m? 
(b) For slow build-up, the effective stress properties and effective pressure are to be 
used: 
s=č +56 tand’ 
Shear strength = 36 + 190.9 tan 27° 
= 133.3 kN/m? 


Example 8.19: A vane, 10.8 cm long, 7.2 cm in diameter, was pressed into a soft clay at the 
bottom of a bore hole. Torque was applied and the value at failure was 45 Nm. Find the shear 
strength of the clay on a horizontal plane. 


2 3 
T= en? z, 














2 6 
for both end of the vane shear device partaking in shear. 
(7.2)? x 10.8 , 7.2° 1 
45/1000 = + 
ex 2 6 |” 100x100 x 100 
o- 45% om 100 x 100 L kN/m? = 42 kN/m? 

1000 (7.2) x 10.8 k 7.2 

2 6 


The shear strength of the clay (cohesion) is 42 kN/m?, nearly. 


SUMMARY OF MAIN POINTS 


1. Shearing strength of a soil is defined as the resistance to shearing stresses; it is perhaps the 
most important engineering property and also the most difficult to comprehend in view of the 
multitude of factors affecting it. 

2. Interlocking, friction, and cohesion between soil grains are the important phenomena from which 
a soil derives its shearing strength. 

3. The Mohr’s stress circle from which the state of stress on any plane as well as the principal 
stresses may be obtained, is a versatile tool useful for the solution of problems in shearing strength. 

4. According to Mohr’s strength theory and the Mohr—Coulomb theory, if the Mohr’s stress circle 
corresponding to the existing state of stress at a point in a soil touches the failure envelope, 
failure will be imminent; if it is within the envelope, the strength mobilised is lower than the 
ultimate strength and the soil is safe. 
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10. 


11. 


12. 


According to the conditions of drainage, shearing strength tests may be classified as the 
unconsolidated undrained (quick), consolidated-undrained (consolidated quick), and drained (slow) 
tests; these tend to simulate certain conditions obtaining in field situations. 

Direct shear, triaxial compression and the unconfined compression tests are the more important 
of laboratory shear strength tests; triaxial compression test is the most versatile test, capable of 
simulating many field situations. Unconfined compression test is a simple special case of the 
triaxial compression test. Field vane and penetration tests are commonly used for field tests. 
(6, — 6,)/2 is plotted, against (0, + 6,)/2 to give Lambe and Whitman’s k f line or modified failure 
envelope. 

The change in pore pressure due to change in applied stress is characterised by dimensionless 
coefficients, called Skempton’s pore pressure parameters A and B. 

The behaviour of dense sand and of loose sand in shear differ significantly from each other, 
especially in respect of volume change behaviour. The void ratio at which no volume change 
occurs in shear is called the ‘critical void ratio’. Apparent cohesion is exhibited by saturated sand 
in UU tests. 

Cohesion, adhesion, and viscous friction are the sources of shear strength for clays. In UU-tests, 
cohesion is exhibited with = 0; in CU-tests, ọ alone is exhibited and the strength is independent 
of the normal pressure during shear, but is dependent only on the consolidation pressure. Strength 
envelopes may be shown in terms of total stresses as well as in terms of effective stresses; the 
friction angle from the latter is always greater than that from the former, indicating increase in 
strength upon drainage. 

The shear behaviour of overconsolidated clay is different from that of normally consolidated 
clay; the strength envelope for the former will be much flatter than that for the latter. 
Sensitivity of a clay is an index of the loss of strength or disturbance of the structure; quantita- 
tively, it is the ratio of the unconfined compression strength values in the undisturbed and in the 
remoulded states. 
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QUESTIONS AND PROBLEMS 


8.1 


8.2 


8.3 


8.4 


8.5 


8.6 


8.7 


Explain the principle of the direct shear test. What are the advantages of this test ? What are its 
limitations? (S.V.U.—Four year B.Tech.—April, 1983) 


What are the advantages and disadvantages of a triaxial compression test? Briefly explain how 
you conduct the test and compute the shear parameters for the soil from the test data. 


(S.V.U.—B.Tech. (Part-time)—May, 1983), (B.E., (R.R)—Sep, 1978) 


Differentiate between unconsolidated undrained test and a drained test. Under what conditions 
are these test results used for design purposes? (S.V.U.—B.Tech. (Part-time)—Sep., 1982) 


Write brief critical notes on: 


(a) Mohr’s Circle (B.Tech. (Part-time)—Sep., 1982) 
(6) Unconfined compression Test (B.Tech. (Part-time)—June. 1981) 
(c) Triaxial test and its merits (B.Tech. (R.R.)—Feb., 1976) 


(a) Explain the basic differences between a box shear test and a triaxial shear test for soils. 
(b) Differentiate between shear strength parameters obtained from total and effective stress 
considerations. (S.V.U.—B.Tech. (Part-time)—Apr., 1982) 
(a) Explain the Mohr-Coulomb strength envelope. 
(b) Sketch the stress-strain relationship for dense and loose and. 
(S.V.U.—B.Tech. (Part-time)—Apr., 1982) 


What are the three standard triaxial shear tests with respect to drainage conditions? Explain 
with reasons the situations for which each test is to be preferred. 


(S.V.U.—B.Tech. (Part-time)—June., 1981, B.E. (R.R.)—Nov., 1974) 
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8.8 


8.9 


8.10 


8.11 


8.12 


8.13 


8.14 


8.15 


8.16 


Explain the shear characteristics of sand and normally loaded clays. 
(S.V.U. (B.E.) (R.R.)—May, 1971) 
(a) What is the effect of pore pressure in strength of soils? 
(b) Explain Coulomb’s law for shearing strength of soils and its modification by Terzaghi. 
(S.V.U.—B.E. (N.R.)—May, 1969) 
A granular soil is subjected to a minor principal stress of 200 kN/m?. If the angle of internal 
friction is 30°, determine the inclination of the plane of failure with respect to the direction of the 
major principal stress. What are the stresses on the plane of failure and the maximum shear 
stress induced? 


Samples of compacted, clean, dry sand were tested in a shear box, 6 cm x 6 cm, and the following 
observations were recorded: 


Normal load (N): 100 200 300 
Peak shear load (N): 90 180 270 
Ultimate shear load (N): 75 150 225 


Determine the angle of shearing resistance in (a) the dense state and in (b) the loose state. 

An embankment consists of clay fill for which c’ = 25 kN/m? and ọ = 27° (from consolidated- 
undrained tests with pore-pressure measurement). The average bulk unit-weight of the fill is 
2 Mg/m?. Estimate the shear-strength of the material on a horizontal plane at a point 20 m 
below the surface of the embankment, if the pore pressure at this point is 180 kN/m? as shown by 
a piezometer. 

The following data are from a direct shear test on an undisturbed soil sample. Represent the 
data by a Mohr Circle and compute the principal stresses and direction of principal planes: 
Normal pressure = 16.2 kKN/m?; Tangential pressure = 14.4 kN/m?, 

Angle of internal friction = 24°; ¢ = 7.2 kN/m?. (S.V.U.—B.E. (N.R.)—Sept., 1967) 
From a direct shear test on an undisturbed soil sample, the following data have been obtained. 
Evaluate the undrained strength parameters by plotting the results. Also draw a Mohr Circle 
corresponding to the second test. Hence determine the major and minor principal total stresses 
for the second test. 


Normal stress = 70 96 114 
kN/m? 
Shear stress in 138 156 170 
kN/m? (S.V.U.—B.E. (N.R.)—May, 1975) 
Two samples of a soil were subjected to shear tests. The results were as follows: 
Test No. 0, (kN/m?) o (kN/m?) 
1 100 240 
2 300 630 


If a further sample of the same soil was tested under a minor principal stress of 200 kN/m?, what 
value of major principal stress can be expected at failure? 


A shear box test carried out on a soil sample gave : 


Test No. Vertical stress Horizontal shear stress 
(kN/m?) (kN/m?) 
1 100 80 
200 144 


3 300 216 
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8.17 


8.18 


8.19 


8.20 


8.21 


8.22 


8.23 


8.24 


Determine the magnitude of the major and minor principal stresses at failure when the vertical 
stress on the sample was 200 kN/m?. Determine also the inclination to the horizontal of these 
stresses. 

A series of undrained shear box tests (area of box = 360 mm?) were carried out on a soil with the 
following results: 


Normal load (N) Shear force at failure (N) 
90 70 
180 90 
270 117 


(i) Determine the cohesion and angle of friction of the soil with respect to total stresses. 

(ii) If a 30 mm diameter, 72 mm long sample of the same soil was tested in a triaxial machine, 
with a cell pressure 270 kN/m? what would be the additional axial load at failure if the 
sample shortened by 6.3 mm ? 

(iii) If a further sample of the soil was tested in an unconfined compression apparatus, at what 
value of compressive stress would failure be expected ? 

A cylindrical specimen of saturated clay, 4.5 cm in diameter, and 9 cm long, is tested in an 

unconfined compression apparatus. Find the cohesion if the specimen fails at an axial load of 

450 N. The change in length of the specimen at failure is 9 mm. 

A cylindrical specimen of a saturated soil fails at an axial stress of 180 kN/m? in an unconfined 

compression test. The failure plane makes an angle of 54° with the horizontal. What are the 

cohesion and angle of internal friction of the soil ? 

The following results were obtained from an undrained triaxial test on a soil: 


Cell pressure kN/m? Additional axial stress at 
failure (kN/m?) 
200 690 
400 840 
600 990 


Determine the cohesion and angle of internal friction of the soil with respect to total stresses. 
A triaxial compression test on a cohesive soil sample of cylindrical shape yielded the following 
results: 
Major principal stress 33 100 kN/m? 
Minor principal stress ae 250 kN/m? 
If the angle of inclination of the rupture plane to the horizontal is 60°, determine the cohesion 
and angle of internal friction by drawing Mohr circle or by calculation. 

(S.V.U.—B.E. (R.R.)—May, 1969) 
A sample of dry sand is subjected to a triaxial test. The angle of internal friction is 36°. If the cell 
pressure is 180 kN/m?, at what value of deviator stress will the soil fail? 
In a drained triaxial compression test, a saturated specimen of cohesionless sand fails at a de- 
viator stress of 450 kN/m? when the cell pressure was 135 kN/m?. Find the effective angle of 
shearing resistance of sand and the angle of inclination of the failure plane with the horizontal. 
An undisturbed soil sample, 100 mm in diameter and 200 mm high, was tested in a triaxial 
machine. The sample failed at an additional axial load of 3 KN with a vertical deformation of 20 
mm. The failure plane was inclined at 50° to the horizontal and the cell pressure was 300 kN/m?, 
Determine, from Mohr’s circle, the total stress parameters. A further sample of the soil was 
tested in a shear box under the same drainage conditions as used for the triaxial test. If the area 
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8.25 


8.26 


8.27 


of the box was 3600 mm?, and the normal load was 540 N what would have been the failure shear 
stress ? 

Pore pressure measurements were made during undrained triaxial tests on samples of com- 
pacted fill material from an earth dam after saturating them in the laboratory. The results were 
as follows: 


Property measured kN/m? I Test II Test 
Lateral pressure (65) 150 450 
Total vertical pressure (0,) 400 1000 
Pore water pressure (u) 30 125 


Determine the apparent cohesion and the angle of shearing resistance as referred to (i) total 
stress and (ii) effective stress. (S.V.U.—B.E. (R.R.)—Sept. 1978) 
The following result were obtained from a series of undrained triaxial tests carried out on undis- 
turbed samples of soil. 


Cell pressure (kN/m?) Additional axial load at failure (N) 
200 270 
400 330 
600 390 


Each sample, originally 36 mm diameter and 72 mm high, had a vertical deformation of 5.4 mm. 
Determine total stress parameters. 
For a normally consolidated insensitive clay crp = 30°. Deviator stress at failure of the same soil 
is 250 kN/m? in CIU test. If Skempton’s A-parameter at failure is 0.62, find out czy for this soil. 
Also, find out the confining pressure during the consolidation state. 

(S.V.U.—B.Tech. (Part-time)—April, 1982) 


Chapter 9 


STABILITY OF EARTH SLOPES 


9.1 INTRODUCTION 


Earth slopes may be found in nature or may be man-made. These are invariably required in 
the construction of highways, railways, earth dams and river-training works. The stability of 
these earth slopes is, therefore, of concern to the geotechnical engineer, since failure entails 
loss of life and property. 

The failure of an earth slope involves a ‘slide’. Gravitational forces and forces due to 
seepage of water in the soil mass, progressive disintegration of the structure of the soil mass 
and excavation near the base are among the chief reasons for the failure of earth slopes. Slides 
and consequent failure of earth slopes can occur slowly or suddenly. 

The slides that occurred during the construction of the Panama canal, connecting the 
Atlantic and the Pacific Oceans and during the construction of railways in Sweden spurred the 
geotechnical engineers all over the world into a lot of research on various aspects of the stabil- 
ity of earth slopes. Swedish engineers were in the forefront in this regard. 

Determination of the potential failure surface and the forces tending to cause slip and 
those tending to restore or stabilise the mass of earth are the essential steps in the stability 
analysis of earth slopes and the available margin of safety. The soil mass is assumed to be 
homogeneous. It is also assumed that it is possible to compute the seepage forces from the flow 
net and the shearing strength of the soil from the Mohr-Coulomb theory. 

The slope may be an ‘infinite’ one or a ‘finite’ one. An infinite slope represents the sur- 
face of a semi-infinite inclined soil mass; obviously, such a slope is rather hypothetical in 
nature. A slope of a finite extent, bounded by a top surface is said to be finite. Slopes involving 
a cohesive-frictional soil are most common; however, the case of purely cohesionless soils is 
also treated as a useful introduction to the treatment of c — ọ soils. 


9.2 INFINITE SLOPES 


An ‘infinite slope’ is one which represents the boundary surface of a semi-infinite soil mass 
inclined to the horizontal. In practice, if the height of the slope is very large, one may consider 
it as an infinite one. It is assumed that the soil is homogeneous in its properties. If different 


318 


STABILITY OF EARTH SLOPES 319 





strata are present the strata boundaries are assumed to be parallel to the surface. Failure 
tends to occur only along a plane parallel to the surface. The stability analysis for such slopes 
is relatively simple and it is dealt with for the cases of purely cohesionless soil, purely cohesive 
soil and cohesive-frictional soil; the cases in which seepage forces under steady seepage and 
rapid drawdown occur are also considered for a purely cohesionless soil. 


9.2.1 Infinite Slope in Cohesionless Soil 


Let us consider an infinite slope in cohesionless soil, inclined at an angle f to the horizontal, as 
shown in Fig. 9.1. 







Cohesionless 





(a) Infinite slope (b) Triangle of forces 
Fig. 9.1 Infinite slope in a cohesionless soil 


If the weight of an element of the oil mass at the surface is W, the components of W 
parallel to and perpendicular to the surface of the slope are T = W sin B and N = W cos B 
respectively. The maximum force restraining the sliding action of T is the shear resistance 
that could be mobilised by the normal component N. For a cohesionless soil, this is given by N 
tan ọ or W cos B tan , where ọ is the angle of internal friction. 

The factor of safety F against sliding or failure is given by: 

Restraining force W cosß tanọ _ tand 





Sliding force WsinB  tanß al!) 
For limiting equilibrium (F = 1), 
tan B = tan o 
or B = 0. 


Thus, the maximum inclination of an infinite slope in a cohesionless soil for stability is 
equal to the angle of internal friction of the soil. It is interesting to note that the stability is 
affected neither by the unit weight of the soil nor by the water content, provided seepage 
forces do not enter into the picture. 

Purely granular soils are infrequent as most soils possess some cohesion, but a study of 
the former affords useful introductory ideas to the treatment of cohesive-frictional soils which 
are of most frequent occurrence in nature. 

Even if a vertical element extending to a finite depth is considered, similar situations 
exist and the factor of safety against slippage on a plane parallel to the surface at that depth is 
crucial. In terms of the shearing stresses and the shearing strength as defined by the Mohr- 
Coulomb envelope, the limit angle of inclination for stability of the slope may be indicated as in 
Fig. 9.2. 
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Shear stress ———> 








(e 


Normal stress ———-» 


Fig. 9.2 Relation between strength envelope and angle of slope 


Rapid Drawdown in a Slope in Cohesionless Soil 
When the water level in a river or reservoir recedes, say after floods or after a drawdown, 
the water in the slope of the embankment may not fall as rapidly as that in the river or the 
reservoir, depending upon the permeability of the soil. This gives rise to a condition commonly 
known as “sudden or rapid drawdown”. The effect of this is that seepage occurs from the high 
water level in the slope to the lower water level of the river. A flow net can be drawn for this 
condition and the excess hydrostatic head at any point within the slope can be determined. 

Let us consider an element within the slope as shown in Fig. 9.3. 

Let the weight of the element be W. Let the excess pore water pressure induced by 
seepage be u at the base of the element. Let the length of the element perpendicular to the 
plane of the figure be unity. 

Normal component N of weight W 
l ? 
l being the width of the element parallel to the surface. 
_ WeosB _ W cos” B 





Normal stress 6, = 





, since / = b/cos B 


n l b 
2 
P yzb cos B_ 


yz cos” B ... (Eq. 9.2) 








Reservoir o 
<7 i 


Z 





(a) Earth slope subjected to rapid drawdown (b) Element of the earth slope 


Fig. 9.3 Rapid drawdown is a slope in cohesionless soil 
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Effective normal stress ©, = (6, — u) 


= (yz cos? B — u) 
(y is the average unit weight of the slice, which is usually considered saturated.) 
Wsi i 
Shear stress T = Sin B = yz sin B cos B (Eq. 9.3) 





Shear strength of soil = 6, tan ọ 
= (yz cos? B — u) tan > 
Factor of safety against slippage, F = “aoe 
(yzcos” B — u)tan o 
= yzsinß cosß 
= [(1/tan ß) — (u/yz sin B cos B)]. tan ọ 


l1- u tan 
~ yzcos”B tanB 
or fe f- Tu ) saa (Eq. 9.4) 


cos? B j tanß 


where r,=ulyz .. (Eq. 9.5) 














r, is called the ‘pore pressure ratio’. 


Flow Parallel to the Surface and at the Surface of a Slope in Cohesionless Soil 
If there is a flow parallel to the surface and at the surface at a slope in the cohesionless 
soil, the flow net is very simple and is depicted in Fig. 9.4. 


Flow line 





= 





Equipotentials 
Fig. 9.4 Flow parallel to the surface and at the surface 


The excess pore water pressure at the centre P of the base of the element, similar to the 
previous case, expressed as a head, is represented by the height A „ From the figure, PQ =z cos B, 
h,, = PQ. cos B 

; h,, =z. cos?B 
The excess pore water pressure u = Y, h,, = Y„ Z cos” B 


2 
r =uly.z= newb g, / Y). cos? B ...(Eq. 9.6) 
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The factor of safety against slippage may be written as: 


Yw \tanod ({y-Y, \tanọ y tanọ 
-|1- : is es 
= Y ze | Y Es Yea tanb ...(Eq. 9.7) 





9.2.2 Infinite Slope in a Purely Cohesive Soil 
Let us consider an infinite slope in purely cohesive soil as shown in Fig. 9.5. 














Purely 
cohesive soil rs 
7 
F o 
i J Ņ 5 
E E a Naa 
i 2 “a 
: í c Bs = c Strength envelope 
ei j 7 c 
L7 
Pes 
Ke 2 
ae 4 | 
(a) Infinite slope in purely cohesive (b) Relation between strength envelope 
soil-critical depth and angle of slope 


Fig. 9.5 Infinite slope in a purely cohesive soil 


For a particular depth z, the values of the normal and shear stresses at the base of the 
element are given by Eqs. 9.2 and 9.3, i.e., 
6, =Y. z cos? B 
and t=y.zsinB.cos ß 
If these are represented as co-ordinates on a o —T plot, point D is obtained. This should 


lie on a line through origin O inclined at the angle of slope B, since = tan B. If this point D 


lies below the Coulomb strength envelope, s = c for the purely cohesive soil, the slope will be 
stable. 


The factor of safety against slippage will be a, at a depth z from the surface. 


c 

F=c/t= P csp ...(Eq. 9.8) 

If the line OD is extended it will meet the horizontal strength envelope at a point, say P, 

the foot of the perpendicular from P on to o-axis being Q. The point P represents a stress 

condition for a different depth, greater than z. At this point the shearing stress at the base of 

the element equals the shearing strength of the soil; that is to say, failure is incipient at this 

depth. In other words, the slope will be stable only up to a maximum depth z,, called the 

critical depth, at which the shearing stress reaches the value of the shearing strength of the 

soil, which is merely c in this case, as it is a purely cohesive soil. A ledge or some other material 
with a sufficiently large strength exists below the soil of critical depth. 


The critical depth z, can be evaluated by equating F to unity. 
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From Eq. 9.8, 
c 
leca 
yz, Sin B cosB 
c 


an er (Eq. 9.9) 


or 


Thus for a given value of B, z, is proportional to cohesion and inversely proportional to 
the unit weight. 


From Eq. 9.9. 


c 
— = sin ß cos ...(Eq. 9.10) 
Y-Ze B p i 


=) is a dimensionless quantity and is called the ‘stability number’, it is designated by S, 
Zo 
By combining Eqs. 9.8 and 9.10, we get F = z /z ... (Eq. 9.11) 
Thus, the factor of safety with respect to cohesion is the same that with respect to depth. 
The stability number concept facilitates the preparation of charts and tables for slope stability 
analysis in more complex situations, especially in the case of finite slopes to be dealt with 
later. 


9.2.3 Infinite Slope in Cohesive-Frictional Soil 
Let us consider an infinite slope in a cohesive-frictional soil as shown in Fig. 9.6. 
Cohesive- 


frictional 
soil 








| oO T, o 
(a) Infinite slope in cohesive-frictional (b) Relation between strength envelope 
soil-critical depth and angle of slope 


Fig. 9.6 Infinite slope in a cohesive-frictional soil 


It is obvious that for a slope with an angle of inclination less than or equal to ọ, the 
shearing stress will be less than the shearing strength for any depth, as represented by the 
line OP; the slope will be stable irrespective of the depth in that case. If the slope is inclined at 
an angle B greater than 9, it cuts the strength envelope at some point such as R. The point R 
represents the state of stress at a certain depth at which the shearing stress equals the shear- 
ing strength and hence denotes incipient failure. For any depth less than that represented by 
R, the shearing stress will be less than the shearing strength and hence the slope remains 
stable. 
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For example, the depth z corresponding to the point T, is stable for the slope angle p > 9. 
However, if B > 6, the slope can be stable only up to a limited depth, which is known as the 
critical depth z,; the state of stress at this depth is represented by R, as already stated. 


The equation of the strength envelope is given by: 
s=c+o, tan 


At failure, s=y=e +6, tang 
But O,,=Y.2,. COS? 
and T= YZ,. Sin B cos B, from Eqs. 9.2 and 9.3. 


yz,.sinBcos B=c+yz,. cos? B. tan > 
z, R A 


= (c/y) . 1/[cos? B (tan B — tan ọ)] ...(Eq. 9.12) 
Thus the critical depth is R to cohesion, for particular values of B and ọ. 
From Eq. 9.12, 
A = cos? B (tan B — tan ọ) .. (Eq. 9.13) 


The quantity © is called the stability number S, 
yz 


c 


For any depth z less than z,, the factor of safety 
_ Shearing strength 





Shearing stress 


2 
4 st 

p- CHY B. ano ...(Eq. 9.14) 
yzcosB.sinB 





Since the factor of safety F, with respect to cohesion, 


c 
F, = —, where c,, = mobilised cohesion, at depth z, 
c 


S,=clyz,=c,/¥z =c/F yz = cos? B (tan B — tan 9) .. (Eq. 9.15) 
From Eqs. 9.13 and 9.15, 
Ze 
F= 
z 


This is the same as Eq. 9.11, as for a purely cohesive soil. 


This is based on the assumption that the frictional resistance of the soil is fully devel- 
oped. The actual factor of safety should be based on the simultaneous development of cohesion 
and friction. 


If there is a seepage parallel to the ground surface throughout the entire mass of soil, it 
can be shown that: 


eae cos” B(tan B- tan o) .. (Eq. 9.16) 
Ye Y 


since effective stress alone is capable of mobilising shearing strength. 
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9.3 FINITE SLOPES 


A ‘finite slope’, as has already been defined, is one with a base and a top surface, the height 
being limited. The inclined faces of earth dams, embankments, excavations and the like are all 
finite slopes. Thus, the stability analysis of such slopes is of vital importance to the geotechnical 
engineering profession. 

Investigation of the stability of finite slopes involves the following steps according to the 
commonly adopted procedure: 

(a) Assuming a possible slip surface, 

(b) studying the equilibrium of the forces acting on this surface, and 

(c) repeating the process until worst slip surface, that is, the one with minimum mar- 
gin of safety, is found. 

Failure of finite slopes is cohesive or cohesive-frictional soils tends to occur by rotation, 
the slip surface approximating to the arc of a circle as shown in Fig. 9.7. 





Heave of k P 
j As 

material at & 

toe hg p 





“Toe 


(a) Slope in cohesive material (b) Slip surface of a slope in cohesive material 
Fig. 9.7 Typical characteristics of the rotational slip in a cohesive soil 


The following important methods will be considered: 
(i) Total stress analysis for purely cohesive soil: 
(ii) Total stress analysis for cohesive-frictional soil-the Swedish method of slices 
(iii) Effective stress analysis for conditions of steady seepage, rapid drawdown and im- 
mediately after construction 
(iv) Effective stress analysis by Bishop’s method 
(v) Friction circle method 
(vi) Taylor’s method. 


9.3.1 Total Stress Analysis for a Purely Cohesive Soil 


Analysis based on total stresses, also called “) = 0 analysis’, gives the stability of an embank- 
ment immediately after its construction. It is assumed that the soil has had no time to drain 
and the shear strength parameters used relate to the undrained strength with respect to total 
stresses. These may be obtained from either unconfined compression test or an undrained 
triaxial test without pore pressure measurements. 
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Let AB be a trial slip surface (a circular arc of radius r) as shown in Fig. 9.8. 














Fig. 9.8 Total stress analysis for a purely cohesive soil 


Let W be the weight of the soil within the slip surface and G the position of its centre of 
gravity. The shearing strength of the soil is c, since ọ = 0°. 

Taking moments about 0, the centre of rotation: 

W.e. = ¢.l.r =c.r.0.r = cr?.0, for equilibrium (incipient failure). 


Restraining moment _ c.r”.6 
Factor of safety, F= Giidias moment. Wa ...(Eq. 9.17) 
Here W.e is dependent on the cohesion mobilised which will be less than the maximum 
cohesion of soil. 
The exact position of G is not required and it is only necessary to ascertain the position 
of the line of action of W. This may be got by dividing the sector into a set of vertical slices and 
taking moments of area of these slices about any convenient vertical axis. 


Effect of Tension Cracks 
When slip is imminent in a cohesive soil there will always develop a tension crack at the 
top surface of the slope along which no shear resistance can develop, as indicated in Fig. 9.9. 





iB 








Fig. 9.9 Effect of tension crack in a purely cohesive soil 


STABILITY OF EARTH SLOPES 327 





The depth of tension crack is given by: 
h,= 2cly ... (Eq. 9.18) 

(The concept and derivation of this is given in Ch. 18). 

The effect of the tension crack is to shorten the arc along which shearing resistance gets 
mobilised to AB’ and to reduce the angle 9 to 0’. 

In computing the factor of safety F against slippage, 0’ is to be used instead of 9, and the 
full weight W of the soil within the sliding surface AB to compensate for any water pressure 
that may be exerted, if the crack gets filled with rain water. 


The Swedish Method of Slices for a Cohesive-frictional Soil 

If the soil is not purely cohesive but is a cohesive-frictional one or if it is partially satu- 
rated, the undrained strength envelope shows both c and ọ values. The total stress analysis 
can be adapted to this case by dividing the area within the slip circle into a number of vertical 
slices, as shown in Fig. 9.10. 


O 


ay, 


Lut 


a) Slip circle divided into slices (b) Forces on a typical slice 





Fig. 9.10 Swedish method of slices for a cohesive-frictional soil 


The forces on a typical slice are given in Fig. 9.10 (6). The reactions R, and R, at the 
sides of the slice are assumed equal. The weight W of the slice is set-off at the base of the slice 
to a convenient scale. The known directions of its normal component N and the tangential 
component T are drawn to complete the vector triangle. The values of N and T are scaled-off. 

Taking moment about the centre of rotation, 

Sliding moment = r È T (reckoned positive if clockwise) 

Restoring moment = r (cr8 + = N tan 6) (reckoned positive if counterclockwise) 

(cr6 + È N tan) 

IT 

The effect of a tension crack can be allowed for as in the previous case. But the depth of 
the crack in this case is given by: 

h, = (2c/y) . tan (45° + ọ/2) ... (Eq. 9.20) 

The tangential components of a few slices at the base may cause restoring moments. In 
that case these may be considered negative, thus reducing the denominator in Eq. 9.19. Alter- 
natively these may be added to the numerator. 





Factor of Safety F = .. (Eq. 9.19) 


The values of W, XN, and ZT may be found conveniently in a number of ways. 
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For example, the values for all slices may be tabulated as follows and summed up: 





Slice no. Aream? Weight W (kN) Normal component N (kN) Tangential components T (kN) 








Sum, XN =... kN xT =... kN 








Another approach is to draw the N-curve and T-curve, showing the variation of N- and 
T-values for the various slices with the breadth of the slice as the base, as shown in Fig. 9.11. 










eee S 


(-ve) (c) T-curve 


(a) Resolution of weights of slices into normal b : Constant breadth of slices 
and tangential components 


Fig. 9.11 Determination of ZN and XT in the Swedish method of slices 


If the areas under the N- and T-curves are found out by a planimeter or otherwise and 
divided by the constant breadth of the slices, relatively accurate values of XN and XT will be 
obtained. The weights of the respective slices can be considered to be approximately propor- 
tional to the mid-ordinates and the scale can be easily determined. 

The Swedish method of slices is a general approach which is equally applicable to homo- 
geneous soils, stratified deposits, partially submerged cases and non-uniform slopes. Seepage 
effects also can be considered. 


Location of the Most Critical Circle 


The centre of the most critical circle can be found only by trial and error. A number of 
slip circles are to be analysed and the minimum factor of safety finally obtained. One of the 
procedures suggested for this is shown in Fig. 9.12. 
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Fig. 9.12 Location of centre of critical circle by contours of factor of safety 


The centre of each trial circle is plotted and the value of the corresponding factor of 
safety marked near it. After analysing a number of such trial circles, contours of the factor of 
safety may be drawn. These will be nearly elliptical. The centre of these ellipses indicates the 
most probable centre for the critical circle. It may be noted that the value of the safety factor is 
more sensitive to horizontal movement of the centre of the circle than to vertical movement. 

If the slope is made out of homogeneous cohesive soil it is possible to determine directly 
the centre of the critical circle by a procedure given by Fellenius (1936) which is indicated in 


Fig. 9.13. 








Fig. 9.13 Centre of critical circle—Fellenius’ procedure 


The centre of the critical circle is the intersection of two lines set off from the base and 
top of the slope at angles œ and 6 respectively. The values given by Fellenius for œ and ô for 
different values of slope angle P are set out in Table 9.1. 
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Table 9.1 Fellenius’ values for o and ô for the different values of B 








S.No. Slope Angle of slope B Angle a at base Angle 6 at top 
1 1:5 11°.32 25° 37° 
2 1:3 18°.43 25° 35° 
3 1:2 26°.57 25° 35° 
4 1: 1.50 33°.79 26° 35° 
5 1:1 45° 28° 37° 
6 1: 0.58 60° 29° 40° 























This procedure is not applicable in its original form to cohesive-frictional soils; however, 
Jumikis (1962) modified it to be applicable to c — ọ soil, provided they are homogeneous. The 
modified procedure is shown in Fig. 9.14. 











Curve of 
factor of safety 


Possible 
positions 


abe Centre of 


critical circle 


Fig. 9.14 Fellenius’ procedure, modified by Jumikis for 
a c— ọ soil for the centre of the critical circle 


The centre of the Fellenius’ circle, O,, is fixed as given earlier. Then a point P is fixed 
such that it is 2H below the top of the slope and 4.5H horizontally from the toe of the slope, H 
being the critical height of the slope. The centre of the critical circle O, lies on the line PO, 
produced beyond O,. The distance O,O increases with the angle of internal friction. After a few 
trials with centres lying on PO, produced, the critical circle is located as the one which gives 
the minimum factor of safety. 

These procedures becomes less reliable for non-homogeneous conditions such as irregu- 
lar slope or the existence of pore water pressures. 


Typical Failure Surfaces 


A study of the various types of slip that can occur is helpful in determining a reasonable 
position of the centre of a trial slip circle. 


The following information relating to homogeneous soils is relevant. 
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For soils with  ¢ 3°, the critical slip circle is invariably through the toe. It is so irrespec- 
tive of the value of 6 for inclination of slopes exceeding 53°. However, when there is a stiff layer 
at the base of the slope, the slip circle will be tangential to it. 


For cohesive soils with a small friction angle the slip circle tends to be deeper and may 
extend in front of the toe. If there is a stiff layer below the base, the depth of the slip circle 
would be limited by this stiff layer. 


These various possibilities are illustrated in Fig. 9.15. 


(a) Toe failure b) Slip circle tangential to base (stiff layer) 





o+ 3° 


(c) Deep circle passing below base (d) Slip circle tangential to stiff layer below base 


Fig. 9.15 Types of slip surfaces 


9.3.2 Effective Stress Analysis 

Total stress analysis is applicable for the analysis of stability of a slope soon after construction 
under undrained conditions. If pore water pressures exist in an embankment under certain 
conditions of drainage or seepage, an analysis in terms of effective stress is considered appro- 
priate; in fact, this method is applicable at any stage of drainage—from no drainage to full 
drainage—or for any value of the pore pressure ratio, r,. Depending upon the situation, the 
pore water pressure may depend upon the ground water level within the embankment or the 
flow net pattern owing to the impounded water. It may also depend upon the magnitude of the 
applied stresses, for example, during rapid construction of an earth dam or embankment. 


Steady Seepage 

The case when steady seepage is occurring at the maximum possible rate through an 
earth dam or an embankment is considered as the critical condition for the stability of the 
downstream slope. 
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The pore pressure ratio r, can be easily obtained from the flow net for this case, as 
shown in Fig. 9.16. 





Flow lines 


ees Equipotential lines 





Fig. 9.16 Determination of pore water pressure from flow net 


The equipotential through the point is traced up to the top of the flow net, so that 
piezometric head A, is established. 
h 
Since u = y,h,,. 7, = ar (Eq. 9.21) 
The effect of the pore water pressure is to reduce the effective stress and thereby reduce 


the stability because the shear strength mobilised would be decreased. 
The factor of safety F may be written as: 
c’r8+tano’=(N -U) 
= .. (Eq. 9.22 
F ST (Eq. 9.22) 
Here c’ and 6’ are the shear parameters based on effective stress analysis, which may be 


got from drained tests in the laboratory. 





ŁU = Total force because of pore pressure on the surface. 


ŁU can be obtained by obtaining values of u at the points of inter-section of the slip 
surface with equipotentials as stated earlier by Eq. 9.21 and showing the respective values as 
ordinates normal to the slip surface and getting the area of this U-diagram, similar to the N- 
and T-curves. 

In the absence of a flow net, the approximate value of F may be given by: 


c’r8+ tan o’ XN’ 
= ... (Eq. 9.2 
F ST (Eq. 9.23) 
Here the normal components N’ of the weights of slices have to be obtained using effec- 


tive or buoyant unit weighty and the tangential components T using the saturated unit weight. 





A value of F ranging from 1.25 to 1.50 is considered to be satisfactory for an earth slope. 
For economic reasons, a value greater than 1.50 is not desired. Hence, F = 1.50 may be consid- 
ered to be necessary as well as sufficient. 


Rapid Drawdown 


For the upstream slope of an embankment or an earth dam, the case of rapid or sudden 
drawdown represents the critical condition since the seepage force in that condition adds to 
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the sliding moment while it reduces the shear resistance mobilised by decreasing the effective 
stress. The effect of rapid drawdown on slope stability depends very much on the opportunity 
for drainage at the base. If the base material is pervious the flow pattern tends to be down- 
wards, which is conducive to stability; otherwise, the seepage forces may create more unfa- 
vourable conditions with respect to stability. The pore water pressure along the slip surface 
can be determined from the flow net. Referring to Fig. 9.17, the pore water pressure u may be 
written as follows: 






+ 
,Equipotential 
wa— before 
f drawdown 





Fig. 9.17 Upstream slope subjected to rapid drawdown 


u =u, + Au 
U, =Y, (h, +h-h) ...(Eq. 9.24) 
Au=B. Ao, = B.C Yuhu)» B being defined as aL 
AO, 
Here B is commonly assumed as unity. 
Au =—,,h,, .. (Eq. 9.25) 
u =Y, h- h’) ... (Eq. 9.26) 


Banati 9.22 may now be used to determine the factor of safety, F. If a flow net is not 
available, the approximate value of F may be got from Eq. 9.23. 


Immediately after Construction 

When an earth dam or an embankment is constructed rather rapidly, excess pore pres- 
sures are likely to develop which affect the factor of safety. Assuming the initial pore pressure 
to be negligible, the pore pressure at any stage is the change in pore pressure, Au. 

But Au = B [Ao, + A (Ao, — Ao,)] 
from Skempton’s concept of the pore pressure parameters, 





oe B- B| 2 safı mal (Eq. 9.27) 
Ao, AO; AO 
r, = ulyz 
= Au/y z 
B.Ao, 
gs 


Ao, may be taken to be nearly equal to the weight of the material above the point, or yz. 


334 GEOTECHNICAL ENGINEERING 





r,=B ...(Eq. 9.28) 


The pore pressure coefficient B may be determined from a triaxial test in which the 
sample is subjected to increases in the principal stresses Ao, and Ao, of magnitudes expected 
in the field. The resulting pore pressure is measured and B is obtained. 


Once an idea of pore pressures is got, the factor of safety immediately after construction 
may be obtained in the usual manner. 


Effective Stress Analysis by Bishop’s Method 
Bishop (1955) gave an effective stress analysis of which he took into account, at least 
partially, the effect of the forces on the vertical sides of the slices in the Swedish method. 
Figure 9.18 illustrates a trial failure surface and all the forces on a vertical slice which 
tend to keep it in equilibrium. 


Let R, and R be the reactions on the vertical sides of the slice under consideration. 


n+1 
| l RSs 
C í ; 
l | Cèntre of Cl frag P = 6 
| | trial circle F F 
| l 
P’ 
Io 7 w 
| | 
h1! À 











Trial failure surface 
S (Circular arc) 





Fig. 9.18 Bishop’s procedure for effective stress analysis of slope stability 


Let the other forces on the slice be: 
W : weight of slice. 
P : Total normal force acting on the base of the slice. 
S : Shearing resistance acting at the base of slice. 
Also, let b : breadth of slice 
l, : length of slice along the curved surface at the base. 
z : height of the slice. 
x : horizontal distance of the centre of the slice from the centre of the trial slip circle. 
a : angle between P and the vertical. 
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The shear resistance (stress) mobilised is: 
c’+(o, —u)tan ¢’ 
F 
Total normal stress o, on the base of the slice = P/L; 





ees ale (PN) =e 


Shearing force acting on the base of the slice, S = tl, 
For equilibrium, 
Sliding moment = Restoring moment 

or LW. x = XS.r = Xt 


= - [c’l, + (P -ul,)tanġ’] 


r 


“Wx 
Let the normal effective force, P’ = (P — ul) 


Resolving the forces vertically, 
W=Pcosa+S sina ... (Eq. 9.30) 


(The vertical components of R, and R, , , are taken to be equal and hence to be nullify- 
ing each other, the error from this assumption being considered negligible). Here P = P’ + ul, 


S = 1/F (cl, + P tan 9’) 
Substituting these values of P and S in Eq. 9.30, we have: 





F= XIe’l, +(P-ul,)tanọ] ...(Eq. 9.29) 


(c'l, + P’ tan’) sin a 


W = (P' + ul,) cos a+ F 





=P (os a+ e sin a) +l {u cosa + (c’/F)sin a} 


W -l {u cosa + (c’/F) sin a} 











P= SETS ... (Eq. 9.31) 
cosa. + Se sina a 
Substituting this value of P’ for (P — ul.) in Eq. 9.29, we get 
Beas (w - ul, cosa - sin o.) tan o’ 
F= x — ...(Eq. 9.32 
EWx (cosa 4 tan ọ rae) ( q ) 
F 
Here x =r sin o 
b =l, cosa 
w e 
W yz 7% 
Substituting these into Eq. 9.32, 
F 1 elwa Wier ene) ES (Eq. 9.33) 


= Wsina (1+ wegen) 


F 
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Since this equation contains F on both sides, the solution should be one by trial and 
error. 

Bishop and Morgenstern (1960) evolved stability coefficients m and n, which depend 
upon c’/yH, 6’, and cot B. In terms of these coefficients, 

F=m-nr, ... (Eq. 9.34) 

m is the factor of safety with respect to total stresses and n is a coefficient representing the 
effect of the pore pressures on the factor of safety. Bishop and Morgenstern prepared charts of 
m and n for sets of c’/yH values and for different slope angles. 

If the effect of forces R, and R, , , is completely ignored, the only vertical force acting on 
the slice is W. 

Hence P = W cos a 





f= a Xe’l, + (W cosa — ul,)tan o’] 
= wu h =F (W cosa = ul,) tan o’] .. (Eq. 9.35) 


since r sin Q = x. 
If u is expressed in terms of pore pressure ratio r, 


U =r N 2 = My 





b 
But b=1. cosa 
rW rW 
u = ——— = .SeC a 
l cosa L 
F= aoe Xe’ l, + W(cosa — r, seca) tan o] ... (Eq. 9.36) 


This is nothing but the Eq. 9.22, obtained by the method of slices and adapted to the 
case of steady seepage, pore pressure effects being taken into account. This approximate ap- 
proach is the conventional one while Eq. 9.33 represents the vigorous approach. 


9.3.3 Friction Circle Method 
The friction circle method is based on the fact that the resultant reaction between the two 
portions of the soil mass into which the trial slip circle divides the slope will be tangential to a 
concentric smaller circle of radius r sin ọ, since the obliquity of the resultant at failure is the 
angle of internal friction, p. (This, of course, implies the assumption that friction is mobilised 
in full). This can be understood from Fig. 9.19. 

This smaller circle is called the ‘friction circle’ or ‘d-circle’. 

The forces acting on the sliding wedge are: 

(i) weight W of the wedge of soil 
(ii) reaction R due to frictional resistance, and 
(iii) cohesive force C „ mobilised along the slip surface. These are shown in Fig. 9.20. 
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Fig. 9.19 Concept of friction circle Fig. 9.20 Forces on the sliding wedge 


The total reaction R, strictly speaking, will not be exactly tangential to the friction 
circle, but will pass at a slightly greater radial distance than r sin from the centre of the 
circular arc. Thus, it can be considered as being tangential to modified friction circle of radius 
kr sin ọ where k is a constant greater than unity, the value of which is supposed to depend 
upon the central angle 0 and the nature of the distribution of the intergranular pressure along 
the sliding surface. The concept will be clear if the reactions from small finite lengths of the arc 
are considered as shown in Fig. 9.21, the total value of R being obtained as the vector sum of 
such small values. 


kr sin ọ 





Modified 
friction circle 


Fig. 9.21 Resultant frictional force-tangential to modified friction circle 
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The value of k may be obtained from Fig. 9.22. 


120 
1.16 
1.12 


1.08 


Coefficient k 


1.04 

















0 20 40 60 80 100 120 
Central angle 6° 


[Note: (1) The relationship I is valid for sinusoidal variation of intergranular pressure with 
zero values at the ends of the arc, which is considered nearer the actual distribution. 
(2) The relationship II is valid for uniform pressure distribution.] 


Fig. 9.22 Central angle versus coefficient k for the modified friction circle 


Similarly the resultant mobilised cohesive force C,, can be located by equating its mo- 
ments and the cohesive forces from elementary or finite lengths, into which the whole arc may 
be divided, about the centre. If c,, is the mobilised unit cohesion, the total mobilised cohesive 
force all along the arc is cl; but the resultant total cohesive force C,, can be shown to be c „le 
only where /, is the chord length since the resultant of an infinite number of small vectors 
along the arc is the vector along the chord. Putting it in another way, the components parallel 
to the chord add up to one another while those perpendicular to the chord cancel out on the 
whole. 


Thus, if a is the lever arm of the total cohesive force mobilised, C „, from the centre of 
the circle, 


Cna L.a=c,.Lr 


= Cn 
L 
g= A . (Eq. 9.37) 
It may be noted that the line of action of C,,, does not depend upon the value of C,- 


Fig. 9.23 illustrates these points clearly in addition to showing all the forces and the 
corresponding triangle of forces. 

The lines of action of W and C,, are located first. A tangent is drawn to the modified 
friction circle from the point of intersection of W and C,,, to give the direction of R. Now the 
triangle of forces may be completed as shown in Fig. 9.23 (6) drawing W to a suitable scale. 

The factor of safety with respect to cohesion, assuming that friction is mobilised in full, 
is given by: 


F, = chen ...(Eq. 9.38) 
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(a) Resultant cohesive force and other forces (b) Triangle of forces 


Fig. 9.23 Location of the resultant cohesive force and triangle of forces 
The factor of safety with respect to friction, assuming that cohesion is mobilised in full, 
is given by: 
tan @’ 
%7 tanp, 
where 6’ and ọ„ are the effective friction angle and mobilised friction angle. If the factor of 


safety with respect to the total shear strength F, is required, ,, is to be chosen such that F, 
and F, are equal. This is common-sense and may also be established mathematically: 





.. (Eq. 9.39) 


F = s/t ... (Eq. 9.40) 
where s =c’ + © tan ’ (shear strength) ... (Eq. 9.41) 
andt=c,, + © tan @,, (shear strength mobilised) ... (Eq. 9.42) 


If there were to be neutral pressure due to submergence, it will add to the actuating 
force as shown in Fig. 9.24. 


B Ww 


Fig. 9.24 Effect of neutral pressure on the stability of a slope 
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The line of action of U will pass through the centre of the circle. 
The resultant of W and U is the actuating force B. 
The triangle of forces will consist of the forces B, C,, and R. 


9.3.4 Taylor’s Method 


For slopes made from two different soils the ratio c,,/yH has been shown to be the same for 
each slope provided that the two soils have the same angle of friction. This ratio is known as 
the ‘stability number’ and is designated by the symbol, N. 

Be N =c H ...(Eq. 9.43) 
where N = stability number (same as S, of Eq. 9.15) 

c,, = Unit cohesion mobilised (with respect to total stress) 

y = Unit weight of soil 
and H = Vertical height of the slope (Similar to z of Eq. 9.15). 

Taylor (1948) prepared two charts relating the stability number to the angle of slope, 
based on the friction circle method and an analytical approach. The first is for the general case 
of ac —ọ soil with the angle of slope less than 53°, as shown in Fig. 9.25. The second is for a soil 
with o = 0 and a layer of rock or stiff material at a depth DH below the top of the embankment, 
as shown in Fig. 9.26. Here, D is known as the depth factor; depending upon its value, the slip 
circle will pass through the toe or will emerge at a distance nH in front of the toe (the value of 
n may be obtained from the curves). Theoretically, the critical arc in such cases extends to an 
infinite depth (slope angle being less than 53°), however, it is limited to the hard stratum. For 
= 0 and a slope angle greater than 53°, the first chart is to be used. 
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Fig. 9.25 Taylor’s charts for slope stability (After Taylor, 1948) 
(for @ = 0° and B < 53°, use Fig. 9.26) 
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Fig. 9.26 Taylor’s chart for slopes with depth limitation 
(After Taylor, 1948) (for B > 53°, use Fig. 9.25) 


(Note: For = 0° and B = 90°, N = 0.26. So the maximum unsupported height of a vertical-cut in 
pure clay is c/yN or 4c/y nearly). 

The use of the charts is almost self-explanatory. For example, the first chart may be 
used in one of the two following ways, depending upon the nature of the problem on hand: 

1. If the slope angle and mobilised friction angle are known, the stability number can be 
obtained. Knowing unit weight and vertical height of the slope, the mobilised cohesion can be 
got. 

The factor of safety may be evaluated as the ratio of the effective cohesional strength to 
the mobilised unit cohesion. 

2. Knowing the height of the slope, unit weight of the earth material constituting the 
slope and the desired factor of safety, the stability number can be evaluated. The slope angle 
can be found from the chart against the permissible angle of internal friction. 

If the slope is submerged, the effective unit weight y’ instead of y is to be used. 

For the case of sudden drawdown, the saturated unit weight y,,, is to be used for y; in 
addition, a reduced value of 9, ,,, should be used, where: 

Da = Y Mat) X Ò ...(Eq. 9.44) 

Taylor’s charts are based on the assumption of full mobilisation of friction, that is, these 
give the factor of safety with respect to cohesion. 

This is all right for a purely cohesive soil; but, in the case of ac — ọ soil, where the factor 
of safety F, with respect to shearing strength is desired, ọ„ should be used for 9: 

tan b„ = tan o/F, ... (Eq. 9.45) 
(Also 6,, = O/F.) 

The charts are not applicable for a purely frictional soil (c = 0). The stability then de- 

pends only upon the slope angle, irrespective of the height of the slope. 
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9.4 ILLUSTRATIVE EXAMPLES 


Example 9.1: Fig. 9. 27 shows the details of an em- 
bankment made of cohesive soil with ọ = 0 and c = 30 
kN/m?. The unit weight of the soil is 18.9 kN/m. De- 
termine the factor of safety against sliding along the 
trial circle shown. The weight of the sliding mass is 
360 KN acting at an eccentricity of 5.0 m from the 
centre of rotation. Assume that no tension crack de- 
velops. The central angle is 70°. 

Sliding moment = 360 x 5 = 1800 kNm 

Restoring moment 








2. 70 
=c¢. r29 = 30x9 Seo T 
= 2970 kNm 
Factor of safety against sliding, 
F = 2970/1800 = 1.65. 
Example 9.2: A cutting is made 10 m deep with sides sloping at 8 : 5 in a clay soil having a 
mean undrained strength of 50 kN/m? and a mean bulk density of 19 kN/m®. Determine the 
factor of safety under immediate (undrained) conditions given the following details of the im- 
pending failure circular surface: The centre of rotation lies vertically above the middle of the 
slope. Radius of failure arc = 16.5 m. The deepest portion of the failure surface is 2.5 m below 
the bottom surface of the cut (i.e., the centre of rotation is 4 m above the top surface of the cut). 
Allowance is to be made for tension cracks developing to a depth of 3.5 m from surface. Assume 
that there is no external pressure on the face of the slope. 


(S.V.U.—B.E., (R.R.)—Sep., 1978) 


Fig. 9.27 Trial slip circle (Ex. 9.1) 


The data are shown in Fig. 9.28. 








Fig. 9.28 Trial failure surface (Ex. 9.2) 


Mean undrained strength = 50 kN/m?, ~. c = 50 kN/m? 
Factor of safety F, = cr?6’/W. e 
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= 50 x 16.52 x (93/180) x m x 1(3040 x 5) 
= 1.45. 


(Note: Here, W and e are obtained by dividing the sliding mass into six slices as shown in Fig. 
9.28 and by taking moments of the weights of these about the centre of rotation). 


Example 9.3: An embankment 10 m high is inclined at an angle of 36° to the horizontal. A 
stability analysis by the method of slices gives the following forces per running meter: 
È Shearing forces = 450 kN 
x Normal forces = 900 kN 
x Neutral forces = 216 kN 
The length of the failure arc is 27 m. Laboratory tests on the soil indicate the effective 
values c’ and ¢’ as 20 kN/m? and 18° respectively. 


Determine the factor of safety of the slope with respect to (a) shearing strength and (b) 
cohesion. 


(a) Factor of safety with respect to shearing strength 
c’r8+{=I(N -U) tan o’ 














s ET 
_ 20 x 27 + (900 — 216) tan 18° -1.70 
450 
(b) Factor of safety with respect to cohesion 
c’r8 
co ST 
20 x 27 
ae le 1.20. 


Example 9.4: An embankment is inclined at an angle of 35° and its height is 15 m. The angle 
of shearing resistance is 15° and the cohesion intercept is 200 kN/m?2. The unit weight of soil is 
18.0 kN/m?. If Taylor’s stability number is 0.06, find the factor of safety with respect to cohe- 


sion. (S.V.U.—B.Tech. (Part-time)—Apr., 1982) 
B = 35° 
H=15m 
o = 15° 
c = 200 kN/m? 
y = 18.0 kN/m? 
Taylor’s stability Number N = 0.06 
. Cm 
Since N= vi 
Cm 
ue = Teac 


Mobilised cohesion, 
Cn = 0.06 x 18 x 15 kN/m? 
= 16.2 kN/m? 
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Cohesive strength c = 200 kN/m? 
Factor of safety with respect to cohesion: 


€ Cm 16.2 
Example 9.5: An embankment has a slope of 30° to the horizontal. The properties of the soil 
are: c = 30 kN/m?, ọ = 20°, y= 18 kN/m. The height of the embankment is 27 m. Using Taylor’s 
charts, determine the factor of safety of the slope. 
From Taylor’s charts, it will be seen that a slope with 9 = 20° and B = 30° has a stability 
number 0.025. That is to say, if the factor of safety with respect to friction were to be unity 
(implying full mobilisation of friction), the mobilised cohesion required will be found from 





c,, = 18 x 27 x 0.025 = 12.15 kN/m? 
Factor of safety with respect to cohesion 
F, = c/c „ = 30/12.15 = 2.47 
But the factor of safety F, against shearing strength is more appropriate: 
ct+otand 


T 
F may be found be successive approximations as follows: 


Let us try F = 1.5 
tan o 
F 
With this value of ọ, the new value N from charts is found to be 0.055. 


c = 0.055 x 18 x 27 = 26.73 
F with respect to c = 30/26.73 = 1.12 
Try F= 1.3 


F, = 





= 0.364/1.5 = 0.24267 = tangent of angle 13 Z 


tan 0 
F 
From the charts, new value of N = 0.045 
c = 0.045 x 18 x 27 = 21.87 
F = 30/21.87 = 1.37 





= 0.364/1.3 = 0.280 = Tangent of 15 Z 


Let us try F = 1.35 


t 
a = 0.364/1.35 = 0.27 = tangent of angle 15°.1 


From the charts, the new value of N = 0.046 
c = 0.046 x 18 x 27 = 22.356 
F, = 30/22.356 = 1.342 (= F} 
This is not very different from the assumed value. 
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.. The factor of safety for the slope = 1.35. 
Example 9.6: A cutting is to be made in clay for which the cohesion is 35 kN/m? and = 0°. The 


density of the soil is 20 kN/m. Find the maximum depth for a cutting of side slope 1 4 to Lif 


the factor of safety is to be 1.5. Take the stability number for a 1 4 to 1 slope and ọ = 0° as 0.17. 
(S.V.U.—B.E., (N.R.)—Apr., 1966) 





c = 35 kN/m? o=0° 
y = 20 kN/m? N=0.17 
F, =15 
70 
Cn = C/F_ = 35/1.5 = = kN/m? 
But Na 
u =H 
Cm X100 70x100 
0.17 = = 
20xH 3x20xH 
70 x 100 
= ———_—_cm 
60 x 0.17 
= 6.86 m. 


Example 9.7: At cut 9 m deep is to be made in a clay with a unit weight of 18 kN/m? and a 
cohesion of 27 kN/m?. A hard stratum exists at a depth of 18 m below the ground surface. 
Determine from Taylor’s charts if a 30° slope is safe. If a factor of safety of 1.50 is desired, what 
is a safe angle of slope ? 


Depth factor D = 18/9 = 2 
From Taylor’s charts, 
for D = 2; B = 30° 
N = 0.172 
Cm 
0.172 = ied 
c,, = 0.172 x 18 x 9 = 27.86 kN/m? 
c = 27 kN/m? 
F = c/c „ = 27/27.86 = 0.97 
The proposed slope is therefore not safe. 
For F, = 1.50 
Cn = cC/F, = 27/1.5 = 18 kN/m? 
N= 18/18 x 9 = 1/9 =0.11 
For D = 2.0, and N= 0.11 
from Taylor’s charts, 
we have f = 8° 
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z. Safe angle of slope is 8°. 
Example 9.8: A canal is to be excavated through a soil with c = 15 kN/m?, = 20°, e = 0.9 and 
G = 2.67. The side slope is 1 in 1. The depth of the canal is 6 m. Determine the factor of safety 
with respect to cohesion when the canal runs full. What will be the factor of safety if the canal 
is rapidly emptied ? 


Yea = s = 2? = (26x0) x 9.81 kN/m? 


l+e 1+0.90 
3.57 
= — x981 3 = 3 
190 kN/m? = 18.43 kN/m 
Y’ = Yeat — Yy = 8-62 KN/m? 
B = 45°, 0 = 20°. 


(a) Submerged condition: 


From Taylor’s charts, for these values of B and 9, the stability number N is found to be 
0.06. 


a 
y.H 862x6 
Cn = 8.62 x 6 x 0.06 kN/m? = 3.10 kN/m?. 
Factor of safety with respect to cohesion, F, = c/c „ = 15/3.10 = 4.48. 
(b) Rapid drawdown condition: 
Da = (Y Ma) X 0 = (8.62/18.43) x 20° = 9.35° 
For B = 45° and = 9.35°, Taylor’s stability number from charts is found to be 0.114. 








0.06 = 


Cm — Cm 
Ysa 1843x6 


c,, = 0.114 x 18.43 x 6 kN/m? = 12.60 kN/m? 


0.114 = 





Factor of safety with respect to cohesion F, = c/c = > ~ L 


(Note: The critical nature of a rapid drawdown should now be apparent). 
Example 9.9: The cross-section of an earth dam on an impermeable base is shown in Fig. 9.29. 
The stability of the downstream slope is to be investigated using the slip circle shown. Given: 
Yat = 19.5 kN/m3 
c’ = 9 kN/m? 
Q = 27° 
r=9m. 
0 = 88° 
For this circle determine the factor of safety by the conventional approach, as well as 
the rigorous one. 
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The following r, values obtained from a flow net and weights of slices are given: 


























Slice No. 2 4 5 
Ta 0.360 0.420 0.375 0.300 0.075 
W (kN) 42 114 150 162 75 

















Fig. 9.29 Stability analysis by the conventional approach (Ex. 9.9) 


Conventional approach: 
The calculations are best set out in a tabular form as shown below for the conventional 


















































approach: 
Table 9.2 Stability of downstream slope of an earth 
dam-conventional approach 
Slice | z(m) | b(m) | W (kN) a° | cosa seca | cosa | W(cos o- | sina | Wsin a 
No. r,sec œ | r,sec a) 
tan o 
1 1.0 2.2 42 —10 | 0.985 1.015 0.620 13.27 —0.174 —7.31 
2 2.6 2.2 114 5 | 0.996 1.004 0.574 33.34 0.087 9.92 
3 3.6 2.2 150 20 | 0.940 1.063 0.541 41.35 0.342 51.30 
4 3.9 2.2 162 35 | 0.819 1.208 0.457 37.12 0.574 92.99 
5 2.2 2.2 75 56 | 0.559 1.788 0.425 16.24 0.829 62.18 
È = 141.92 x = 209.08 
0 = 88° ~. c'r = 9 x 9 x 887/180 = 124.41 kN 
(124.41 + 141.92) 
Factor of safety F = = 1.274 





209.08 
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(b) Rigorous approach: 
The calculations for the rigorous approach are set out in the tabular form (Table 9.3). 
294.45 

209.08 

Columns (2) and (3) are recalculated with an F value of 1.4. 

290.55 
209.08 





F with the first approximation = = 1.41 





F with the second approximation = = 1.39, 


which is very near the assumed value of F, i.e. 1.4 


Thus, the factor of safety may be taken as 1.4 by the rigorous approach. 


SUMMARY OF MAIN POINTS 


1. 


Earth slopes may be classified as infinite slopes and finite slopes; practically speaking, a slope 
with a large height is treated as an infinite one. 


The critical angle of slope of an infinite earth slope in cohesionless soil is equal to the angle of 
internal friction. 

For an infinite slope in cohesive soil, the critical depth, z,, is related to the angle of slope, B; the 
stability number, S,,, defined as (c/y.z,) equals sin B cos B. 


For an infinite slope in a cohesive frictional soil, the stability number, S„, equals cos? B (tan B — 
tan ©). In both these cases, the factor of safety is z,/z, where z is the actual height. 


For steady seepage and rapid drawdown conditions, both total stress analysis and effective stress 
analysis may be performed. Bishop’s approach is considered more rational for the latter. 
The factor of safety, F, as per the total stress analysis for a purely cohesive soil is given by 
2 
cr 
F = —_ with respect to a trial slip circle of radius r with a central angle 0. The least of such 


W.e 


values is the factor of safety for the slope. The effect of a tension crack is to reduce the value of F. 
The factor of safety, as per the Swedish method of slices for a cohesive-frictional soil, is given by 


crð + XN tano 
IT l 
Fellenius’ procedure is useful for the location of the most critical circle. The type of failure sur- 


face is partly dependent upon ọ-value. If there exists a hard stratum at or near the base of the 
slope, the slip circle is taken to be tangential to it. 


F= 


The friction circle method is based upon the premise that the resultant reaction along a slip 
surface is tangential to a circle of radius r sin ọ, where r is the radius of the slip circle. 


The factors of safety with respect to cohesion and with respect to friction are F, = c/c,, and 


_ tang’ 

°? tand,, 

Taylor’s stability number N is defined as c,,/yH; the procedure is based on the friction circle 

method and is an analytical approach. The results are embodied in Taylor’s design charts which 

may be used for determining the factor of safety of a slope or for designing the height for a 
desired safety factor. 





, respectively, where c,, and ọ,„ are mobilised values. 
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QUESTIONS AND PROBLEMS 


9.1 Explain the method of slices for stability analysis of slopes. How can steady seepage be ac- 
counted for in this method ? (S.V.U.—Four-year B.Tech. April, 1983 B.E., (R.R.)—Feb., 1976) 
9.2 Write the expressions for the factor of safety using the method of slices when the slope of a 
homogeneous earth dam is dry and when fully submerged. Assume the soil to possess both cohe- 
sion and friction. (S.V.U.—B.Tech. (Part-time)—May, 1983) 
9.3 Write brief critical notes on “Taylor’s Stability Number’. 
(S.V.U.—B.Tech. (Part-time)—Sep., 1982, April, ’82, 
June, ‘81; Four-year B.Tech—June, 1982) 
9.4 Write critical notes on the friction circle method of analysing the stability of slopes. 
(S.V.U.—B.Tech. (Part-time)—April, 1982, B.E.,(R.R.)—Sept., 
1978, Nov., 1972, Dec., “71, Dec., ‘70, May, 1970) 
9.5 Give the step by step procedure for analysing the stability of the upstream slope of an earth dam 
by the Swedish method of slices. Bring out the effect of sudden drawdown on the stability of the 
slope. (S.V.U.—Four-year B.Tech.—June, 1982) 
9.6 (a) Describe a suitable method of stability analysis of slopes in (i) purely saturated cohesive soil, 
(ii) cohesionless sand. 
(b) Under what conditions (i) a base failure and (ii) a toe failure are expected ? Explain. 
(c) Critically discuss the basic assumptions made in the stability analysis of slopes. 
(S.V.U.—B.Tech. (Part-time)—June, 1981) 
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9.7 


9.8 


9.9 


9.10 


9.11 


9.12 


A 40-degree clay slope has a height of 5 m. Assuming a toe circle failure starting 1 m from the 
edge of the slope (at the top), calculate the shear strength required for the soil for a factor of 
safety of 1.5. 
(Hind: Assume y = 19.6 kN/m®. Also since the existence of the hard layer is not mentioned, take 
Taylor’s N as 0.1817] (S.V.U.—B.E., (R.R.)—Nov., 1969) 
The unit weight of a soil of a 30° slope is 17.5 kKN/m®. The shear parameters c and ọ for the soil 
are 10 kN/m? and 20° respectively. Given that the height of the slope is 12 m and the stability 
number obtained from the charts for the given slope and angle of internal friction is 0.025, 
compute the factor of safety. (S.V.U.—B.Tech. (Part-time)—May, 1983) 
What is the maximum depth to which a trench of vertical sides can be excavated in a clay stra- 
tum with c = 50 kN/m? and y= 16 kN/m? ? Assume the clay to be saturated. 

(S.V.U.—B.E., (N.R.)}—Sep., 1967) 
A cutting is to be made in a soil with a slope of 30° to the horizontal and a depth of 15 m. The 
properties of the soil are: c = 25 kN/m?, = 15°, and y = 19.1° kN/m. Determine the factor of 
safety of the slope against slip, assuming friction and cohesion to be mobilised to the same 
proportion of their ultimate values. 
An earth dam of height 20 m is constructed of soil of which the properties are: y = 20 kN/m?, 
c =45 kN/m?, and 6 = 20°. The side slopes are inclined at 30° to the horizontal. Find the factor of 
safety immediately after drawdown. 
A cutting of depth 10.5 m is to be made in a soil for which the density is 18 kN/m? and cohesion 
is 39 kN/m?. There is a hard stratum under the clay at 12.5 m below the original ground surface. 
Assuming ọ = 0° and allowing for a factor of safety of 1.5, find the slope of the cutting. 


Chapter l O 


STRESS DISTRIBUTION IN SOIL 


10.1 INTRODUCTION 


Stress in soil in caused by the first or both of the following: 

(a) Self-Weight of soil. 

(b) Structural loads, applied at or below the surface. 

Many problems in foundation engineering require a study of the transmission and dis- 
tribution of stresses in large and extensive masses of soil. Some examples are wheel loads 
transmitted through embankments to culverts, foundation pressures transmitted to soil strata 
below footings, pressures from isolated footings transmitted to retaining walls, and wheel 
loads transmitted through stabilised soil pavements to sub-grades below. In such cases, the 
stresses are transmitted in all downward and lateral directions. 


Estimation of vertical stresses at any point in a soil mass due to external loading is 
essential to the prediction of settlements of buildings, bridges and embankments. The theory 
of elasticity, which gives primarily the interrelationships of stresses and strains (Timoshenko 
and Goodier, 1951), has been the basis for the determination of stresses in a soil mass. Accord- 
ing to the elastic theory, constant ratios exist between stresses and strains. For the theory to 
be applicable, the real requirement is not that the material necessarily be elastic but that 
there must be constant ratios between stresses and the corresponding strains. 

It is known that, only at relatively small magnitudes of stresses, the proportionality 
between strains and stresses exists in the case of soil. Fortunately, the order of magnitudes of 
stresses transmitted into soil from structural loadings is also small and hence the application 
of the elastic theory for determination of stress distribution in soil gives reasonably valid re- 
sults. 

The most widely used theories regarding distribution of stress in soil are those of 
Boussinesq and Westergaard. They have developed first for point loads and later, the values 
for point load have been integrated to give stresses below uniform strip loads, uniformly loaded 
circular and rectangular areas. 

The vertical stress in soil owing to its self-weight, also called ‘geostatic stress’ (already 
dealt with in Chapter 5), is given by: 

O,= 7.2 ... (Eq. 10.1) 
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where o, = vertical stress in soil at depth z below the surface due to its self-weight, 
and y = unit weight of soil. 

If there are imposed structural loadings also on the soil, the resultant stress may be 
obtained by adding algebraically the stress due to self-weight and stress transmitted due to 
structural loadings. 


10.2 POINT LOAD 


Although a point load or a concentrated load is, strictly speaking, hypothetical in nature, con- 
sideration of it serves a useful purpose in arriving at the solutions for more complex loadings 
in practice. 

The most fundamental of the solutions of stress distribution in soil is that for a point 
load applied at the surface. Boussinesq and Wastergaard have given the solution with differ- 
ent assumptions regarding the soil medium. These solutions which form the basis for further 
work in this regard and other pertinent topics will be dealt with in the following sub-sections. 


10.2.1 Boussinesq’s Solution 
Boussinesq (1885) has given the solution for the stresses caused by the application of a point 
load at the surface of a homogeneous, elastic, isotropic and semi-infinite medium, with the aid 
of the mathematical theory of elasticity. (A semi-infinite medium is one bounded by a horizon- 
tal boundary plane, which is the ground surface for soil medium). 

The following is an exhaustive list of assumptions made by Boussinesq in the derivation 
of his theory: 

(i) The soil medium is an elastic, homogeneous, isotropic, and semi-infinite medium, 
which extends infinitely in all directions from a level surface. (Homogeneity indicates identi- 
cal properties at all points in identical directions, while isotropy indicates identical elastic 
properties in all directions at a point). 

(ii) The medium obeys Hooke’s law. 
(iii) The self-weight of the soil is ignored. 
(iv) The soil is initially unstressed. 
(v) The change in volume of the soil upon application of the loads on to it is neglected. 
(vi) The top surface of the medium is free of shear stress and is subjected to only the 
point load at a specified location. 
(vii) Continuity of stress is considered to exist in the medium. 
(viii) The stresses are distributed symmetrically with respect to Z-axis. 
The notation with regard to the stress components and the co-ordinate system is as 
shown in Fig. 10.1. 
In Fig. 10.1 (a), the origin of co-ordinates is taken as the point of application of the load 
Q and the location of any point A in the soil mass is specified by the co-ordinates x, y, and z. The 
stresses acting at point A on planes normal to the co-ordinate axes are shown in Fig. 10.1 (b). 
o’s are the normal stresses on the planes normal to the co-ordinate axes; ts are the shearing 
stresses. The first subscript of t denotes the axis normal to which the plane containing the 
shear stress is, and the second subscript indicates direction of the axis parallel to which the 
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shear stress acts. In Fig. 10.1 (c), the cylindrical co-ordinates and the corresponding normal 
stresses—radial stress o,, tangential stress o,, and the shear stress t,,—are shown; ©, is an- 
other principal stress in the cylindrical co-ordinates; the polar radial stress 6, is also shown. 





Fig. 10.1 Notation for Boussinesq’s analysis 


The Boussinesq equations are as follows: 


3R O z o 
Qn (r? +z) 


5/2 
—3qf 1 
— 2m2? | 


Q 3x72 a = y? yz 
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B 3Q cos® 
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a Q | 3zr? (1-2v) 
r n| R R(R+z) 


... (Eq. 10.2 (a)) 


...(Eiq. 10.2 (6)) 


... (Eq. 10.2 (c)) 


...(iq. 10.2 (d)) 


... (Eq. 10.3) 


(Eq. 10.4) 


..(Eq. 10.5) 


...(iq. 10.6 (a)) 
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Q 3zr? (1- 2v) 
= ...(Eq. 10.6 (b 
aE tz 2 oe = | (Eq (b)) 
Q x 2 3 (1-20) cos? 0 
= ae ee ...(Eq. 10. 
m [s sin“ 8 cos’ 0 Ti+ cosð) (Eq. 10.6 (c)) 
-_ Q 7 3p _ cos? 0 Eo. 10.7 
, one (1 20 cos 8 o ...Eq. 10.7 (a)) 
-Q z 1 
= (1-29) ...(Eq. 10.7 (b)) 
27 r +2?) pya +r? +z?’ | 
3R rz? 
ae n (Eq. 10.8 (a)) 
wj a (Eq. 10.8 ©b)) 
~ 2mz?|1+(r/z)? Gaai 
= (3Q/2nz?). (sin 0 cos‘ 0) ...(Eq. 10.8 (c)) 


Here v is ‘Poisson’s ratio’ of the soil medium. 

A geotechnical engineer must understand the assumptions on which these formulae are 
based, in order to be able to identify those problems to which they are directly applicable and 
those in which some modifications are necessary. There is usually no need for one to under- 
stand the advanced mathematical procedures by which the solution was obtained. For proofs, 
the reader is referred to Timoshenko and Goodier (1951) and Jumikis (1962). 

Some modern methods of settlement analysis, such as those proposed by Lambe (1964, 
1967), necessitate determining the increments of both major and minor principal stresses; 
however, in most foundation problems it is only necessary to be acquainted with the increase 
in vertical stresses (for settlement analysis) and the increase in shear stresses (for shear strength 
analysis). 

Equation 10.2 (d) may be rewritten in the form: 


o = eae (Eq. 10.9) 
zZ 


where Kp, Boussinesq’s influence factor, is given by: 
_ (3/27) 
B it+(r/z)}]? 


The influence factor is a function of r/z as shown in Fig. 10.2. 


...(Eq. 10.10) 


Gilboy (1933) has prepared a table of Boussinesq’s influence coefficients for a large range 
of values of r/z. (K, is as low as 0.0001 for r/z value 6.15). It is interesting to note that the 
influence factors for shearing stress, t,,, can be found by multiplying the K,-values for o, by 
the r/z-ratio. The intensity of vertical stress, directly below the point load, on its axis of load- 
ing, is given by: 

0.4775 Q 


a a (Eq. 10.11) 
zZ 
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Influence coefficient, K ——> 





























r/z —> 


Fig. 10.2 Influence coefficients for vertical stress due to 
concentrated load (After Boussinesq, 1885) 


Poisson’s ratio v, for the soil enters the equations for o,, O, Op» and o,. For elastic mate- 
rials v ranges from 0 to 0.5. (For cork, v is nearly zero and for clay soil it is nearly the maxi- 
mum of 0.5). For a material for which v approaches 0.5, the volume change is negligible on 
loading; then it is said to be practically incompressible. Poisson’s ratio for a soil is a highly 
tenuous property and one which is very difficult to determine. However, it has been found that 
it is closer to the upper limit of 0.5 than it is zero. 

If the value of 0.5 is taken for v for soil, the equations for o,, 0,, 5, and o, get simplified 
as follows: 


3Q xz 
oi a. R? ...(Eq. 10.12 (a)) 
3Q yz 
o= 5. a ..(Eq. 10.12 (6)) 
= 3@ re Eq. 10.12 
0,= 2n ; R? wak q. . (c)) 
6, =0 ...(Eq. 10.12 (d)) 


10.2.2 Pressure Distribution 


It is possible to calculate the following pressure distributions by Eq. 10.2 (d) of Boussinesq and 
present them graphically: 

(i) Vertical stress distribution on a horizontal plane, at a depth z below the ground 
surface. 

(ii) Vertical stress distribution along a vertical line, at a distance r from the line of 
action of the single concentrated load. 
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Vertical Stress Distribution on a Horizontal Plane 
The vertical stress on a horizontal plane at depth z is given by: 


o,=K as z being a specified depth. 


For several assumed values ofr, r/z is calculated and K} is found for each, the value of ©, 
is then computed. For r = 0, 6, is the maximum of 0.4775 Q/z?; for r = 2z, it is only about 1.8% 
of the maximum, and for r = 3z, it is just 0.3% of the maximum. The distribution is as shown in 
Fig. 10.3 and Table 10.1. 











0.4775 Q 


hs 


r+— A —>r 








Fig. 10.3 Vertical stress distribution on a horizontal plane at depth z (Boussinesq’s) 


Theoretically, the stress approaches zero at infinity, although practically speaking, it 
reaches a negligible value at a short finite distance. The maximum pressure ordinate is rela- 
tively high at shallow elevations and it decreases with increasing depth. In other words, the 
bell-shaped figure flattens out with increasing depth. 

If Q is taken as unity, this diagram becomes what is known as the ‘Influence Diagram’ 
for the vertical stress at A. With the aid of such a diagram, it is possible to determine the 
vertical stress at point A due to the combined effect of a number of concentrated loads at 
different radial distances from A, which will be the summation of the products of each of the 
loads and the ordinates of this diagram under each load. 


Table 10.1 Variation of vertical stress with radial 
distance at a specified depth (z = 1 unit, say) 























r riz Kp Oo, 

0 0 0.4775 0.4775 Q 
0.25 0.25 0.4103 0.4103 Q 
0.50 0.50 0.2733 0.2733 Q 
0.75 0.75 0.1565 0.1565 Q 
1.00 1.00 0.0844 0.0844 Q 
1.25 1.25 0.0454 0.0454 Q 
1.50 1.50 0.0251 0.0251 Q 
1.75 1.75 0.0144 0.0144 Q 
2.00 2.00 0.0085 0.0085 Q 
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Vertical Stress Distribution Along a Vertical Line 


The variation of vertical stress with depth at a constant radial distance from the axis of 
the load may be shown by horizontal ordinates as in Fig. 10.4. 








Fig. 10.4 Vertical stress distribution along a vertical line at radial distance r 


As z increases, r/z decreases for a constant value of r. As r/z decreases K,-value in the 
equation for o, increases, but since z? is involved in the denominator of the expression for o,, 
its value first increases with depth, attains a maximum value, and then decreases with further 
increase in depth. It can be shown that the maximum value of, occurs when the angle 0 made 
by the polar ray attains a value 39°13’53.5”, corresponding to a value of |/9/3 or 0.817 for r/z; 
the maximum value o, is then 0.0888 Q. This value decreases rapidly with depth; for r/z = 0.1, 
the value is just 0.0047 Q. 

The values are tabulated for convenience as shown below: 


Table 10.2 Variation of vertical stress with depth at 
constant value of r (Say r = 1 unit) 


























Depth z (Units) riz Kg Kole" 5, 
0 oo -—- -—- Indeterminate 
0.5 2.0 0.0085 0.0340 0.0340 Q 
1 1.0 0.0844 0.0844 0.0844 Q 
0.5 0.2733 0.0683 0.0683 Q 
0.2 0.4329 0.0173 0.0173 Q 
10 0.1 0.4657 0.0047 0.0047 Q 
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10.2.3 Stress Isobar or Pressure Bulb Concept 


An ‘isobar’ is a stress contour or a line which connects all points below the ground surface at 
which the vertical pressure is the same. In fact, an isobar is a spatial curved surface and 
resembles a bulb in shape; this is because the vertical pressure at all points in a horizontal 
plane at equal radial distances from the load is the same. Thus, the stress isobar is also called 
the ‘bulb of pressure’ or simply the ‘pressure bulb’. The vertical pressure at each point on the 
pressure bulb is the same. 

Pressure at points inside the bulb are greater than that at a point on the surface of the 
bulb; and pressures at points outside the bulb are smaller than that value. Any number of 
pressure bulbs may be drawn for any applied load, since each one corresponds to an arbitrarily 
chosen value of stress. A system of isobars indicates the decrease in stress intensity from the 
inner to the outer ones and reminds one of an ‘Onion bulb’. Hence the term ‘pressure bulb’. An 
isobar diagram, consisting of a system of isobars appears somewhat as shown in Fig. 10.5: 


Q 


ZRN WX. IBLE 
lsobars 


Te 





Fig. 10.5 Isobar diagram (A system of pressure bulbs for 
a point load—Boussinesq’s) 


The procedure for plotting an isobar is as follows: 

Let it be required to plot an isobar for which o, = 0.1 Q per unit area (10% isobar): 

Form Eq. 10.9, 

2 2 
K, £ O,.2 0 0.1Q.z = 0122 
Q Q 

Assuming various values for z, the corresponding Kp-values are computed; for these 
values of K}, the corresponding r/z-values are obtained; and, for the assumed values of z, r- 
values are got. 





It is obvious that, for the same value ofr on any side of the z-axis, or line of action of the 
point load, the value of o, is the same; hence the isobar is symmetrical with respect to this axis. 


When r = 0, K, = 0.4775; the isobar crosses the line of action of the load at a depth of: 


z= j/K,/01= — = 44.775 = 2.185 units. 
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The calculations are best performed in the form of a table as given below: 


Table 10.3 Data for isobar of o, = 0.1 Q per unit area 




















Depth z (units) Influence r/z r (units) Oo, 
Coefficients Kp 
0.5 0.0250 1.501 0.750 0.1 Q 
1.0 0.1000 0.932 0.932 0.1Q 
1.5 0.2550 0.593 0.890 0.1Q 
2.0 0.4000 0.271 0.542 0.1 Q 
2.185 0.4775 0 0 0.1 Q 











In general, isobars are not circular curves. Rather, their shape approaches that of the 
lemmiscate. 


10.2.4 Westergaard’s Solution 
Natural clay strata have thin lenses of coarser material within them; this accentuates the non- 
isotropic condition commonly encountered in sedimentary soils, which is the primary reason 
for resistance to lateral strain in such cases. 
Westergaard (1938) has obtained an elastic solution for stress distribution in soil under 
a point load based on conditions analogous to the extreme condition of this type. The material 
is assumed to be laterally reinforced by numerous, closely spaced horizontal sheets of negligi- 
ble thickness but of infinite rigidity, which prevent the medium from undergoing lateral strain; 
this may be viewed as representative of an extreme case of non-isotropic condition. 
The vertical stress 6, caused by a point load, as obtained by Westergaard, is given by: 
1 {1-2v 
Q Qn y 2 -— 2v 


ee, ...(Eq. 10.13) 


“e207 


The symbols have the same meaning as in the case of Boussinesq’s solution; v is Poisson’s 
ratio for the medium, and may be taken to be zero for large lateral restraint. (The gives, in 
fact, the flattest curve for stress distribution, as shown in Fig. 10.6, a flat curve being the 
logical shape for a case of large lateral restraint). Then the equation for o, reduces to: 

Q 1/n 


oe. (Eq. 10.14 
5 22 T+ Wr /2)2 ae 














Q 
or 5, Kw ... (Eq. 10.15) 


1/n 


here SS ee 
sis w= 4 Ar/2)2 2 


...(Eq. 10.16) 
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K „is Westergaard’s influence coefficient, the variation of which with (r/z) is shown in Fig. 10.6; 
for comparison, the variation of K, of Eq. 10.10 is also super-imposed: 


0.5 











0.4 \ 




















6 \ Oo, = a. K 
oO Zz 
o` K. = 3/2 7 
BT 2,5/2 
0.3 [1 + (r/z) ] 
l/m 
Kw 








me 








Influence coefficient ———> 
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Fig. 10.6 Influence coefficients for vertical stress due to concentrated load 
(Westergaard’s and Boussinesq’s solution) (After Taylor, 1948) 


For cases of point loads with r/z less than about 0.8, Westergaard’s stress values, assum- 
ing v to be zero, are approximately equal to two-thirds of Boussinesq’s stress values. For r/z of 
about 1.5, both solutions give identical values of stresses. 


This is also reflected in the comparison of vertical stress distribution on a horizontal 
plane at a specified depth from Boussinesq’s and Westergaard’s solutions, as shown in Fig. 10.7 
below: 


2 1.5 1 4— rz riz —> 1 1.5 2 





Westergaard’s 


I 
i 
l 
l 
oN 
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Fig. 10.7 Vertical stress distribution on a horizontal plane at specified depth— 
comparison between Boussinesq’s and Westergaard’s solutions 


10.3 LINE LOAD 


Let a load, uniformly distributed along a line, of intensity q’ per unit length of a straight line of 
infinite extension, act on the surface of a semi-infinite elastic medium. Such a loading produces 
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a state of plane strain; that is, the strains and stresses in all planes normal to the line of the 
loading are identical and it is adequate to consider the conditions in one such plane as in Fig. 
10.8 (a). Let the y-axis be directed along the line of loading as shown in Fig. 10.8 (b). 


Let us consider a small length dy of the line loads as shown; the equivalent point load is 
q’. dy and, the vertical stress at A due to this load is given by: 
d 3(q’ .dy)z® 3q’ .z2dy 
0, = = 
5 Q(x +y? +z?) 





z 


2nr 


The vertical stress o, at A due to the infinite length of line load may be obtained by 
integrating the equation for d o, with respect to the variable y within the limits — œ and + o. 








= E 3q' z°dy 2 i 3q’ z°dy 
z es Qn(x? +y? + z2)5/2 0 n(x? +y? + 27)9/2 
2q z’ 2q’ 1 
or eee s^ (Eq. 10.17) 





2 n(x? +27)? nz [1+ (x/z)7]? 








Fig. 10.8 Line load acting on the surface of semi-infinite elastic soil medium 


Equation 10.17 may be written in either of the two forms: 


(2/7) 
1 +2)? 
K, being the influence coefficient for line load using Boussinesq’s theory; or 


where ...(Eq. 10.19) 


2, , 
o, = a A .. (Eq. 10.20) 
nz 


since the Y-co-ordinate may be taken as zero for any position of the point relative to the line 
load, in view of the infinite extension of the latter in either direction. 
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o, and t,, may be also derived and shown to be: 


2 g 


6, = —.+-.cos” @.sin” 0 ...CEq. 10.21) 
T Z 
2 q’ 
añd T,= A.E cog? Ə.sinð (Eq. 10.22) 


If the point A is situated vertically below the line load, at a depth z, we have x = 0, and 
hence the vertical stress is then given by: 


= ...(Eq. 10.23) 


10.4 STRIP LOAD 


Let a uniform load of intensity q per unit area be acting on a strip of infinite length and a 
constant width B (= 2b) as shown in Fig. 10.9. 

















Fig. 10.9 Strip load of infinite length acting at the surface of a semi-infinite 
elastic soil medium (After Terzaghi, 1943) 
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The previous case of line load may be applied and integration used to obtain the stresses 
at any point such as A due to the strip load. 
Considering the effect of a small width dx of the strip load and taking it as a line load of 
intensity (q . dx) per unit length in the Y-direction, the value of d o, at A is given by: 
o, = ze MG) it 0 
T z 
Since x = z tan 9 and dx = z sec20.d0, 


2 q. 29.cos*0d6 2 
do, _ K z secį 0. cos _ 29 
T ra T 


Integrating within the limits, 0} and 0, for 0, we get 


cos” 6.d6 





o, = “(0 +sin@ cos6]»,” (Eq. 10.24) 
T 
or o= 20, — 0;) + (sin 0, cos 0, — sin 8, cos 8,)] 
Z T 
= ajo —6,)+ en 20, -sin 201) 
T 2 
5,= 713 —6,)+cos(8, + 04). sin(0, — 8, )] ...(Eq. 10.25) 


Similarly, starting from Eqs. 10.21 and 10.22, and adopting precisely the same proce- 
dure, one arrives at the following: 


6, = “10 —sin 0 cos@)Ip,”? ..(Eq. 10.26) 
or o, = 210, — 01) — (sin 0» cos 0x — sin 0; cos 6} )] 
T 
q i ae Í 
a — (05 = 01) — —(sin 205 — sin 20,) 
T 2 
ox = 7103 - 04) — cos (0; + 0,).sin (0, — 0, )] (Eq. 10.27) 
Aia 03 
t= 4 [sin Olo, ...(Eq. 10.28) 
T 
= f (sin? 05 — sin? 01) 
T 
T = Isin @, +04) .sin (8, ~0,)] ..(Eq. 10.29) 
The corresponding principal stresses may be established as: 
0, = “(Go +sin@,) (Eq. 10.30) 
and 6, = To -sin 0p) (Eq. 10.31) 


where 0, = 9, — 8, [See Fig. 10.9 (a)l. 
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According to these equations the principal stresses for a given value of q depend solely 
on the value of 8,; hence for every point on a circle through c, d, and A [Fig. 10.9 (6)] the 
principal stresses have the same intensity. It can also be shown that the principal stresses at 
every point on the circle cd A pass through the points e and f respectively. These two points are 
located at the intersection between the circle and the plane of symmetry of the loaded strip. 


The special case when A lies on the plane of symmetry of the loaded strip is shown in 
Fig. 10.9 (c). The vertical stress o, and the horizontal stress o, themselves will be the principal 
stresses since T, reduces to zero in view of (0, + 8,) being zero, in this case. Hence, substituting 


0 0 
0, = +— and 0, =- in equations 10.25 and 10.27, we have: 
2 2 1 2 
5, =0;= (Oo +8inOo) ...(Eq. 10.32) 


6, = 05 = “(Go —sin 0) (Eq. 10.33) 


The vertical stresses at different depths below the centre of a uniform load of intensity 
q and width B are as follows: 


Table 10.4 Vertical stress under centre of strip load 














Depth z o, 

0.1 B 0.997 q 
0.2 B 0.977 q 
0.50 B 0.818 q 
B 0.550 q 
2B 0.306 q 
5B 0.126 q 
10 B 0.064 q 








A few typical pressure bulbs for this case of strip loading are shown in Fig. 10.10. 






q/unit area 





TEE 


Pressure 
bulbs 





Fig. 10.10 Pressure bulbs for strips load of infinite length (After Terzaghi, 1943) 
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Since the principal stresses are known from equations 10.30 and 10.31, the maximum 
shear stress T aax may be obtained as: 


(oy —03 ) q R 
= ———— =| + |sinð 
Tmax 2 n 1 0 .. (Eq. 10.34) 
This will attain its highest value when 6, = 90°, which equals q/n. 
q 
Tabsolute maximum — a (Eq. 10.35) 


This value, it is easily understood, occurs at points lying on a semi-circle of diameter 
equal to the width of the strip, B. Hence the maximum shear stress under the centre of a 
continuous strip occurs at a depth of B/2 beneath the centre. 


The knowledge of shear stresses may not be important in normal foundation design 
procedure, but Jürgenson (1934) obtained the solution for this case. Pressure bulbs of shear 
stress as obtained by him are shown in Fig. 10.11. 


B=2b—> /unit area 
foo 








0.50 g/x 
O75 on 
qin 0.5B 
0.90 q/x 0.30 g/x 
0.80 g/x 1.0B 


0.70 g/x 


0.60 g/x 1.5B 














0.50 g/x sa 





0.40 o/z 


Fig. 10.11 Pressure bulbs of shear stress under 
strip load (after Jürgenson, 1934) 


10.5 UNIFORM LOAD ON CIRCULAR AREA 


This problem may arise in connection with settlement studies of structures on circular founda- 
tions, such as gasoline tanks, grain elevators, and storage bins. 

The Boussinesq equation for the vertical stress due to a point load can be extended to 
find the vertical stress at any point beneath the centre of a uniformly loaded circular area. Let 
the circular area of radius a be loaded uniformly with q per unit area as shown in Fig. 10.12. 

Let us consider an elementary ring of radius r and thickness dr of the loaded area. This 
ring may be imagined to be further divided into elemental areas, each 6A; the load from such 
an elemental area is q . 6A. The vertical stress 6 o, at point A, at a depth z below the centre of 
the loaded area, is given by: 
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3(q.5A) z’ 
ôo, = “72 235/2 
z 2m (r* +2") 
The stress do, due to the entire ring is given by: 
3 
z 


(r? +222 


z’ = 
2 +z?) 





34 (53), ag y (2nrdr). 
20 20 


do, 


(r 
3qz°.rdr 
do, = T? 4. 22)02 


q/unit area 








Fig. 10.12 Uniform load over circular area 


The total vertical stress o, at A due to entire loaded area is obtained by integrating d ©, 
within the limits r = 0 tor =a. 


r=a 

3 rdr 

o. = 3qz Í = SS 
z r=0 (p24 22)? 


Setting r? + z? = R?, rdr = R.dR, the limits for R will be z and (a? + 27)". 
R =(a2 +22)? dR 








3 
o, = 3q2°f Re 
f1 1 
=e z? (a? 42°?" 
1 1 
ag ee a ...(Eq. 10.36) 


This may be written as: 
0,=q.Kz, ... (Eq. 10.37) 


where Kg, = Boussinesgq influence coefficient for uniform load on circular area, 





1 
inal, ps f = aoa] ..(Eq. 10.38) 
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If 6 is the angle made by OA with the tangent of the periphery of the loaded area fromA, 

o, = q (1 — cos? 6) ...(Eq. 10.39) 

The vertical stress at a point not lying on the vertical axis through the centre of the 
loaded area may also be found; but it requires the evaluation of a more difficult integral. 


Spangler (1951) gives the influence coefficients for both cases, the values for the case 
where the point lies directly beneath the centre of the loaded area being those in the column 


for = = 0 (Table 10.5). 


Table 10.5 Influence coefficients for vertical stress due to uniform 
load on a circular area (After Spangler, 1951) 





rla 








= 0 0.5 1.0 1.5 2.0 2.5 3.0 3.5 4.0 





0.5 0.911 0.840 0.418 0.060 0.010 0.003 0.000 0.000 0.000 
1.0 0.646 0.560 0.335 0.125 0.043 0.016 0.007 0.003 0.000 
1.5 0.424 0.374 0.256 0.137 0.064 0.029 0.013 0.007 0.002 
2.0 0.284 0.258 0.194 0.127 0.073 0.041 0.022 0.012 0.006 
2.5 0.200 0.186 0.150 0.109 0.073 0.044 0.028 0.017 0.011 
3.0 0.146 0.137 0.117 0.091 0.066 0.045 0.031 0.022 0.015 
4.0 0.087 0.083 0.076 0.061 0.052 0.041 0.031 0.024 0.018 
5.0 0.057 0.056 0.052 0.045 0.039 0.033 0.027 0.022 0.018 
10.0 0.015 0.014 0.014 0.013 0.013 0.013 0.012 0.012 0.011 











Pressure bulbs or isobar patterns for vertical stresses and shear stresses, as presented 
by Jürgenson (1934), are shown in Figs. 10.13 (a) and (b). 


If Westergaard’s theory is to be used, equation 10.14 may be integrated to obtain the 
vertical stress at a point beneath the centre of a uniformly loaded circular area, which is given 
by: 


1 


o, = q |1- -= ...Eq. 10.40) 
J1+(a/nz)? 


where n = y, v being Poisson’s ratio. 
y2- 2v 


for v = 0, N= a = 0.707 
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I¢—— B=2a q/unit area 


LTT = 


10.2 









































0.05 q 


(b) For shear stress 


(a) For vertical stress 


Fig. 10.13 Pressure bulbs for vertical and shear stress due to uniform 
load on a circular area (After JUrgenson, 1934) 


10.5.1 Uniform Load on An Annular Area (Ring Foundation) 
This case may arise in the case of a foundation for hollow circular bins, silos, etc. 


Let an annular area of a inner radius a, and outer radius a, be loaded uniformly at q per 
unit area. (Fig. 10.14) 


Outer 
circular 
boundary 


Annular 
area 
loaded 
uniformly 





Fig. 10.14 Uniformly loaded annular area (Ring loading) 


Applying the case of a uniformly loaded circular area just considered, the vertical stress 
at a depth z directly beneath the centre of the ring, o,, may be written: 
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1 1 
= q _ 3/2 2 3/2 ... (Eq. 10.41) 
ey] pe 
z z 
5, =q. Kg, 
1 1 
where Kg, = ED ED ...(Eq. 10.42) 
hafe) | lafe) | 
z z 
Similarly, if Westergaard’s theory is to be used, 
1 1 
Kg = ...(Eq. 10.43) 


e N2 2 
1+ (2 1+ (e 
nz nz 
1- 2v 
where n = E v being Poisson’s ratio. 


The application of these equations in a practical problem will be very simple as the 
numerical values of the various quantities are known. 


10.6 UNIFORM LOAD ON RECTANGULAR AREA 


The more common shape of a loaded area in foundation engineering practice is a rectangle, 
especially in the case of buildings. Applying the principle of integration, one can obtain the 
vertical stress at a point at a certain depth below the centre or a corner of a uniformly loaded 
rectangular area, based either on Boussinesq’s or on Westergaard’s solution for a point load. 


10.6.1 Uniform Load on Rectangular Area based on Boussinesq’s Theory 


Newmark (1935) has derived an expression for the vertical stress at a point below the corner of 
a rectangular area loaded uniformly as shown in Fig. 10.15. 


The following are the two popular forms of Newmark’s equation for o,: 


q 2mnym? +n? +1 (ea f { onan 
o= +sin 


(m? +n? +14+m?2n2) || m? +n? +1 m? +n? +1+m’n? 








Z An 


...(Eq. 10.44) 
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eo 
Fig. 10.15 Vertical stress at the corner of a uniformly loaded rectangular area 
2 2 2 2 2 2 
q | mnym" +n +1) (m “+n +2) a 2mn\m° +n" +1 
0, = 2, 2 2 272,2 + tan 2, 2 2 2 
4n | (m +n +1+m°n) (mf +n° +1) (m+n +1-m'n 


...(Eq. 10.45) 








where m = B/z and n = L/z. 

The second term within the brackets is an angle in radians. It is of interest to note that 
the above expressions do not contain the dimension z; thus, for any magnitude of z, the under- 
ground stress depends only on the ratios m and n and the surface load intensity. Since these 
equations are symmetrical in m and n, the values of m and n are interchangeable. 

Equation 10.45 may be written in the form: 

o =q. L ...(Eq. 10.46) 
where J, = Influence value 


2mnym? +n? +1 2n? 2mnym? +n? +1 
= (1/4r) | Nm +n YT PEN Se 


m? +n? +1+m°n? |\ m? +n? +1 m? +n? +1-m’n? 








...(Eq. 10.47) 

Based on this equation, Fadum (1941) has prepared a chart for the influence values for 
sets of values for m and n, as shown in Fig. 10.16. 

Steinbrenner (1934) has given another form of chart for this purpose, which is shown in 
Fig. 10.17, plotting the influence values J, on the horizontal axis and 1/m (=z/B) on the vertical 
axis, for different values of L/B (= n/m). 

The vertical stress at a point beneath the centre of a uniformly loaded rectangular area 
may be found using the influence value for a corner by the principle of superposition, dividing 
the rectangle into four equal parts by lines parallel to the sides and passing through the centre. 
In fact, if we derive the expression for the vertical stress beneath the centre of the rectangle, 
we may obtain that beneath a corner due to load from one fourth of this area by just dividing it 
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by four, by the same principle of superposition; the formula may be generalised by making the 
necessary modifications in respect of the reduced dimensions of the rectangle. 
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Fig. 10.16 Influence factors for verticals stress beneath a corner of a uniformly 
loaded rectangular area (After Fadum, 1941) 
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Fig. 10.17 Influence values for vertical stress at the corner of a uniformly 
loaded rectangular area (After Steinbrenner, 1934) 
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The principle of superposition may be conveniently employed to compute the stress 
beneath any point either inside or outside a uniformly loaded rectangular area. This is illus- 
trated as follows: 


Let the point A at which the vertical stress is required be at a depth z beneath A’, inside 
the uniformly loaded rectangular area PQRS as in Fig. 10.18 (a). 


Imagine TU and VW parallel to the sides and passing through A’. o, at A is given by: 
a (Lo, toy tou Ffa) ...(Eq. 10.48) 


where I or JI on -~ are the influence factors for the stress at A due to the rectangular areas as I, 


II, ..., by the principle of superposition, since A’ happens to be a corner for these areas. 


In the point A is beneath A’, outside the uniformly loaded rectangular area PQRS, as in 
Fig. 10.18 (6), imagine PQ, SR, PS and QR to be extended such that PWA’T is a rectangle and 
U and V are points on its sides, as shown. 




















PWA'T:I  SVA'T : II 
QWA'T : IIT RVA'U : IV 
(a) Point inside the loaded area (b) Point outside the loaded area 


Fig. 10.18 Stress at a point other than under a corner of a rectangular areas 
Then o, at A is given by: 
6,= q (Io -Io -Ion Ion) ...(10.49) 
where, Is Iope are the influence factors for the stress at A due to the rectangular areas 
designated I, II, ..., by the principle of superposition. (Since area IV is deducted twice, its 


influence has to be added once). 


10.6.2 Uniform Load on Rectangular Area based on Westergaard’s Theory 


If the soil conditions correspond to those assumed in Westergaard’s theory, that is, the soil 
consists of very thin horizontal sheets of infinite rigidity, which prevent the occurrence of any 
lateral strain and the vertical stress at a point below a corner of a uniformly loaded rectangu- 
lar area then it may be obtained by integration of the stress due to a point load under similar 
conditions, and shown to be: 


2 
1-2v)\( 1 1 1-2v 1 
-1 
o, = (q/2n)| cot TE + Ez) n ...(Eq. 10.50) 
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If the Poisson’s ratio, v, is taken as zero, this reduces to: 








1 1 1 
6, = (q/2n) cot” | +— + ..(Eq. 10.51) 
pa 2m? 2n? 4m’n? a 
The notation is the same as that for equations 10.44 and 10.45. For this case, if o, is 
written as: 


o, = q.1 (Eq. 10.52) 


Loy 
where I, = Influence coefficient for vertical stress at the corner of a uniformly loaded rectan- 
gular area from Westergaard’s Theory. 


Taylor (1948) has given a chart for the determination of I, , for different values of m 


Ow? 


and n. It is obvious that m and n are interchangeable. 


For m and n values less than unity, I, is about two-thirds of I, based on Boussinesq’s 


Ow 
theory. In such cases, sound judgement is called for regarding which theory is more appropri- 
ate for the particular conditions of the soil medium. 


10.7 UNIFORM LOAD ON IRREGULAR AREAS—NEWMARK’S CHART 


It may not be possible to use Fadum’s influence coefficients or chart for irregularly shaped 
loaded areas. Newmark (1942) devised a simple, graphical procedure for computing the verti- 
cal stress in the interior of a soil medium, loaded by uniformly distributed, vertical load at the 
surface. The chart devised by him for this purpose is called an ‘Influence Chart’. This is appli- 
cable to a semi-infinite, homogeneous, isotropic and elastic soil mass (and not for a stratified 
soil). 

The vertical stress underneath the centre of a uniformly loaded circular area has been 
shown to be: 





1 
o=¢\1 ...(Eq. 10.36) 

z aaa q 
wherea = radius of the loaded area, z = depth at which the vertical stress is required, and 
q = intensity of the uniform load. This equation may be rewritten in the form: 


-2/3 
l- £ z Z) -1 ...(Eq. 10.53) 
z q 

Here (a/z) may be interpreted as relative sizes or radii of circular-loaded areas required 
to cause particular values of the ratio of the vertical stress to the intensity of the uniform 
loading applied. 

If a series of values is assigned for the ratio o/q, such as 0, 0.1, 0.2, ..., 0.9, and 1.00, a 
corresponding set of values for the relative radii, a/z, may be obtained. If a particular depth is 
specified, then a series of concentric circles can be drawn. Since the first has a zero radius and 
the eleventh has infinite radius, in practice, only nine circles are drawn. Each ring or annular 
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space causes a stress of g/10 at a point beneath the centre at the specified depth z, since the 
number of annular spaces (c) is ten. 


The relative radii may be tabulated as shown below: 


Table 10.6 Relative radii for Newmark’s influence chart 


alz meshes per ring 
0.0 0.000 E 

0.1 0.270 
0.2 0.400 
0.3 0.518 
0.4 0.637 
0.5 0.766 
0.6 0.918 
0.7 

0.8 

0.9 


1 
2 
3 
4 
5 
6 
7 
8 
9 


See 
eH o 


1.0 





From this table it can be seen that the widths of the annular slices or rings are greater 
the farther away they are from the centre. The circle for an influence of 1.0 has an infinitely 
large radius. Now let us assume that a set of equally spaced rays, say s in number, is drawn 
emanating from the centre of the circles, thus dividing each annular area into s sectors, and 
the total area into cs sectors. If the usual value of 20 is adopted for s, the total number of 
sectors in this case will be 10 x 20 or 200. Each sector will cause a vertical stress of 1/200th of 
the total value at the centre at the specified depth and is referred to as a ‘mesh’ or an ‘influence 
unit’. The value 1/200 or 0.005 is said to be the ‘influence value’ (or ‘influence factor’) for the 
chart. Each mesh may thus be understood to represent an influence area. 


The construction of Newmark’s influence chart, as this is usually called, may be given 
somewhat as follows: 

For the specified depth z (say, 10 m), the radii of the circles, a, are calculated from the 
relative radii of Table 10.6 (2.70 m, 4.00 m, 5.18 m, ... and so on). The circles are then drawn to 
a convenient scale (say, 1 cm = 2m). A suitable number of uniformly spaced rays (say, 20) is 
drawn, emanating from the centre of the circles. The resulting diagram will appear as shown 
in Fig. 10.19; on it is drawn a vertical line ON, representing the depth z to the scale used in 
drawing the circles (if the scale used is 1 cm = 2 m, ON will be 5 cm). The influence value for 


this chart will be 





10x20 or 0.005. The diagram can be used for other values of the depth z by 


simply assuming that the scale to which it is drawn alters; thus, if z is to be 5 m the line ON 
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now represents 5 m and the scale is therefore 1 cm = 1 m (similarly, if z = 20 m, the scale 
becomes 1 cm = 4 m). 

The operation or use of the Newmark’s chart is as follows: 

The chart can be used for any uniformly loaded area of whatever shape that may be. 
First, the loaded area is drawn on a tracing paper, using the same scale to which the distance 
ON on the chart represents the specified depth; the point at which the vertical stress is desired 
is then placed over the centre of the circles on the chart. The number of influence units encom- 
passed by or contained in the boundaries of the loaded area are counted, including fractional 
units, if any; let this total equivalent number be N. The stress o, at the specified depth at the 
specified point is then given by: 

o, = I. N. q, where I = influence value of the chart. .. (Eq. 10.54) 

(Note: The stress may be found at any point which lies either inside or outside the loaded area 
with the aid of the chart). 

Although it appears remarkably simple, Newmark’s chart has also some inherent defi- 
ciencies: 

1. Many loaded areas have to be drawn; alternatively, many influence charts have to 
be drawn. 

2. For each different depth, counting of the influence meshes must be done. Consider- 
able amount of guesswork may be required in estimating the influence units partially covered 
by the loaded area. 

However, the primary advantage is that it can be used for loaded area of any shape and 
that it is relatively rapid. This makes it attractive. 


Boundary of 
the loaded area 


ees: 


Influence value 








Fig. 10.19 Newmark’s influence chart 
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10.8 APPROXIMATE METHODS 


Approximate methods are used to determine the stress distribution in soil under the influence 
of complex loadings and/or shapes of loaded areas, saving time and labour without sacrificing 
accuracy to any significant degree. 

Two commonly used approximate methods are given in the following subsections. 


10.8.1 Equivalent Point Load Method 


In this approach, the given loaded area is divided into a 
convenient number of smaller units and the total load 
from each unit is assumed to act at its centroid as a point 
load. The principle of superposition is then applied and 
the required stress at a specified point is obtained by 
summing up the contributions of the individual point 
loads from each of the units by applying the appropriate 
Point Load formula, such as that of Boussinesq. 





Referring to Fig. 10.20, if the influence values are 


Kz, Kg, >»... for the point loads Q,,Q,, ..., for ©, at A, we 





have: 
o, = (QKz,+QKp,+--) (Eq. 10.55) 
If a square area of size B is acted on by a uniform Fig. 10.20 Equivalent point 
load q, the stress obtained by Newmark’s influence value load method 


differs from the approximate value obtained by treating 

the total load of g.B? to be acting at the centre. It has been established that this difference is 
negligible for engineering purposes ifz/B 2 3. This give a hint to us that, in dividing the loaded 
area into smaller units, we have to remember to do it such that z/B = 3; that is to say, in 
relation to the specified depth, the size of any unit area should not be greater than one-third of 
the depth. 


10.8.2 Two is to One Method 
This method involves the assumption that the stresses get distributed uniformly on to areas 
the edges of which are obtained by taking the angle of distribution at 2 vertical to 1 horizontal 
(tan 0 = 1/2), where 9 is the angle made by the line of distribution with the vertical, as shown 
in Fig. 10.21. 

The average vertical stress at depth z is obtained as: 


q.B.L 

o, = — 

“ (B+zXL+z) 

The discrepancy between this and the accurate value of the maximum vertical stress is 
maximum at a value of z/B = 0.5, while there is no discrepancy at all at a value of 2/B = 2. 


Eq. 10.56) 
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Fig. 10.21 Two is to one method 


10.9 ILLUSTRATIVE EXAMPLES 


Example 10.1: A concentrated load of 22.5 KN acts on the surface of a homogeneous soil mass 
of large extent. Find the stress intensity at a depth of 15 meters and (i) directly under the load, 
and (iz) at a horizontal distance of 7.5 metres. Use Boussinesq’s equations. 


According to Boussinesq’s theory, 


Q (3/27) 


(S.V.U.—B.E., (R.R.)—Dec., 1970) 





= 2? +z 


(i) Directly under the load: 


r=0. .. r/z=0 


z=15mQ=22.5kN 


22.5 


(3/27) 





(07 


2~ 15x15 (1+0)? 


= 47.75 kN/m?. 
(ii) At a horizontal distance of 7.5 metres: 
r=7.5mz=15m 

riz = 7.5/15 = 0.5 


22.50 (3/27) 





oO 


= 27.33 N/m?. 


2~ 15x15 [(1+(05)2]°? 
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Example 10.2: A load 1000 KN acts as a point load at the surface of a soil mass. Estimate the 
stress at a point 3 m below and 4 m away from the point of action of the load by Boussinesq’s 
formula. Compare the value with the result from Westergaard’s theory. 


(S.V.U.—B.E., (N.R.)—Sept., 1967) 
Boussinesq’s theory: 
R (8/27) 
%5 z? +r) 
Herer = 4 m, z = 3 m and Q = 1000 kN 
1000 (3/27) 














%25 3x3 1+(4/3922 ~ 4.125 kN/m? 
Westergaard’s Theory: 
Q (1/7) 
o= z2 [14 2r/2)2 2 
1000 (1/2) 
= 3x3" [1+ 2(4/3)2]32 7 3.637 KN/m?. 


Example 10.3: A raft of size 4 m x 4 m carries a uniform load of 200 kN/m?. Using the point 
load approximation with four equivalent point loads, calculate the stress increment at a point 
in the soil which is 4 m below the centre of the loaded area. 


(S.V.U.—B.E. (N.R.)—March-April, 1966) 
Depth below the centre Q of the loaded area (raft) = 4m. Dividing the loaded area into 


four equal squares of 2 m size, as shown in Fig. 10.22, the load from each small square may be 
taken to act through its centre. 


Thus, the point loads at A, B, C and D are each: 
200 x 4 = 800 kN 


The radial distance r to 0 for each of the loads is /2 m, 


v2.1 


riz = a oO 
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Fig. 10.22 Loaded area (Ex. 10.3) 
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By symmetry the stress o, at 0 at 4 m depth is four times that caused by one load. 
4 x 800 (3/27) 
2 4x4 “[14(1/2/2)? 7? 
= 71.44 kN/m? 


Example 10.4: A line load of 100 kKN/metre run extends to a long distance. Determine the 
intensity of vertical stress at a point, 2 m below the surface and (i) directly under the line load, 
and (ii) at a distance of 2 m perpendicular to the line. Use Boussinesq’s theory. 





oy 


g = 100 kKN/m 
z=2m 
(2/7) 
= (q’/z).————> 
= e aer T 
(i) Referring to Fig. 10.23 at point A}, 
x=0 


o, = (q/z) x(2/m) ==? x 2 kN/m? = 31.83 kN/m? 
T 











Fig. 10.23 Line load (Ex. 10.4) 


(ii) x = 2 m at point A,, 





x/z=1 
ee qd (2/7) 
2 4 
q 1 
T 2 On 
100 1 
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= 25/n kN/m? 
= 7.96 kN/m2. 


Example 10.5: The load from a continuous footing of 1.8 metres width, which may be consid- 
ered to be a strip load of considerable length, is 180 kN/m?. Determine the maximum principal 
stress at 1.2 metres depth below the footing, if the point lies (i) directly below the centre of the 
footing, (iz) directly below the edge of the footing, and (iii) 0.6 m away from the edge of the 
footing. What is the maximum shear stress at each of these points ? What is the absolute 
maximum shear stress and at what depth will it occur directly below the middle of the foot- 
ing ? 


B=2b=1.8m 
q = 180 kN/m? 
z=12m 


Referring to Fig. 10.24, 







q = 180 kN/m? 




















JIE IN I of VX“ 
1 pi 1 a7) 
1 '¢4— 0.9m > 0.9m 47> 
I H 1 * 1 Fg i 
I 1 1 > io? 7 / 

1 1 | Ut id 7 
I 1 1 \ ar Mg re 
A - 
boo ee ar é 
1 1 | Paes a 1.2m 
f 1 1 -7 i A 
$ gt XN 7 
1 oT a a 
I PA a) pa s 1 f 
l 1 a l * % l # 
le 2 | ¢ yig 
Woe 1 a \ly 
L L b y 
\e—0.6 m>e— 0.9m — 
Ag A2 1 


Fig. 10.24 Strip load (Ex. 10.5) 
(i) For point A, 
Oo 


0.9 
= tan“! + o L 
= tan 12 = 36°.87 = 0.6435 rad. 


0) = 1.287 rad. 
Maximum principal stress 
6, = (q/m) (8) + sin 85) 


= 180 (1 987 + 0.960) = 128.74 kN/m? 
T 


Maximum shear stress, 


q 180 
T 


T .sin 809 = — x 0.960 = 55.00 kN/m? 
T 


max ` 
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(ii) for point A,, 


0) = tan o =56°.31 = 0.9828 rad. 
180 : 
c= “a VAa + 0.8321) = 104 kN/m 
180 
Tnax = a = 47.68 kN/m? 


(iii) for point A}, 


0, = tan” ~ = 26°.565 = 0.464 rad. 


6, = tan” n =63°.435 = 1.107 rad. 


Ə, = (8, — 0,) = (1.107 — 0.464) rad. = 0.643 rad. 
6, = (180/7) (0.643 + 0.600) = 71.22 kN/m? 


180 


T = Pa x 0.6 = 34.38 kN/m? 


max 
Absolute maximum shear stress = g/m = 180/1 = 57.3 kN/m? 
This occurs at a depth B/2 or 0.9 m below the centre of the footing. 
Example 10.6: A circular area on the surface of an elastic mass of great extent carries a 
uniformly distributed load of 120 kN/m?. The radius of the circle is 3 m. Compute the intensity 
of vertical pressure at a point 5 metres beneath the centre of the circle using Boussinesq’s 
method. 
(S.V.U.—B.E., (Part-Time)—Apr., 1982) 
Radius ‘a’ of the loaded area = 3m 
q = 120 kN/m? 


z=5m 





z=q {1 È 
Tey] 





1 
= 120|1 
TET] 


1 
= 120| 1- —— 
l e 


= 44.3 kN/m?2. 
Example 10.7: A raft of size 4 m-square carries a load of 200 kN/m?. Determine the vertical 
stress increment at a point 4 m below the centre of the loaded area using Boussinesq’s theory. 
Compare the result with that obtained by the equivalent point load method and with that 
obtained by dividing the area into four equal parts the load from each of which is assumed to 
act through its centre. 
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(i) Square Area: 


Imagine, as in Fig. 10.25, the area to be divided into four equal squares. The stress at A 
will be four times the stress produced under the corner of the small square. 


—— 4m —— 








Fig. 10.25 Uniform load on square area (Ex. 10.7) 
m = 2/4 = 0.5, n = 2/4 = 0.5 


Jeor +n? +1 m?+n? +2 PE Sn +n = 








o` 4n|m? +n? +1+m°n? m? +n? +1 m? +n? +1-m?n? 








1 | 2x0.5 x 0.5 0.25 + 0.25+1 0.25+0.25+2 cee! 2 x 0.5 x 0.50.25 + 0.25 +1 
~ An 150 + 0.25 x 0.25 "0.25 + 0.25 +1 1.50 — 0.25 x 0.25 








= 0.0840 


1|05v15 250 _; 0.5V15 
= x + tan 
15625 = 1.50 1.4375 


(The value may be obtained from Tables or Charts also.) 
; ©, = 4 x 200 x 0.084 = 67.2 kN/m? 
(i) Equivalent point load method: 
Q = 200 x 16 = 3200 kN 
3/2 3200 (38/2 
ar A TOP ka ae a 
(iii) Four equivalent point loads: 
From Example 10.3, o, = 71.14 kN/m? 
Thus, percentage error in the equivalent point load method 
(95.5 — 67.2) 
~ 672 
Percentage error in four equivalent point loads approach 
(7114 — 67.20) 
T 6720 
Example 10.8: A rectangular foundation, 2 m x 4 m, transmits a uniform pressure of 450 kN/m? 
to the underlying soil. Determine the vertical stress at a depth of 1 metre below the foundation 


at a point within the loaded area, 1 metre away from a short edge and 0.5 metre away from a 
long edge. Use Boussinesq’s theory. 





x100 = 42.11 


x100 = 5.86. 
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Depth z = 1 m. q = 450 kN/m? 





I 














e mm 


Fig. 10.26 Stress at a point inside a loaded area (Ex. 10.8) 


The loaded area and the plan position of the point A’ at which the vertical stress is 
required are shown in Fig. 10.26. The area is divided into four parts as shown, such that A’ 


forms a corner of each. 
6, = Io, +15, tIon + Lory | 








Area I: m = 1/1 = 1; n = 1.5/1 = 1.5 
1 A +n? +1 m?+n?4+2 baar 2Qmn\m? +n? +1 
oy = 2° 2 an 2 2 2,2 
An| m2 +n? +1+m?n? m? +n? +1 m+n“ +1l-m°n 





1 
= 4r 





1? +1.52? +1+1? x15? 1? +15? +1 1? +15? +1-1? x15? 


Sapo 1? 415749 ae Tee 
an 


= 0.1936 
Area II: m = 1.5/1 = 1.5; n = 3/1 = 3 


1 Bs x 3/157 +3? +1 15243242 tan? 2X15 x 3415? +3? 5 








Cu ~ An} 152432414152 x32 15? +3?+1 15? +32 41-15? x3? 


= 0.2290 








0.57 +37 +1+0.52? x3? 0574+3741 05? +37 +1- 0.5? x3? 


Ont 


Area III: m = 0.5/1 = 0.5; N = 3/1 =3 
1 See 052 +3? +2 va rosada 


= 0.1368 
Area IV: m = 0.5/1 = 0.5; n = 1/1 = 1 


1 ee 05 +1" +2 , aman 
an 








ow ~ 4r| 052 +1?+1+05?x1? 05241241 0.5? 41241-052 x1? 


= 0.1202 
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6, = 450(0.1936 + 0.2290 + 0.1368 + 0.1202) 
= 305.8 kN/m?. 
Example 10.9: A rectangular foundation 2 m x 3 m, transmits a pressure of 360 kN/m? to the 
underlying soil. Determine the vertical stress at a point 1 metre vertically below a point lying 
outside the loaded area, 1 metre away from a short edge and 0.5 metre away from a long edge. 
Use Boussinesq’s theory. 
z=1m;q = 360 kN/m? 

since the point at which the stress is required is outside the loaded area, rectangles are imag- 
ined as shown in Fig. 10.27, so as to make A’ a corner of all the concerned rectangle. With the 
notation of Fig. 10.27, 


O, =q (is, -Ion =Le =e) 
Area I: m = 2.5/1 = 2.5; n = 4/1 = 4 


I 1| 2mnjm?+n2+1 m+n? 4+2 1 2mn jm? +n? +1 
+ tan 

















oO = . 
' 4n|m?+n24+14+m?n? m? +n? +1 m? +n? 4+1-m?n? 
ee U A 
os’ TF T : 
"$ si j------ 4V 
R i 
; i PWA'T:I 
m l SVA'T : II 
! QWA'U : IIT 
! PWA'U : IV 
4 o 
P 


Fig. 10.27 Stress at a point outside loaded area (Ex. 10.9) 
1 | 2x25x 442.5? +4? +1 252? +4? +2 4225x425? +47 441 
= 2,12 2-2 oR 27 ttan 2.2 2042 
4n | 25° +4°+14+25° x4" 25°+4°4+1 25° +4° +1-25° x4 


= 0.2434 
Area II: m = 0.5/1 = 0.5; n = 4/1 = 4 


1 | 2x05x4/057+4741 052+424+2 1 2x05x 4/057 +4741 
I + tan 


ou An} 052 +427 414+052x 42 052442 +1 0.52 +42 41-05? x 42 














= 0.1372 
Area III: m = 1/1 = 1; n = 2.5/1 = 2.5 


1 | 21K 95/1? +257 41 14257 +2 5 4 2*1K 25,1? 4257 +1 
an 


T An} 127495741412 x25? 12425241 1? +252 +1-1? x25? 








Om 


= 0.2024 
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Area IV: m = 0.5/1 = 0.5; n = 1/1 = 1 


1|2x05x 170.57 +12? +1 05241242 12x05 x 1y0.5? +12 +1 
= ; + tan 
ow = 4r| 0.5? +1? +1+0.5? x1? 057+14+1 0.5? +1? + 1- 0.5? x 1° 
= 0.1202 
6, = 360(0.2434 — 0.1372 — 0.2024 + 0.1202) 
= 8.64 kN/m?. 


Example 10.10: A ring foundation is of 3.60 m external diameter and 2.40 m internal diam- 
eter. It transmits a uniform pressure of 135 kN/m?. Calculate the vertical stress at a depth of 
1.80 m directly beneath the centre of the loaded area. 


With the notation of Fig. 10.14, 
a, = 2.40/2 = 1.20 m 
a, = 3.60/2 = 1.80 m 














z=1.80m 
q = 135 kN/m? 
© =q. Ky, 
1 1 
where Kg, = 3) 372 3) 3/2 
{1+(2) | f(s) | 
z z 
E 1 1 
a 3/2 3 
(220) (i) 
i —— che 
180 180 


o, = 135 x 0.222 = 30 kN/m?. 


SUMMARY OF MAIN POINTS 


1. When the surface of a soil mass is level and its unit weight constant with depth, the vertical 
geostatic stress increases linearly with depth, the constant of proportionality being the unit 
weight itself. 

2. The Boussinesq solution for point load is the most popular and is applicable to a homogeneous, 
isotropic and elastic semi-infinite medium, which obeys Hooke’s law within the range of stresses 
considered. 

3. The Westergaard solution is applicable to sedimentary soil deposits with negligible lateral strain. 


The stress isobar or pressure bulb concept is very useful in geotechnical engineering practice, 
especially in the determination of the soil mass contributing to the settlement of a structure. 
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More complicated loadings such as line load, strip load, circular loaded area, and rectangular 
loaded area may be dealt with by integration of the stresses due to point load. 

The rectangular loaded area is the most common type in foundation engineering; the stress due 
to it may be evaluated by Fadum’s or Steinbrenner’s charts for influence values, or by Newmark’s 
formula for a point beneath a corner. 

The stress at a point inside or outside the loaded area may be conveniently determined by form- 
ing rectangles, true or hypothetical, for which the point forms a corner and by applying the 
principle of superposition appropriately. 

Newmark’s influence chart may be conveniently used in the case of irregular areas (it is, of 
course, applicable to regular areas also). 

Approximate methods such as the equivalent point load approach yield reasonably satisfactory 
results under certain conditions. 
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QUESTIONS AND PROBLEMS 


10.1 


10.2 


10.3 


10.4 


10.5 


10.6 


10.7 


10.8 


10.9 


10.10 


10.11 


10.12 


10.13 


State the basic requirements to be satisfied for the validity of Boussinesq equation for stress 
distribution. (S.V.U.—B.E., (N.R.)—Sep., 1967) 


(a) State Boussinesq’s equation for vertical stress at a point due to a load on the surface of an 
elastic medium. 


(b) Using Boussinesq’s expression, derive the expression for vertical stress at depth A under the 
centre of a circular area of radius a loaded uniformly with a load q at the surface of the mass 
of soil. (S.V.U.—B.E., (R.R.)—Dec., 1968) 
(a) Explain the concept of ‘Pressure Bulb’ in soils. 
(b) Derive the principle of construction of Newmark’s chart and explain its use. 
(S.V.U.—B.E., (R.R.)—Nov., 1969) 
(a) Explain stress distribution in soils for concentrated loads by Boussinesq’s equation. 
(b) What do you understand by ‘Pressure bulb’ ? Illustrate with sketches. 
(S.V.U.—B.E., (R.R.)—May, 1971) 
Write a brief critical note on ‘Newmark’s influence chart’. 
(S.V.U.—B.E., (R.R.)—Nov., 1973, May, 1975 & Feb., 1976 
Four-year B.Tech.—Dec., 1982 
Four-year B.Tech.—Apr., 1983 
B.Tech.—(Part-time)—Sept., 1982) 
Write a brief critical note on ‘the concept of pressure bulb and its use in soil engineering prac- 
tice’. (S.V.U.—B.E., (R.R.)—Nov., 1974, Nov., 1975) 
What are the basic assumptions in Boussinesq’s theory of stress distribution in soils ? Show the 
vertical stress distribution on a horizontal plane at a given depth and also the vertical stress 
distribution with depth. What is a ‘Pressure Bulb’ ? (S.V.U.—B.E., (R.R.)—Feb., 1976) 
Explain in detail the construction of Newmark’s chart with an influence value of 0.002. 
Explain Boussinesq’s equation for vertical stress within an earth mass. 
(S.V.U.—Four-year—B.Tech., Oct., 1982) 
Derive as per Boussinesq’s theory, expressions for vertical stress at any point in a soil mass due 
to 
(i) line load on the surface, and (ii) strip load on the surface 
State the assumptions. (S.V.U.—B.Tech. (Part-Time)—Sept., (1983) 
Find the vertical pressure at a point 4 metres directly below a 20 kN point load acting at a 
horizontal ground surface. Use Boussinesq’s equations. (S.V.U.—B.E., (R.R.)—Dec., 1971) 


A 25 kN point load acts on the surface of a horizontal ground. Find the intensity of vertical 
pressure at 6 m directly below the load. Use Boussinesq’s equation. 

(S.V.U.—B.E., (R.R.)—June, 1972) 
A reinforced concrete water tank of size 6 m x 6 m and resting on ground surface carries a 
uniformly distributed load of 200 kN/m?. Estimate the maximum vertical pressure at a depth of 
12 metres vertically below the centre of the base. (S.V.U.—B.E. (Part-time)—Dec., 1971) 
A line load of 90 kN/metre run extends to a long distance. Determine the intensity of vertical 
stress at a point 1.5 metres below the surface (i) directly under the line load and (ii) at a distance 
1 m perpendicular to the line. Use Boussinesq’s theory. 
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10.14 A strip load of considerable length and 1.5 m width transmits a pressure of 150 kN/m? to the 
underlying soil. Determine the maximum principal stress at 0.75 m depth below the footing, if 
the point lies (¿) directly below the centre of the footing, and (ii) directly below the edge of the 
footing. What is the absolute maximum shear stress and where does it occur ? 

10.15 A circular footing of 1.5 m radius transmits a uniform pressure of 90 kN/m?. Calculate the verti- 
cal stress at a point 1.5 m directly beneath its centre. 

10.16 A rectangular area 4 m x 6 m carries a uniformly distributed load of 100 kN/m? at the ground 
surface. Estimate the vertical pressure at a depth of 6 m vertically below the centre and also 
below a corner of the loaded area. Compare the results with those obtained by an equivalent 
point load method and also by dividing the loaded area into four equal parts and treating the 
load from each as a point load. (S.V.U.—B.Tech. (Part-Time)—Sept., 1983) 

10.17 A 4.5 m square foundation exerts a uniform pressure of 180 kN/m? on a soil. Determine the 
vertical stress increment at a point 3 m below the foundation and 3.75 m from its centre along 
one of the axes of symmetry. 

10.18 The plan of a foundation is shown in Fig. 10.28 (a). The uniform pressure on the soil is 45 kN/m?. 
Determine the vertical stress increment due to the foundation at a depth of 4 m below the point 
































Fig. 10.28 Plan of loaded area (Prob. 10.18) 


[Hint: In order to obtain a set of rectangles whose corners meet at a point, a part of the area is 
sometimes included twice and later a correction is applied. For this problem, the area must be 
divided into six rectangles, as shown in Fig. 10.28 (6). The effect of the shaded portion is included 
twice and must therefore be subtracted once). 

10.19 A ring foundation is of 3 m external diameter and 2.00 m internal diameter. It transmits a 
uniform pressure of 90 kN/m?. Calculate the vertical stress at a depth of 1.5 m directly beneath 
the centre of the loaded area. 


Chapter l l 


SETTLEMENT ANALYSIS 


11.1 INTRODUCTION 


Foundations of all structures have to be placed on soil. The structure may undergo settlement 
depending upon the characteristics such as compressibility of the strata of soil on which it is 
founded. Thus the term ‘settlement’ indicates the sinking of a structure due to the compres- 
sion and deformation of the underlying soil. Clay strata often need a very long time—a number 
of years—to get fully consolidated under the loads from the structure. The settlement of any 
loose strata of cohesionless soil occurs relatively fast. Thus, there are two aspects—the total 
settlement and the time-rate of settlement—which need consideration. 

If it can be assumed that the expulsion of water necessary for the consolidation of the 
compressible clay strata takes place only in the vertical direction, Terzaghi’s theory of one- 
dimensional consolidation may be used for the determination of total settlement and also the 
time-rate of settlement. 

Depending upon the location of the compressible strata in the soil profile relative to the 
ground surface, only a part of the stress transmitted to the soil at foundation level may be 
transmitted to these strata as stress increments causing consolidation. The theories of stress- 
distribution in soil have to be applied appropriately for this purpose. The vertical stress due to 
applied loading gets dissipated fast with respect to depth and becomes negligible below a cer- 
tain depth. If the compressible strata lie below such depth, their compression or consolidation 
does not contribute to the settlement of the structure in any significant manner. 


There is the other aspect of whether a structure is likely to undergo ‘uniform settle- 
ment or ‘differential settlement’. Uniform settlement or equal settlement under different points 
of the structure does not cause much harm to the structural stability of the structure. How- 
ever, differential settlement or different magnitudes of settlement at different points under- 
neath a structure—especially a rigid structure is likely to cause supplementary stress and 
thereby cause harmful effects such as cracking, permanent and irreparable damage, and ulti- 
mate yield and failure of the structure. As such, differential settlement must be guarded against. 


11.2 DATA FOR SETTLEMENT ANALYSIS 


A procedure for the computation of anticipated settlements is called ‘Settlement analysis’. This 
analysis may be divided into three parts. The first part consists of obtaining the soil profile, 
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which gives an idea of the depths of various characteristic zones of soil at the site of the struc- 
ture, as also the relevant properties of soil such as initial void ratio, grain specific gravity, 
water content, and the consolidation and compressibility characteristics. The second part con- 
sists of the analysis of the transmission of stresses to the subsurface strata, using a theory 
such as Boussinesq’s for stress distribution in soil. The final part consists of the final settle- 
ment predictions based on concepts from the theory of consolidation and data from the first 
and second parts. 


11.2.1 Soil Profile and Soil Properties 


The thicknesses of the various strata of soil in the area in which the structure is to be built 
have to be ascertained carefully and presented in the form of a soil profile. Sufficient number 
of borings should be made for this purpose and boring logs prepared from the data. The loca- 
tion of the water table and water-bearing strata are also to be determined. In case the boring 
data show some irregularities in the various soil strata, an average idealised profile is chosen 
such that it is free of horizontal variation. Adequate boring data and good judgement in the 
interpretation are the prime requisites for good analysis. Usually five bore holes—one at each 
corner and the fifth at the centre of the site are adequate. The depth should not be less than 
five times the shorter dimension of the foundation. A relatively simple but typical profile is 
shown in Fig. 11.1. 


Ground 
surface 


Medium sand : 

G = 2.67 

e = 0.90 

w = 5% (above water table) 


Soft clay : 
G=2.76 
LL = 63% ; 
PI = 36% 
W = 42% 


Fine sand 
G = 2.66 : e = 0.63 ; w = 24% 





Fig. 11.1 Typical soil profile 


The special feature of this profile is that a clay stratum with no horizontal variation is 
sandwiched by sand strata. 


The soil properties of the compressible strata, especially clay strata, are also to be ascer- 
tained by taking samples at different depths. If the thickness of a compressible stratum is 
considerable, the properties of the soil taken from different depths are obtained and if there is 
significant variation, their average values are considered for the analysis. 

The existing void ratio is computed from the grain specific gravity and water content, on 
the assumption of complete saturation, which is invariably valid for relatively deep strata 
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below the water table. The consolidation characteristics are determined for representative soil 
samples; the compression index and the coefficient of consolidation are evaluated and these 
are utilised in the settlement computation. As far as possible undisturbed samples must be 
used for this purpose. 


11.2.2 Stresses in Subsoil Before and After Loading 

The initial and final values of the intergranular pressure, i.e., the effective stresses in the 
subsoil before and after loading from the structure, have to be evaluated, since these are nec- 
essary for the computation of the settlement. 

When there is no horizontal variation in the strata, the total vertical stress at any depth 
below ground surface is dependent only on the unit weight of the overlying material. The total 
stress, the neutral pressure and the effective stress at the mid-depth of the compressible stra- 
tum may be computed and used. However, if the thickness of the stratum is large, these values 
must be got at least at the top, middle and the bottom of the stratum and averaged. 

The values of neutral pressures and hence the intergranular pressures depend upon the 
conditions prior to the loading from the structure. The four possible basic conditions are: 

1. The simple static condition 

2. The residual hydrostatic excess condition 

3. The artesian condition 

4. The precompressed condition 

Sometimes combinations of these cases may also occur. 

The Simple Static Condition 

This is the simplest case and the one commonly expected, the neutral pressure at any 
depth being equal to the unit weight of water multiplied by the depth below the free water 
surface. It may be noted that the neutral pressure need not be determined in this case since 
the intergranular pressure may be obtained by using the submerged unit weight for all the 
zones which are below the water table. 

The Residual Hydrostatic Excess Condition 

A condition of partial consolidation under the preloading overburden exists if part of the 
overburden has been recently placed. This kind of situation exists in made-up soil or deltaic 
deposits. The hydrostatic excess pressure would have been only partially dissipated in the 
compressible clay stratum. The remaining excess pressure is referred to as the ‘residual hy- 
drostatic excess pressure’. 

Any structure built above such a stratum must eventually undergo not only the settle- 
ment caused by its own weight but also the settlement inherent in the residual hydrostatic 
excess pressure. 

The Artesian Condition 

The water pressure at the top of the clay layer normally depends only on the elevation of 
the ground water surface, but the neutral pressure at the bottom of the clay stratum may 
depend upon very different conditions. A pervious stratum below the clay stratum may extend 
to a distant high ground. In such a case the water above it will cause a pressure at the bottom 
of the clay stratum which is referred to as the ‘artesian condition’. If the artesian pressure 
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below the clay remains constant, it will cause only slight increase in the intergranular pres- 
sures and has no tendency to cause consolidation. However, decrease in artesian pressure, 
say, due to driving of artesian wells into the pervious stratum below the clay, may cause large 
amounts of consolidation. 

It can be demonstrated that the basic consolidation relationships are not changed by 
the presence of artesian pressure. 

The Precompressed Condition 

Clay strata might have been subjected in past ages to loads greater than those existing at 
present. This precompression may have been caused in a number of ways—by the load of 
glaciers of past ages, by overburden which has since been removed by erosion or by the loads of 
buildings that have been demolished. The existence and the amount of precompression, char- 
acterised by the preconsolidation pressure, are of greater interest than the cause. 

The construction of a structure on a precompressed stratum causes recompression rather 
than compression. It has been seen in chapter seven that recompression causes relatively 
smaller settlements compared to those caused in virgin compression. This aspect, therefore, 
has also to be understood in the settlement analysis. 

The stresses in the subsoil after loading from the structure can be obtained by comput- 
ing the stress increments at the desired depths under the influence of the loading from the 
structure; the nature as well as the magnitude of the loading are important in this regard. The 
concepts of stress distribution in soil and the methods of determining it, as outlined in chapter 
ten, would have to be applied for this purpose. The limitations of the theories and the underly- 
ing assumptions are to be carefully understood. 


11.3 SETTLEMENT 


The total settlement may be considered to consist of the following contributions: 
(a) Initial settlement or elastic compression. 
(b) Consolidation settlement or primary compression. 
(c) Secondary settlement or secondary compression. 


11.3.1 Initial Settlement or Elastic Compression 
This is also referred to as the ‘distortion settlement’ or ‘contact settlement’ and is usually 
taken to occur immediately on application of the foundation load. Such immediate settlement 
in the case of partially saturated soils is primarily due to the expulsion of gases and to the 
elastic compression and rearrangement of particles. In the case of saturated soils immediate 
settlement is considered to be the result of vertical soil compression, before any change in 
volume occurs. 
Immediate Settlement in Cohesionless Soils 

The elastic as well as the primary compression effects occur more or less together in the 
case of cohesionless soils because of their high permeabilities. The resulting settlement is 
termed ‘immediate settlement’. 

The methods available for predicting this settlement are far from perfect; either the 
standard penetration test or the use of charts is resorted to. 
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Standard Penetration Test 

This test which is popularly used for cohesionless soils is described in detail in chapter 
18. The result, which is in the form of the number of blows required for causing a standard 
penetration under specified standard conditions, can be used to evaluate immediate settle- 
ment in a cohesionless soil (De Beer and Martens, 1957). This method has been developed for 
use with the Dutch Cone Penetrometer but can be adapted for the standard penetration test. 


The immediate settlement, S,, is given by: 
H 6) + Ao 
S, = =. log, | ~{— ...(Eq. 11.1 
=g 08e | A ) (Eq ) 
where H = thickness of the layer getting compressed, 

Oo = effective overburden pressure at the centre of the layer before any excavation or 
application of load, 

Ao = vertical stress increment at the centre of the layer, 
and C, = compressibility constant, given by: 

C 
C=15— ... (Eq. 11.2) 
So 

C, being the static cone resistance (in kN/m?), and 

Go being the effective overburden pressure at the point tested. 

The value of C, obtained from the Dutch Cone penetration test must be correlated to the 
recorded number of blows, N, obtained from the standard penetration test. Its variation ap- 
pears to be wide. According to Meigh and Nixon (1961), C, ranged from 430 N (kN/m?) to 1930 
N (kN/m?). However, C, is more commonly taken as 400 N (kN/m?) as proposed by Meyerhof 
(1956). 
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Fig. 11.2 Relationship between pressure and settlement of a 305 mm square plate, for differ- 
ent values of N’, in cohesionless soils (After Thornburn, 1963) 


SETTLEMENT ANALYSIS 395 





The use of charts: The actual number of blows, N, from the standard penetration test 
has to be corrected, under certain circumstances to obtain N’, the corrected value. Thornburn 
(1963) has given a set of curves to obtain N’ from N. He also extended the graphical relation- 
ship given by Terzaghi and Peck (1948) between the settlement of a 305 mm square plate 
under a given pressure and the N’-value of the soil immediately beneath it, as shown in Fig. 11.2. 

This can be used for determining the settlement, S p of a square foundation on a deep 
layer of cohesionless soil by using Terzaghi and Peck’s formula: 


2 
2B 


where S p= Settlement of a 305 mm-square plate, obtained from the chart (Fig. 11.2) and, 

B = Width of foundation (metres) 

The chart is applicable for deep layers only, that is, for layers of thickness not less than 
4B below the foundation. 

For rectangular foundations, a shape factor should presumably be used. It is as follows: 


Table 11.1 Shape factors for rectangular foundations in cohesionless soils 
(After Terzaghi and Skempton) 








L/B Shape factor Shape factor 
(flexible) (rigid) 
1 1.00 1.00 
2 1.35 1.22 
3 1.57 1.31 
4 1.71 1.41 
5 1.78 1.49 

















Note: Settlement of a rectangular foundation of width B = Settlement of square foundation of 
size B x shape factor. 
Immediate Settlement in Cohesive Soils 
If a saturated clay is loaded rapidly, excess hydrostatic pore pressures are induced; the soil 
gets deformed with virtually no volume change and due to low permeability of the clay little 
water is squeezed out of the voids. The vertical deformation due to the change in shape is the 
immediate settlement. 

The immediate settlement of a flexible foundation, according to Terzaghi (1943), is given 
by: 





= 452 
sisan Ja Bq. 11.4) 


S 
where S; = immediate settlement at a corner of a rectangular flexible foundation of size L x B, 
B = Width of the foundation, 
q = Uniform pressure on the foundation, 
E = Modulus of elasticity of the soil beneath the foundation, 
v = Poisson’s ratio of the soil, and 
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I, = Influence Value, which is dependent on L/B 
(This is analogous to J, of chapter 10). 


For a perfectly flexible square footing, the immediate settlement under its centre is 
twice that at its corners. 


The values of I, are tabulated below: 


Table 11.2 Influence values for settlement of a corner of a flexible 
rectangular foundation of size L x B (After Terzaghi, 1943) 





L/B 1 2 3 4 5 





Influence value J, 0.56 0.76 0.88 0.96 1.00 











As in the case of computation of the vertical stress beneath any point either inside or 
outside a loaded area (chapter 10), the principle of superposition may be used for computing 
settlement by using equation 11.4; the appropriate summation of the product of B and I, for 





sS 


2 
the areas into which the total area is divided will be multiplied by q| = } 


An earth embankment may be taken as flexible and the above formula may be used to 
determine the immediate settlement of soil below such a construction. 


Foundations are commonly more rigid than flexible and tend to cause a uniform settle- 
ment which is nearly the same as the mean value of settlement under a flexible foundation. 
The mean value of the settlement, S,, for a rectangular foundation on the surface of a semi- 
elastic medium is given by: 

a-v?) 
E 
where B = width of the rectangular foundation of size L x B, 





S;=q.B -Is ..(Eq. 11.5) 


S 


q = uniform intensity of pressure, 

E = modulus of elasticity of the soil beneath the foundation, 
v = Poisson’s ratio of the soil, and 

I, = influence factor which depends upon L/B. 

Skempton (1951) gives the following values of J, : 


Table 11.3 Influence factors for mean value of settlement of a 
rectangular foundation on a semi-elastic medium (After Skempton, 1951) 





L/B Circle 1 2 5 10 











Influence factor I, 0.73 0.82 1.00 1.22 1.26 





2 


1l-v 
The fact 
e tector (45 


8 





) (I) may be determined by conducting three or more plate load tests 


(Chapter 14) and fitting a straight line plot for S; versus q . B; the slope of the plot equals this 
factor. 
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Immediate Settlement of a Thin Clay Layer 

The coefficients of Tables 11.2 and 11.3 apply only to foundations on deep soil layers. A draw- 
back of the method is that it can be applied only to a layer immediately below a foundation and 
extending to a great depth. 

For cases when the thickness of the layer is less than 4B, Steinbrenner (1934) prepared 
coefficients. His procedure was to determine the immediate settlement at the top of the layer 
(assuming infinite depth) and to calculate the settlement at the bottom of the layer (again 
assuming infinite depth below it). The difference between these two values is the actual settle- 
ment of the layer. 

The immediate settlement at the corners of a rectangular foundation on an infinite 
layer is given by: 





i= 2 
si=a.B[ = J (Eq. 11.6) 


The values of the influence coefficients J, (assuming v = 0.5) are given in Fig. 11.3. 


Influence coefficient I ———»> 
0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 
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(a) Layer immediately below (b) Layer at a certain depth 
foundation below foundation 


Fig. 11.3 Immediate settlement of a thin clay layer (After Steinbrenner, 1934) 
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The principle of superposition may be used for determining the settlement underneath 
any point of the loaded area by dividing the area into rectangles such that the point forms the 
corner of each. The method can be extended to determine the immediate settlement of a clay 
layer which is located at some depth below the foundation as in Fig. 11.3(b); the settlement of 


a layer extending from below the foundation of thickness H, (using E, ), is determined first; 


from this value of imaginary settlement of the layer H, (again using E, ) is subtracted. Since 


this settlement is for a perfectly flexible foundation usually the value at the centre is deter- 
mined and is reduced by a rigidity factor (0.8 usually) to obtain a mean value for the settle- 
ment. 

Effect of depth: According to Fox (1948), the calculated settlements are more than the 
actual ones for deep foundations (D, > B), and a reduction factor may be applied. If D,= B, the 
reduction factor is about 0.75; it is taken as 0.50 for very deep foundations. However, most 
foundations are shallow. Further, in the case of foundations located at large depth, the com- 
puted settlements are, in general, small and the reduction factor is customarily not applied. 

Determination of E : Determination of E, the modulus of elasticity of soil, is not simple 
because of the wide variety of factors influencing it. It is usually obtained from a consolidated 
undrained triaxial test on a representative soil sample, which is consolidated under a cell 
pressure approximating to the effective overburden pressure at the level from which the soil 
sample was extracted. The plot of deviator stress wersus axial strain is never a straight line. 
Hence, the value must be determined at the expected value of the deviator stress when the 
load is applied on the foundation. If the thickness of the layer is large, it may be divided into a 
number of thinner layers, and the value of E, determined for each. 


11.3.2 Consolidation Settlement or Primary Compression 


The phenomenon of consolidation occurs in clays (chapter seven) because the initial excess 
pore water pressures cannot be dissipated immediately owing to the low permeability. The 
theory of one-dimensional consolidation, advanced by Terzaghi, can be applied to determine 
the total compression or settlement of a clay layer as well as the time-rate of dissipation of 
excess pore pressures and hence the time-rate of settlement. The settlement computed by this 
procedure is known as that due to primary compression since the process of consolidation as 
being the dissipation of excess pore pressures alone is considered. 

Total settlement: The total consolidation settlement, S,, may be obtained from one of the 
following equations: 








H.C Gy + AG 
= c] — ...(Eq. 11.7 
Pe ieee) | So ) eee 
S,=m,.AG.H (Eq. 11.8) 
Ae 
= . ...(Eq. 11.9) 
€ (14+ e9) k 


These equations and the notation have already been dealt with in chapter seven. The 
vertical pressure increment Ao at the middle of the layer has to be obtained by using the 
theory of stress distribution in soil. 
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Time-rate of settlement: Time-rate of settlement is dependent, in addition to other fac- 
tors, upon the drainage conditions of the clay layer. If the clay layer is sandwiched between 
sand layers, pore water could be drained from the top as well as from the bottom and it is said 
to be a case of double drainage. If drainage is possible only from either the top or the bottom, it 
is said to be a case of single drainage. In the former case, the settlement proceeds much more 
rapidly than in the latter. 


The calculations are based upon the equation: 





pa ...(Eq. 11.10) 


Again, the use of this equation and the notation have been given in chapter seven. 

A large wheel load passing on a roadway resting on a clay layer will cause immediate 
settlement, which is, theoretically speaking, completely recoverable after the load has passed. 
If the load is applied for a long time, consolidation occurs. Judgement may be necessary in 
deciding what portion of the superimposed load carried by a structure will be sustained long 
enough to cause consolidation. 

In the case of foundation of finite dimensions, such as a footing resting on a thick bed of 
clay, lateral strains will occur and the consolidation is no longer one dimensional. Lateral 
strain effects in the field may induce non-uniform pore pressures and may become one of the 
sources of differential settlements of a foundation. 


11.3.3 Secondary Settlement or Secondary Compression 


Settlement due to secondary compression is believed to occur during and mostly after the 
completion of primary consolidation or complete dissipation of excess pore pressure. A few 
theories have been advanced to explain this phenomenon, known as ‘secondary consolidation’, 
and have already been given at the end of chapter seven. In the case of organic soils and 
micaceous soils, the secondary compression is comparable to the primary compression; in the 
case of all other soils, secondary settlement is considered insignificant. Further discussion of 
the concept of secondary settlement, being of an advanced nature, is outside the scope of the 
present work. 


*11.4 CORRECTIONS TO COMPUTED SETTLEMENT 


Certain corrections may be necessary for the computed settlement values—for example, for 
the effect of the construction period and for lateral strain. These and the accuracy of the com- 
puted settlement are dealt with, in brief, in the following subsections. 


11.4.1 Construction Period Correction 


The load from the structure has been assumed to act on the clay stratum instantaneously; but 
the application of the load is rather gradual as the construction proceeds. In fact, there will be 
a gradual stress release due to the excavation for the foundation and the net load becomes 
positive only after the weight of the structure exceeds that of the excavated material. No 
appreciable settlement occurs until this point of time. The “effective period of loading” is reck- 
oned as the time lapse from the instant when the load becomes positive until the end of the 
construction; the loading diagram during this period may be taken approximately a straight 
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line, as shown in Fig. 11.4(a). (Although some rebound and some recompression occur during 
the period of excavation and replacement of an equivalent load, their combined effect is con- 
sidered negligible and hence is ignored). 

An approximate method for the prediction of settlements during construction, advanced 
by Terzaghi and extended by Gilboy, is presented in Fig. 11.4 (b), as given by Taylor (1948). 
This method is based on the assumption that at the end of construction the settlement is the 
same as that which would have resulted in half as much time had the entire load been active 
throughout. 

When any specified percentage of the effective loading period has elapsed, the load act- 
ing is approximately equal to this percentage of the total load; at this time the settlement is 
taken as this percentage times the settlement at one-half of this time from the curve of time 
versus settlement under instantaneous loading. 











A Q 
+ 
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i Effective loading Time a 
period (assumed) | 
Excavation 
period . : 
e—— Construction period ————_—_»} Settlement CUING 
for instantaneous loading 
(a) Loading pattern during construction period (b) Prediction of settlements during construction 


Fig. 11.4 Graphical method for determination of settlements 
during loading period (After Taylor, 1948) 


Let OAB be the time-settlement curve for the given case for instantaneous loading. The 
settlement at the end of the effective loading period ¢ is equal to that at 4t on the curve OAB. 
Point C is obtained on the curve by projecting A horizontally onto the vertical through t,. 


For any time ż <t,, the curve OAB shows a settlement FD at time $t,. Since the load at 


time ż is t,/t, times the total load, the settlement at time ¢, is obtained by multiplying FD by 
this ratio. This is done graphically by joining O to D and projecting the vertical through t, to 
meet OD in E. Then E represents the corresponding point on the corrected time-settlement 
curve. 

Repeating this procedure, any number of points on the curve may be obtained; the thick 
curve is got in this manner. Beyond point C, the curve is assumed to be the instantaneous 
curve AB, offset to the right by one-half of the loading period (for example, BG = AC). Thus, 
after the construction is completed, the elapsed time from the start of loading until any given 
settlement is reached is greater than it would be under instantaneous loading by one-half of 
the loading period. 
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11.4.2 Correction for Lateral Strain 


The assumption that the soil does not undergo lateral strain made in the one-dimensional 
consolidation theory, is true for the oedometer sample; however, such a condition may not be 
true for the clay stratum in the field. This condition may still be achieved if the clay layer is 
thin and is sandwiched between unyielding layers of granular material or if the loaded area is 
large compared to the thickness of the compressible layer. Otherwise, lateral deformation 
takes place and the consolidation will no longer be one-dimensional, which could lead to errors 
in the computed settlements using the Terzaghi theory. 

Skempton and Bjerrum (1957) have suggested a semi-empirical correction, based upon 
Skempton’s pore pressure parameter A. The correction factor may be obtained from Fig. 11.5 
for different H/B ratios, H being the thickness of the clay layer and B the width of the foundation. 
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Fig. 11.5 Correction factor for the effect of lateral strain on consolidation settlement 
(After Skempton and Bjerrum, 1957) 
The corrected consolidation settlement S is obtained from: 
S =C.S, (Eq. 11.11) 
where C is the correction factor and S, is the computed consolidation settlement. 


It may be difficult to evaluate the A-parameter accurately; in such cases it may be advis- 
able not to apply the correction, owing to uncertainty. 


*11.5 FURTHER FACTORS AFFECTING SETTLEMENT 


There are a few other factors which affect the settlement and which need consideration. Two 
of the important factors among these are the rigidity of a structure and the horizontal drain- 
age; these two are considered in the subsections to follow. 


11.5.1 Rigidity of a Structure 


Considerable judgement must be used in choosing the values of load which are effective in 
causing settlement; the average load with respect to time must be used rather than the 
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maximum value, especially during the early stages of settlement. However, the structural 
members such as the columns and footings must be designed for maximum loads. 

The structural engineer determines the column loads based on the assumption that all 
columns undergo equal settlement. This assumption is reasonable for a large and perfectly 
flexible structure, such as one with timber framing and brick bearing walls, in which consider- 
able unequal settlements can occur without causing significant changes in load distribution. 
However, in the case of small structures of concrete or steel framing, the settlement of any 
individual footing causes considerable readjustment in the load on this and the adjacent footings. 

This is analogous to the settlement of supports of a continuous beam. For example, if 
the middle support of a three-span continuous beam settles, the reaction or the load on it gets 
reduced and that on the other supports gets increased correspondingly. Depending on the 
magnitude of the settlement, the middle support may not carry any load at all, having trans- 
ferred the entire load to the other supports. Although it is possible to predict the changes in 
the column loads consequent to known differential settlements, the procedures are cumber- 
some. Thus, it is common in settlement analysis to assume column loads for equal settlement. 
The assumption of flexible construction is always on the safe side since it leads to greater 
differential settlements than actually occur. The effect of rigidity is, therefore, a desirable one, 
both for the building as a whole and with reference to local irregularities. In rigid construction, 
the start of settlement at a footing immediately transfers much of the footing load to the 
adjacent footings, thus greatly relieving all undersirable effects. 

For a clearer understanding let us consider the two types of buildings founded on a 
compressible foundation, as shown in Fig. 11.6. 


Flexible building Rigid building 












































Fig. 11.6 Pressure distributions and settlement patterns for flexible and rigid structures 
underlain by buried compressible strata (After Taylor, 1948) 
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The flexible building shown in Fig. 11.6(a) will exert on the soil just below it a pressure 
distribution which is nearly uniform, shown by curve (1). This will cause a bell-shaped pres- 
sure distribution at the top of the buried compressible stratum, represented by curve (2). The 
settlement pattern of the surface of the stratum will then be as shown by curve (3). If the soil 
above is of better quality as a foundation material than the compressible stratum, the latter 
will be the source of practically all the settlement; the settlement pattern at foundation level is 
as shown by curve (4), similar to curve (8). 

For the rigid building shown in Fig. 11.6(6), the settlement pattern is known and the 
curves must be considered in reversed order as compared to (a). The building must settle 
uniformly as shown by curve (2); the pressure must then be about uniform, as in (3). By com- 
paring with (a), since the bell-shaped pressure distribution results from uniform pressure 
distribution just below the foundation, it may be deduced that in (b) the surface pressure 
distribution, required to cause pressure distribution at the compressible stratum shown by (3), 
should appear somewhat as shown by curve (4). 

Thus, under a flexible structure with uniform loading, settlement at the centre is more 
than that at the edges, while, for a rigid structure the pressure near the edges of the loaded 
area is greater than that near the centre. The differential settlement in case (a) may result in 
cracking of the walls; in case (b) the upper storeys are not subject to distortion or cracking. But 
the existence of greater pressures on the outer portions of slabs in case (b) should be recog- 
nised in the design. 


11.5.2 Horizontal Drainage 


The hydrostatic excess pressures at the same depth may be different at different points under- 
neath a loaded area, especially if the structure is supported on piles or columns carrying dif- 
ferent loads. This creates horizontal flow or drainage due to the gradients in the horizontal 
directions. 
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Fig. 11.7 Effect of horizontal flow on consolidation 
(After Gould, 1946; as presented by Taylor, 1948) 
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The effect of this horizontal drainage is to accelerate the time-rate of consolidation when 
compared with the situation of one-dimensional flow or drainage. It has no effect on the total 
settlement. 


The magnitude of this effect is dependent upon the size of the structure relative to the 
depth and thickness of the clay stratum, the effect being greatest when the plan size of the 
structure is small. This effect also depends greatly on the relative magnitude of the soil prop- 
erties in the horizontal and vertical directions. 

The effect of horizontal drainage, as presented by Gould (1946), based on his investiga- 
tion with reference to a simple building, 21 m square, is shown in Fig. 11.7. 

It can be observed that the effect of horizontal drainage is to make the settlement pro- 
ceed faster than in the case of one-dimensional drainage; however, this effect may not be 
important in many cases. 


11.6 OTHER FACTORS PERTINENT TO SETTLEMENT 


Three other matters pertinent to settlement—viz., accuracy of computed settlements, permis- 
sible settlements and remedial measures are dealt with in the following sub-sections. 


11.6.1 Accuracy of Computed Settlement 


The accuracy of the computed settlements is naturally dependent upon the degree or extent to 
which the assumptions involved in the theories made use of in the analysis are valid in any 
given case. 

Assumptions made for the interpretation of the geological profile, especially values used 
for thickness of the strata, may lead to errors if they are incorrect. Similarly the use of soil 
properties obtained from partially disturbed samples, especially the consolidation characteris- 
tics may lead to errors in the estimate of total settlement as well as speed of settlement. But 
these are inaccuracies in data and not in the analysis, as such. The primary assumption re- 
garding the one-dimensional nature of the compression may be valid only in the case of deeply 
buried clay strata; in other cases, the effects of lateral strain may be considerable. 

The theories of stress distribution in soil, used in the settlement analysis, involve as- 
sumptions which may not be true in practice. For example, the assumption that soil is per- 
fectly elastic, homogeneous and isotropic is nowhere near the facts. However, it is considered 
that the accuracy is not affected significantly by this erroneous assumption. 

In conclusion it may be stated that settlement analyses usually give results which are at 
best crude estimates; however, even a crude estimate may be considered very much better 
than a pure guess or conjecture, which may be the only alternative. 


11.6.2 Permissible Settlements 


It is not easy to decide what value of settlement will have a detrimental effect on a structure. 
This is because uniform settlement will have little adverse effect on the structural stability, 
but even small differential settlement may cause trouble. There are two main ill-effects of 
differential settlements: (i) the architectural effect (cracking of plaster, for example) and (iz) 
the structural effect (redistribution of moments and shears, for example, which may ultimately 
lead to failure). 
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Many building codes and foundation authorities place restriction on differential settle- 
ment. Terzaghi and Peck (1948) specify a permissible differential settlement of 20 mm be- 
tween adjacent columns and recommend that foundations on sand be designed for a total 
settlement of 25 mm. Skempton and MacDonald (1956) specify that the angular rotation or 
distortion between adjacent columns in clay should not exceed 1/300, although the total settle- 
ment may go up to 100 mm. Sowers (1957) recommends, in his discussion of the paper by 
Polshin and Pokar (1957) a maximum differential settlement of 1/500 for brick buildings and 
1/5000 for foundations of turbogenerators. Bozozuk (1962) summarised his investigations in 
Ottawa as follows: 








Angular rotation Damage 
1/180 None 
1/120 Slight 
1/90 Moderate 
1/50 Severe 














The I.S.I. (IS: 1904-1961) recommends a permissible total settlement of 65 mm for iso- 
lated foundations on clay, 40 mm for isolated foundations on sand, 65 to 100 mm for rafts on 
clay and 40 to 65 mm for rafts on sand. The permissible differential settlement is 40 mm for 
foundations on clay and 25 mm for foundations on sand. The angular distortion in the case of 
large framed structures must not exceed 1/500 normally and 1/1000 if all kinds of minor dam- 
age also are to be prevented. 

Maximum and differential settlements as specified in IS: 1904-1978 “Code of Practice 
for structural safety of Buildings: Shallow foundations (Second revision)” are shown in 
Table 11.4. 


Opinions on this subject vary considerably and were discussed by Rutledge (1964). 


11.6.3 Remedial Measures Against Harmful Settlements 
Settlement of soil is a natural phenomenon and may be considered to be unavoidable. How- 
ever, a few remedial measures are possible against harmful settlement (Jumikis, 1962): 
1. Removal of soft soil strata, consistent with economy. 
2. The use of properly designed and constructed pile foundations (chapter 16). 
3. Provision for lateral restraint against lateral expulsion of soil mass from underneath 
the footing of a foundation. 
4. Building slowly on cohesive soils to avoid lateral expansion of a soil mass and to give 
time for the pore water to be expelled by the surcharge load. 


5. Reduction of contact pressure on the soil; more appropriately, proper adjustment be- 
tween pressure, shape and size of the foundation in order to attain uniform settlements 
underneath the structure. 

6. Preconsolidation of a building site long enough for the expected load, depending upon 
the tolerable settlements; alternatively, any other method of soil stabilization (chapter 
17). 
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In order to make large settlements harmless, structures may be designed as statically 
determinate systems; the structures and their foundations may be designed as rigid units; 
and, long structures may be subdivided into separate units. 


Sometimes, structures such as bridges and water towers are supported at three points; 
this facilitates jacking up the structure at any support so that the structure may be raised and 
levelled as settlement occurs. 

The need for thorough soil exploration and soil testing is obvious in the context of achiev- 
ing these objectives. 


11.7 SETTLEMENT RECORDS 


Settlement records offer an excellent test of the accuracy of settlement analysis; as such, the 
maintenance of such records, wherever possible, is considered very valuable. However, differ- 
ent factors make it difficult to maintain such records; for example, very slow progress of settle- 
ments, winding up of construction organisations and the waning interest after the completion 
of construction. Careful comparison of settlement records with predicted values of settlements 
goes a long way in the development of better methods of analysis for future use. 

The most common method of observing settlements uses periodic lines of levels and 
observing a representative group of reference points. Special levelling devices, such as the one 
described by Terzaghi (1938), may be used for more accurate records. In any case, a reliable 
and dependable benchmark must be available and in a locality where there is a deeply buried 
clay layer, benchmarks that are not disturbed by settlement are difficult to be obtained. Bench- 
marks are to be founded on firm ground, preferably on ledge or hard rock, for them to be 
satisfactory, even if this means extending to a depth of more than 30 m. 


11.8 CONTACT PRESSURE AND ACTIVE ZONE FROM PRESSURE 
BULB CONCEPT 


The concepts of contact pressure and active zone in soil based on the pressure bulb concept are 
relevant to settlement computation and hence are treated in the following sub-sections. 


11.8.1 Contact Pressure 


‘Contact pressure’ is the actual pressure transmitted from the foundation to the soil. It may 
also be looked upon as the pressure, by way of reaction, exerted by the soil on the underside of 
the footing or foundation. A uniformly loaded foundation will not necessarily transmit a uni- 
form contact pressure to the soil. This is possible only if the foundation is perfectly ‘flexible’; 
the contact pressure is uniform for a flexible foundation irrespective of the nature of the 
foundation soil. 

If the foundation is ‘rigid’, the contact pressure distribution depends upon the type of 
the soil below the foundation as shown in Fig. 11.8. 

On the assumption of a uniform vertical settlement of the rigid foundation, the theoreti- 
cal value of the contact pressure at the edges of the foundation is found to be infinite from the 
theory of elasticity, in the case of perfectly elastic material such as saturated clay ( = 0). 
However, local yielding of the soil makes the pressure at the edges finite, as shown in Fig. 11.8(a). 
Under incipient failure conditions the pressure distribution, tends to be practically uniform. 


408 GEOTECHNICAL ENGINEERING 


ia 


a) Clay (saturated) b) Sand (c = 0) (c) c-6 soil 
ie : perfectly elastic) 























Fig. 11.8 Contact pressure distribution under a uniformly loaded rigid foundation 


For a rigid foundation, placed at the ground surface on sand (c = 0), the contact pressure 
at the edges is zero, since no resistance to shear can be mobilised for want of over-burden 
pressure; the pressure distribution is approximately parabolic, as shown in Fig. 11.8(6). The 
more the foundation is below the surface of the sand, the more the shear resistance developed 
at the edges due to increase in overburden pressure, and as a consequence, the contact pres- 
sure distribution tends to be more uniform. 

For a general cohesive-frictional soil (c — soil) the contact pressure distribution will be 
intermediate between the extreme cases of (a) and (b), as shown in Fig. 11.8(c). Also for a 
foundation such as a reinforced concrete foundation which is neither perfectly flexible nor 
perfectly rigid, the contact pressure distribution depends on the degree of rigidity, and as- 
sumes an intermediate pattern for flexible and rigid foundation. However, in most practical 
cases the assumption of uniform contact pressure distribution yields sufficiently accurate de- 
sign values for moments, shears and vertical stresses, and hence is freely adopted. 


11.8.2 Active Zone from Pressure Bulb Concept 


Terzaghi (1936) related the bulb of pressure with the seat of settlement. Since it is possible to 
obtain an infinite variety of pressure bulbs for any applied pressure, one has to refer to an 
assumed isobar like that for (1/n)th of the contact pressure, q, as shown in Fig. 11.9. 







Unstressed zone 
0% isobar 





Stressed 
zone 





Ali, 2 
a q-isobar 





Fig. 11.9 The (1/n) . (g)-isobar (Jumikis, 1962) 
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Terzaghi pointed out that the depth, D„ of the (1/n) (q)-isobar increases in direct pro- 
portion to the width of the loaded area for similar shapes of these areas: 


B 
oo Px = Constant = fín) ... (Eq. 11.12) 


Terzaghi also observed that direct stresses are considered negligible when they are 
smaller than 20% of the contact stress from structural loading and that most of the settlement, 
nearly 80% of the total, takes place at a depth less than D, _;, (D,,_; is the depth of the 0.20q- 
isobar). Therefore, the isobar of 0.20q may be taken to define the contour of the pressure bulb, 
which is the stressed zone within a homogeneous soil medium. The stress transmitted by the 
applied foundation loading on to the surface of this isobar is resisted by the shear strength of 
soil at this surface. The region within the 0.20q-isobar is called by Terzaghi the “seat of settle- 
ment”. 

For a homogeneous, elastic, isotropic and semi-infinite soil medium, D, -5 ~ 1.5B is 
considered good. (For a uniform and thick sand, D, -5< 1.5B). 

The wider the loaded area, the deeper the effect for isobars of the same intensity, as 
shown in Fig. 11.10. 
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Fig. 11.10 Effect of width of foundation on depth of isobars (Jumikis, 1962) 





(This will be again referred to in the plate load test in chapter 14). 

The depth D,- to which the 0.20q-isobar extends below the foundation, which gives 
the seat of settlement, is termed the ‘active zone’. The thickness of the active zone extends 
from the base of the foundation to that depth where the vertical stresses from the structure 
are 20% of the magnitude of the over-burden pressure of the soil, which contributes to most of 
the settlement. This is shown in Fig. 11.11. 

The soil layers below the active zone are considered as being ineffective, small stresses 
being ignored. In other words, even if compressible strata exist below the active zone, their 
effect on the settlement is negligible. 

It may be noted that, while the vertical stress diagram due to self-weight of soil starts 
with zero value at ground surface and increases linearly with depth, the stress diagram due to 
contact pressure caused by structural loading starts with the value of contact pressure at the 
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base of the foundation and decreases with depth in a curvilinear fashion based on the theory 


used. 
This concept will again be used in the determination of the depth of exploratory borings 


(Chapter 18). 
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Fig. 11.11 Active zone in soil due to loading (Jumikis, 1962) 


If several loaded footings are placed closely enough, the isobars of individual footings 
would combine and merge into one large isobar of the same intensity, as shown in Fig. 11.12. 
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Fig. 11.12 Merging of closely-spaced isobars into one large isobar of the same intensity, 
reaching far deeper than the individual isobars (Jumikis, 1962) 
The large isobar reaches about D, _; ~ 1.5B below the base of the closely spaced footings, 
where B is the overall width between the extreme footings. 
This concept will again be referred to in chapter 16 with regard to the settlement of a 
closely spaced group of friction piles. 
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11.9 ILLUSTRATIVE EXAMPLES 


Example 11.1: A reinforced concrete foundation, of dimensions 18 m x 36 m, exerts a uniform 
pressure of 180 kN/m? on a soil mass, with E-value 45 MN/m?. Determine the value of immedi- 
ate settlement under the foundation. 
The immediate settlement, S,, is given by: 

q.B-v") 
‘i E 
E = 45 MN/m?, q = 180 kN/m?, B =18 m 
Assume v = 0.5 
I for L/B = 36/18 = 2 is 1.00 


2 
se 180 x 18(1- 0.5") x 100 m 
i 45 x 1000 
= 0.054 m = 54 mm. 
Example 11.2: The plan of a proposed spoil heap is shown in Fig. 11.13(a). The heap will stand 
on a thick, soft alluvial clay with the E-value 18 MN/m?. The eventual uniform bearing pres- 
sure on the soil will be about 270 kN/m?. Estimate the immediate settlement under the point 
X at the surface of the soil. 
The area is imagined to be divided into rectangles such that X forms one of the corners 
for each. This is as shown in Fig. 11.13(b). 


The structure is flexible and the soil deposit is thick. 
a-vô 


S 
I, being Terzaghi influence value, dependent on L/B. 


S i 





Therefore, S.=q.B 


L 





.I, 


By the principle of superposition, 
a-v?) 
E 





S.=q. (I, B, +I, -Bz + I, Bs) 


Ll 
S 


For Rectangle (1): 
L/B = 150/50 = 3, I, = 0.88 


For Rectangle (2): 
LIB = 50/50 = 1, I, = 0.56 
For Rectangle (3): 
LIB = 50/25 = 2, I, = 0.76 
E = 18 MN/m?, q = 270 kN/m? 
Assume v = 0.5 
pee ee ree E ee T 
i 18 x 1000 ` ` 
270 x 0.75 


= 78x1000 * 91m = 1.024 m. 
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(a) Plan of heap (b) Division into rectangles 


Fig. 11.13 Spoil Heap (Ex. 11.2) 


Example 11.3: A soft, normally consolidated clay layer is 18 m thick. The natural water con- 
tent is 45%. The saturated unit weight is 18 kN/m? ; the grain specific gravity is 2.70 and the 
liquid limit is 63%. The vertical stress increment at the centre of the layer due to the founda- 
tion load is 9 kN/m?. The ground water level is at the surface of the clay layer. Determine the 
settlement of the foundation. 


Initial vertical effective stress at centre of layer 


18 
= (18 — 9.81) x z 7 73.71 kN/m? 


Final effective vertical stress = 73.71 + 9.0 = 82.71 kN/m? 
Initial void ratio, e) = w . G = 0.45 x 2.70 = 1.215 
C, = 0.009 (63 — 10) = 0.477 


18 x 0.477 82.71 
i= o logio 
(1+ 1215) 73.71 
= 0.194 m 
= 194 mm. 
This procedure may be used for rough estimate of the settlement of a small structure. 
For large structure, consolidation characteristics must be got from laboratory tests. 


Example 11.4: A footing foundation for a water tower carries a load of 9000 kN and is 3.6 
metres square. It rests on dense sand of 9 m thickness overlying a clay layer of 3 metres depth. 
The clay layer overlies hard rock. Liquid limit of clay is 54%, water content 40.5%, and grain 
specific gravity is 2.70. The saturated unit weight of dense sand is 18.9 kN/m®. Estimate the 
ultimate settlement due to consolidation of the clay layer, assuming the site to be flooded. 
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(a) Soil profile (b) Plan of footing 


Fig. 11.14 Soil profile and plan of footing (Ex. 11.4) 


The data area shown in Fig. 11.14. 

The dimensions of the footing are more than one-third the depth at which the vertical 
stress is to be computed. Therefore the load may be taken as being uniformly distributed. 

_ 9000 
1= 36x36 

Since the stress below the centre of the footing is required, the area may be divided into 
four squares and the load from each square may be treated as a point load, acting at the centre 
of the square. 

The radial distance of 0 from each point load, 


= 694.4 kN/m? 











r = 0.942 m 
r 09/2 _ 9 i919 
z (9+15) 
Influence factor, Kp = ae a= (8/2n) nee = 460 
r2 {1+ (0.1212)?} 
Lt 
2 
= one x 2000 = 414/(10.5)? = 37.55 kN/m? 





0,=4x 
i (10.5)? 4 
Void ratio for clay = wG = 0.405 x 2.70 = 1.094 
(G+e)  _(2.70+1094 
(l+e) ” ( 2.094 
y for dense sand = 9.1 kN/m? y for clay = 7.75 kN/m? 
Overburden pressure at 10.5 m depth = (9 x 9.1 + 1.5 x 7.75) = 101.53 kN/m? 
C, = 0.009(54 — 10) = 0.396 


300 x 0.396 (ae + 37.55 
ae log 19 | ——— aT 





Year for clay = x 9.81 = 17.56 kN/m 


Consolidation settlement, S, = cm = 7.8 cm. 


2.094 10153 
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Example 11.5: A clay stratum of 18 metres thickness was found above a sand stratum when a 
boring was made. The clay was consolidated under the present overburden pressure. The hy- 
drostatic pressure at top of the clay stratum was found to be 54 kN/m?. Due to pumping of 
water from the sand stratum, the pressure in the pore water below the clay layer was reduced 
permanently by 54 kN/m?. If the void ratios of clay before and after pumping were 0.93 and 
0.90, respectively, calculate the ultimate settlement due to pumping. 

The settlement is caused due to reduction of water pressure by pumping in this case. 
The pressure is thus transferred to the soil grains as effective pressure, as shown in Fig. 11.15(c): 


e y e y 


Pressures in kN/m” 

















je¢—— (54 + 18 x 10) —>] j¢—— (18 x 10) —>] je— (54) > 
(a) Neutral pressure (b) Neutral pressure (c) Increase in 
before pumping after pumping effective pressure 


Fig. 11.15 Pressure conditions before and after pumping (Ex. 11.5) 


Ao = 54 kN/m? 
e,=0.938 e,=0.90 Ae=0.03 
Ae 0.03 
pees a 
is pi MEN 
m = U0: x : zo = 2.88 x 10+ m?/kN 





Y 54  (1+0.93) 54x193 
Consolidation settlement 
S =m, A5- H 
0.03 


= — — x 54 x 1800 cm 
54 x 193 


= 28 cm. 
Ultimate settlement = 28 cm. 
Example 11.6: A clay layer 24 metres thick has a saturated unit weight of 18 kN/m?. Ground 
water level occurs at a depth of 4 metres. It is proposed to construct a reinforced concrete 
foundation, length 48 m and width 12 m, on the top of the layer, transmitting a uniform pres- 
sure of 180 kN/m?. Determine the settlement under its centre. E for the clay is 33 MN/m? 
obtained from triaxial tests. Initial void ratio = 0.69. Change in void ratio = 0.02. 
The details of the foundation are shown in Fig. 11.16. 
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12m | Centre of 
clay layer 
(a) Plan (b) Pictorial view 


Fig. 11.16 Details of foundation (Ex. 11.6) 
The vertical stress increment at the centre of the clay layer may be obtained by dividing 
the loaded area into four rectangles as shown. 

m = BIz = 6/12 = 0.5 

n = Liz = 24/12 = 2.0 
Influence factor from Fadum’s chart = 0.135 

o, = 4 x 1800 x 0.135 = 97.2 kN/m? 
Immediate settlement: 


Since the thickness of the layer is less than 4B, Steinbrenner’s coefficient I from Fig. 11.3 
may be used in 


(1-v?) 
E 





S,=q.B . I, and applying the principle of superposition for the four rectangles as in 


s 
the case of stress. 
L/B = 24/6 = 4, H/B = 24/6 = 4 (H here is the thickness of the clay layer). 
Since all four rectangles are identical, 
total value of I, = 4 x 0.48 = 1.92 


S; = 180 x 6 x 33505 


= 0.0377 m = 37.7 mm 
Consolidation settlement: 





x 1.92 x 0.8 (assuming v = 0.5 and rigidity factor as 0.8) 


Initial effective overburden pressure at centre of clay layer 
= 18 x 12 — 9.81 x 8 = 137.52 kN/m? 








A 
Consolidation settlement, S =H. : 
c (1 + ep) 
24 002 0.284 284 
= x =y. = 
169 ™ m mm 


Total settlement S = S, + S, = 37.7 + 284.0 mm = 321.7 mm. 
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Example 11.7: The loading period for a building extended from Feb., 1957 to Feb., 1959. In 
Feb., 1962, the average measured settlement was found to be 117 mm. The ultimate settle- 
ment was expected to be 360 mm. Estimate the settlement in Feb., 1967, assuming double 
drainage to occur. What would be this result if the measured settlement in Feb., 1962 was 153 
mm instead of 117 mm? 

The reckoning of time is conventionally done from mid-way through the construction or 
loading period. In this case, 

S, = 117 mm when t = 4 years. S, = 360 mm. 

The settlement is required at time t = 9 years. 

Let us assume, in the first instance, that at t = 9 years, 

U, the degree of consolidation is less than 50%. 


In such a case, U = 1.18 JT, , where T, is the Time-factor. 


S4 _U, U,_ |D, 
So Uy Uy Ty 


Sa _ [ha , since a! is a constant. 
Sg to H 


at 
S; =V9 = 2/3 


Sy = (3/2) x 117 = 175.5 mm 
Sg _ 175.5 
S. 360.0 
If S, = 153 mm at t = 4 years, 
U, = 153/360 = 42.5% 
For double drainage, 
this corresponds T,= 0.142, since T, = (1/4)U? 
Then a “ee OF E 
H H 4 
For t = 9 years, Ty; = 0.0355 x 9 = 0.3195 = 0.32 











Thus, T,, = < 50%. Hence the relationships used are valid. 








Correspondingly U, = 0.632 

Hence the settlement in Feb., 1967 = 0.632 x 360 = 227.5 mm. 
Example 11.8: A building was to be constructed on a clay stratum. Preliminary analysis indi- 
cated a settlement of 60 mm in 6 years and an ultimate settlement of 250 mm. The average 
increase of pressure in the clay stratum was 24 kN/m?. 

The following variations occurred from the assumptions used in the preliminary analysis: 

(a) The loading period was 3 years, which was not considered in the preliminary analy- 

sis. 
(b) Borings indicated 20% more thickness for the clay stratum than originally assumed. 
(c) During construction, the water table got lowered permanently by 1 metre. 
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Estimate: 
(i) the ultimate settlement, 
(ii) the settlement at the end of the loading period, and 
(iii) the settlement 2 years after completion of the building. 
From preliminary analysis, the ultimate settlement is 25 cm. This will change because 
of the altered conditions given in (b) and (c). 
Settlement S varies in direct proportion to the thickness of stratum. 


120 
<. Modified value of ultimate settlement will be obtained by using the factor Too %® 6/5. 


Due to lowering water table, effective stress increases. In this case the increase in effec- 
tive stress is y,, . H or 9.81 x 1 kN/m?. 

Approximately, settlement varies linearly with an increase in effective stress. There- 
fore, the modified value on this count will be got by using the factor 33.81/24. 


6 33.81 








Final value of ultimate settlement = 250 x 5 x a~ 422.6 mm 
Poe ; : 6 33.81 
Similarly, modified value of settlement in 6 years = 60 x 5 x A 101.4 mm 


But since the loading is also to be considered this settlement is supposed to occur in 
(6 + 3/2) or 7.5 years. 


Since = = fe. 
So ty 


; ; 1014 
Settlement at the end of loading period, = V5 xVL5 = 45.35 mm 


Similarly, settlement 2 years after completion of the building is: 
1014 
V7.5 


Example 11.9: The plan of a proposed raft foundation 18 m x 54 m is shown in Fig. 11.7(a). 
The uniform pressure from the foundation is 324 kN/m?. Site investigation shows that the top 
6 m of subsoil is saturated coarse sand with a unit weight of 18.0 kN/m?. The ground water 
level occurs at 3.00 m from the top of sand. The standard penetration value of the sand taken 
at a depth of 4.50 m is 18. Below the sand there exists a clay layer of 30 m thickness (E = 16.2 
MN/m2, E welling = 63 MN/m?). The clay rests on hard rock. Determine the total settlement 
under the foundation. 


. v3.5 = 69.27 mm. 


Vertical stress increments: 

Net pressure = 324 kN/m? 

Relief due to excavation of 1.5 m sand = 18 x 1.5 = 27 kN/m? 
Gross pressure = (324 + 27) = 351 kN/m?. 
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6m| = 3 
i Sand ysa = 18 kN/m ;N =18 
© 
m, = 0.00015 m°/kN 
2 
E = 16.2 MN/m 
m, = 0.00011 Clay 2 
E swelling = 63 MN/m 
30M m, = 0.00009 
m, = 0.000075 
Clay 
m, = 0.000045 
Hard rock 
(a) Plan of foundation (b) Soil profile at the site 


Fig. 11.17 Raft foundation (Ex. 11.9) 


The foundation is split into four rectangles as shown and Fadum’s’ chart is used: 


3 3 9 





Immediate settlement (Sand): 


N = 18 6, = 4.5 x 18 — 1.5 x 9.81 = 66.3 kN/m? 
C 
C =15 < 
Oo 
But C, = 400 N = 400 x 18 = 7200 kN/m? 





162.9 66.3 
Since most part of the sand below the foundation is submerged customarily it is as- 
sumed that the settlement will be doubled. 


=, OST ios (= : 220) m = 0.0487 m = 48.7 mm 
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S; for sand = 2 x 48.7 = 97.4 mm 
Clay: 
With reference to Fig. 11.3(0), 
H = 4.5 m; H, = 34.5 m 


For H,: 
H, 345 
LIB = 27/9 = 3; — == = 3.83 .. I =0.47 
B 9 s 
For H;: 
(pag gs - I =0.07 
— pi B 9 at U5 oe eo A 


B 
S =q. (1 -v2 x 4I x (rigidity factor) 


S., taki ee 9 x 0.75 x 4(0.47 — 0.07) x 0.8 
p taking gross pressure = 7559 * 9 x 0.75 x 4(0.47 — 0.07) x 0. 


= 0.1872 m = 187.2 mm 
Heave effect: 
Relief pressure due to excavation = 1.5 x 18 = 27 kN/m? 


27 
Heave = 62000 x 9 x 0.75 x 4(0.47 — 0.07) x 0.8 


= 0.0037 m = 3.7 mm 
Net immediate settlement in clay = 187.2 — 3.7 = 183.5 mm 
The heave effect is obviously insignificant except for great depth of excavation. 


Consolidation Settlement: 
The clay layer is divided into five layers of 6 m thickness. 


my Ao, m,.Ao,.H 
0.000150 263 0.2367 
0.000110 197 0.1300 
0.000090 146 0.0788 
0.000075 112 0.0504 
0.000045 87 0.0235 
0.5194 = 519.4 mm 


Total settlement = (97.4 + 183.5 + 519.4) mm = 800 mm. 


SUMMARY OF MAIN POINTS 


1. For a detailed settlement analysis, the soil profile and soil properties at the site of the structure 
and the stresses in the soil before and after loading are necessary. 

2. The total settlement may be considered to be composed of initial settlement due to elastic com- 
pression, consolidation settlement due to primary compression and secondary settlement due to 
secondary compression; the latter two phenomena are restricted to cohesive soils. 
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Corrections to the computed settlement values will be necessary for the construction or loading 
period and for the occurrence of lateral yielding or strain; the time for assessing the time-rate of 
settlement is customarily reckoned from the middle of the loading period. 

Rigidity of the structure and horizontal drainage are further factors affecting the settlement. 
The accuracy of computed settlements is dependent upon the degree to which the inherent as- 
sumptions in the analysis are valid in a given field situation. Certain authorities specify permis- 
sible values for different kinds of structures and foundations, both in respect of total settlement 
and of differential settlement. 

Certain remedial measures such as preconsolidation of the site and soil stabilization are possi- 
ble for guarding against the occurrence of harmful settlements. 

Settlement records are recommended to be maintained after the completion of a structure as 
these serve as a useful indication with regard to the accuracy of the method of analysis. 
Contact pressure is the actual pressure transmitted from the foundation to the soil; it is uniform 
only for a perfectly flexible structure irrespective of the type of soil. The contact pressure distri- 
bution for a rigid structure is dependent on the nature of the soil. 

The Terzaghi active zone in a stressed soil mass is the zone within the 0.20q-isobar or pressure 
bulb; 80% of the settlement occurs due to the stress increase in this zone; the depth to which this 
isobar extends (= 1.5B) gives an idea of the depth to which exploratory borings should be made. 
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QUESTIONS AND PROBLEMS 


11.1 


11.2 


11.3 


11.4 


11.5 


11.6 


11.7 


11.8 


Write brief critical notes on ‘Settlement of foundation’. 
(S.V.U.—B. Tech. (Part-time)—Sept., 1983) 

Write brief critical notes on ‘Tolerable settlements for buildings and other structures’. 

(S.V.U.—Four-year B. Tech.—Oct. & Dec., 1982) 
Explain the recommended construction practices to avoid detrimental differential settlement in 
large structures. (S.V.U.—B.E. (Part-time)—Dec., 1981) 
Differentiate between ‘total settlement and ‘differential settlement’. What are the harmful effects 
of differential settlement on structures? What are the possible remedial measures? 
How does the construction period affect the time-rate of settlement of a structure? What is the 
‘effective loading period’? 
(a) What is ‘contact pressure”? How does it depend on the type of structure and type of soil? 
(b) What is ‘active zone’ in soil? Explain it with reference to the pressure bulb concept. 
A reinforced concrete foundation, 20 m x 40 m, transmits a uniform pressure of 240 kN/m? to a 
soil mass, with E-value 40 kN/m?. Determine the value of immediate settlement of the founda- 
tion. 
The plan of a proposed spoil heap is shown in Fig. 11.18. The heap will stand on a thick deposit 
of soft clay with E-value 15 MN/m?. The uniform pressure on the soil may be assumed as 150 kN/m?. 
Estimate the immediate settlement under the point marked X at the surface of the soil. 
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11.9 


11.10 


11.11 


11.12 








40 m 
¢+-——> | 
* 
120 m 
20 
m M— 
X 
40 m 
v 








Fig. 11.18 Plan of spoil heap (Prob. 11.8) 


A boring indicates the existence of a 20-metre thick clay stratum above sand. The hydrostatic 
pressure at the top of the clay layer is 60 kN/m?. The pore pressure at the bottom of the clay layer 
is reduced permanently by 60 kN/m? by pumping. If the void ratio of clay is reduced from 1.000 
to 0.975 by pumping, estimate the ultimate settlement due to this. 
A clay layer 25 metres thick has a saturated unit weight of 19.2 kN/m?. Ground water level 
occurs at a depth of 5 metres. It is proposed to construct a reinforced concrete foundation, 12.5 m 
x 50 m, on top of the layer, to transmit a uniform pressure of 150 kN/m?. 
Determine the settlement at its centre, assuming that the void ratio drops from 0.725 to 0.700 
due to loading. E for the clay is 30 MN/m?. 
The loading period for a building extended from Aug., 1962 to Aug., 1965. The average settle- 
ment was found to be 100mm in Aug., 1968. The ultimate settlement was expected to be 
300 mm. Estimate the settlement in Aug., 1972, if there is double drainage. 
Preliminary settlement analysis for a building indicated a settlement of 50 mm in 4 years and 
an ultimate settlement of 250mm. The average pressure increment in the clay stratum was 
30 kN/m?. 
If the following variations occurred in the assumptions, determine the revised value of ultimate 
settlement and the settlements at the end of the loading period and that at 3 years after the 
completion of the building. 
(i) The loading period was 2 years, which was not considered in the preliminary analysis. 
(ii) Borings indicated 25% more thickness for the clay layer than originally assumed. 
(iii) The water table got lowered permanently during construction by 1.5 metres. 


Chapter l 2, 


CompPacTION OF SOIL 


12.1 INTRODUCTION 


‘Compaction’ of soil may be defined as the process by which the soil particles are artificially 
rearranged and packed together into a state of closer contact by mechanical means in order to 
decrease its porosity and thereby increase its dry density. This is usually achieved by dynamic 
means such as tamping, rolling, or vibration. The process of compaction involves the expulsion 
of air only. 

In the natural location and condition, soil provides the foundation support for many 
structures. Besides this, soil is also extensively used as a basic material of construction for 
earth structures such as dams and embankments for highways and airfields. The general 
availability and the relatively low cost are the chief causes for using soil as construction mate- 
rial. Properly placed and compacted, the resulting soil mass has better strength than many 
natural soil formations. Such soil is referred to as a ‘compacted earth fill’ or a ‘structural earth 
fill’. 

For the purpose of supporting highways or buildings or for retaining water as in earth 
dams, the soil material must possess certain properties while in-place. These desirable fea- 
tures can be achieved by proper placement of an appropriate soil material. Most of these desir- 
able qualities are associated with high unit weight (or dry density), which may be achieved by 
compaction. 

Virtually any soil can be used for structural fill, provided it does not contain organic 
matter. Granular soils are capable of achieving high strength with relatively low volume 
changes. Properly compacted clay soils will develop relatively high strengths and low 
permeabilities which may be desirable features as for earth dams. 


12.2 COMPACTION PHENOMENON 


The process of compaction is accompanied by the expulsion of air only. In practice, soils of 
medium cohesion are compacted by means of rolling, while cohensionless soils are most effec- 
tively compacted by vibration. Prior to the advent of rolling equipment, earth fills were usu- 
ally allowed to settle over a period of years under their own weight before the pavement or 
other construction was placed. 
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The degree of compaction of a soil is characterised by its dry density. The degree of 
compaction depends upon the moisture content, the amount of compactive effort or energy 
expended and the nature of the soil. A change in moisture content or compactive effort brings 
about a change in density. Thus, for compaction of soil, a certain amount of water and a certain 
predetermined amount of rolling are necessary. 

The following are the important effects of compaction : 

(i) Compaction increases the dry density of the soil, thus increasing its shear strength 
and bearing capacity through an increase in frictional characteristics ; 

(ii) Compaction decreases the tendency for settlement of soil ; and, 

(iii) Compaction brings about a low permeability of the soil. 


12.3 COMPACTION TEST 


To determine the soil moisture-density relationship and to evaluate a soil as to its suitability 
for making fills for a specific purpose, the soil is subjected to a compaction test. 

Proctor (1933) showed that there exists a definite relationship between the soil mois- 
ture content and the dry density on compaction and that, for a specific amount of compaction 
energy used, there is a particular moisture content at which a particular soil attains its maxi- 
mum dry density. Such a relationship provides a satisfactory practical approach for quality 
control of fill construction in the field. 


12.3.1 Moisture Content—Dry Density Relationship 


The relation between moisture content and dry density of a soil at a particular compaction 
energy or effort is shown in Fig. 12.1. 


A Maximum drv density 
100% compaction 


3 


Dry density kN/m ——» 





Optimum moisture content 








—— Dry side ———»>}¢———- Wet side ——— 


Moisture content % 


Fig. 12.1 Moisture content versus dry density at a particular compactive effort 


The addition of water to a dry soil helps in bringing the solid particles together by 
coating them with thin films of water. At low water content, the soil is stiff and it is difficult to 
pack it together. As the water content is increased, water starts acting as a lubricant, the 
particles start coming closer due to increased workability and under a given amount of 
compactive effort, the soil-water-air mixture starts occupying less volume, thus effecting gradual 
increase in dry density. As more and more water is added, a stage is reached when the air 
content of the soil attains a minimum volume, thus making the dry density a maximum. The 
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water content corresponding to this maximum dry density is called the ‘optimum moisture 
content’. Addition of water beyond the optimum reduces the dry density because the extra 
water starts occupying the space which the soil could have occupied. 

The curve with the peak shown in Fig. 12.1 is known as the ‘moisture-content dry den- 
sity curve’ or the ‘compaction curve’. The state at the peak is said to be that of 100% compaction 
at the particular compactive effort; the curve is usually of a hyperbolic form, when the points 
obtained from tests are smoothly joined. 

The wet density and the moisture content are required in order to calculate the dry 
density as follows : 

n 
U= atw’ 
yq = dry density, 
y = wet (bulk) density, 
and w = water content, expressed as a fraction. 





where 


12.3.2 Effect of Compactive Effort 


Increase in compactive effort or the energy expended will result in an increase in the maxi- 
mum dry density and a corresponding decrease in the optimum moisture content, as illus- 
trated in Fig. 12.2. 
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Fig. 12.2 Effect of compactive effort on compaction characteristics 


Thus, for purposes of standardisation, especially in the laboratory, compaction tests are 
conducted at a certain specific amount of compactive effort expended in a standard manner. 


12.4 SATURATION (ZERO-AIR-VOIDS) LINE 


A line showing the relation between water content and dry density at a constant degree of 
saturation S may be established from the equation: 


GYw 


u= wG 
Te 
m) 
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Substituting S = 95%, 90%, and so on, one can arrive at y,-values for different values of 
water content in %. The lines thus obtained on a plot of y} versus w are called 95% saturation 
line, 90% saturation line and so on. 


If one substitutes S = 100% and plots the corresponding line, one obtains the theoretical 
saturation line, relating dry density with water content for a soil containing no air voids. It is 
said to be ‘theoretical’ because it can never be reached in practice as it is impossible to expel 
the pore air completely by compaction. 


We then use 
G 
y= 7a for this situation. 
Gacy 
100 
A 

NON Saturation 

N (zero air-voids)line 






95% Saturation 
(5% air-content curve) 


3 


Dry density kN/m ——» 


Compaction curves 





Water content % ———»> 


Fig. 12.3 Saturation lines superimposed on compaction curves 


The saturation lines when superimposed on compaction curves give an indication of the 
air voids present at different points on these curves; this is shown in Fig. 12.3. 


12.5 LABORATORY COMPACTION TESTS 


The compaction characteristics, viz., maximum dry density and the optimum moisture con- 
tent, are first determined in the laboratory. It is then specified that the unit weight achieved 
through compaction in the field should be a certain high percentage of the laboratory value, for 
quality control of the construction. 

The various procedures used in the laboratory compaction tests involve application of 
impact loads, kneading, static loads, or vibration. 

Some of the more important procedures covered are: 

Standard Proctor (AASHO) Test, Modified Proctor (Modified AASHO) Test, I.S. 
Compaction Test, Harvard Miniature Compaction Test, Dietert Test, Abbot’s Compaction Test 
and Jodhpur Minicompacter Test. 

The primary objective of these tests is to arrive at a standard which may serve as a 
guide and a basis for comparison of what is achieved during compaction in the field. 
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12.5.1 Standard Proctor Test (AASHO Test) 


This test was developed by R.R. Proctor (1933) in connection with the construction of earth 
dams in California (U.S.A.).The apparatus for the test consists of (i) a cylindrical mould of 
internal diameter 102 mm and an effective height of 117 mm, with a volume of 0.945 litre, (iz) 
a detachable collar of 50 mm effective height (60 mm total height), (iii) a detachable base plate, 
and (iv) a 50 mm diameter metal rammer of weight 25 N, and a height of fall of 300 mm, 


moving in a metallic outer sleeve (Fig. 12.4). 





Collar 











Note: 


|. All dimensions are in mm. 








units are given to the 
nearest mm. 








2. Original dimensions in FPS 
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Detachable 





mould 
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plate 















QQ 





Cylindrical 


Handle 


(spherical or cylindrical) 






Rammer 
(weight 25 N) 


Fig. 12.4 Apparatus for standard proctor test 


The Test Procedure Consists of the Following Steps: 


(a) About 30 N of air-dried soil passing 20 mm sieve is taken. 


Height of 
fall 300 








(b) A reasonable amount of water is added to the soil and it is thoroughly mixed. 


(c) The mould is filled with this moist soil in three equal layers to give a total com- 
pacted depth of 130 mm. Each layer is compacted by giving 25 blows with the stand- 
ard rammer, pulling the rammer in the sleeve to the maximum height and then 
allowing it to fall freely. The position of the rammer is changed each time to distrib- 
ute the compactive energy evenly to the soil. Each layer is raked with a spatula 


before placing fresh soil to provide proper bond. 


(b) The collar is removed and the extra soil trimmed off to the top of the mould and the 
weight of the mould obtained. The wet weight (W) of the soil is got by subtracting 


the weight of the empty mould. 


The bulk unit weight (y) of the soil is obtained by dividing the wet weight of soil by 
the volume of the soil (V) which is the same as that of the soil. 


y= W/V 
(e) A representative sample of the wet soil is taken and the moisture content (w%) 


determined in the standard manner through oven-drying. 
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The dry unit weight (y,) is obtained as 
y 


Ya=7 7 Y 
(1300) 
100 


(f) The soil is broken with hand an remixed with increased water so that the moisture 
content increases by 2 to 4% nearly. 

(g) The test is repeated with a least six different water contents. The wet weight of the 
soil itself gives an indication whether the number of readings is adequate or not, 
because it first increases with an increase in water content, up to a certain value, 
and thereafter decreases. The test must be done such that this peak is established. 

(h) The moisture content-dry density curve, called the ‘compaction curve’ is drawn. 

(i) The optimum moisture content and the corresponding maximum dry unit weight 
are read off from the graph. 

The compactive effort or energy transmitted to the soil is considered to be about 605 
N.m per 1000 cm? of the soil. This test has been adopted as the standard test by the AASHO 
(American Association of State Highway Officials) initially. 

For coarse-grained soils, an initial water content of 4% and for fine-grained soils, a 
value of 10% are considered to be reasonable values, since the optimum value is likely to be 
more for the latter than that for the former. 


12.5.2 Modified Proctor Test (Modified AASHO Compaction Test) 


This test was developed to deliver greater compactive effort with a view to simulating the 
heavier compaction required for the construction of airport pavements. The mould used is 
almost the same as that for Standard Proctor Test but with an effective height of 127 mm. The 
weight of the rammer is 45 N and the height of fall is 450 mm. The mould is filled in five layers, 
each layer being compacted with 25 blows. 

The compactive energy delivered is of the order of 2726 N.m per 1000 cm? of soil, which 
is about 4.5 times that of the Standard Proctor Test. 

The moisture content-dry density relationship may be obtained by adopting a similar 
procedure as in the previous case. Since the compactive effort is more for this test than for the 
Standard Proctor Test, the compaction curve in this case may be expected to lie higher when 
superimposed over the curve for the latter, with the peak placed to the left. 


12.5.3 Indian Standard Compaction Tests 


Indian Standards specify, among the methods of test for soils, procedures for compaction tests 
using light compaction [IS: 2720 (Part VII)—1983] and using heavy compaction [IS:2720 (Part 
VIID—1983]. 

For light compaction, a 26 N rammer falling through a height of 310 mm is used, while, 
for heavy compaction, 48.9 N. rammer falling through a height of 450 mm is used. 

Figure 12.5 shows the details of typical mould for compaction and Fig. 12.6 (a) and (b) 
show the details of a typical metal rammers for light compaction and for heavy compaction 
respectively. 
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Fig. 12.5 Typical mould for compaction (ISI) 


A representative sample weighting about 200N and passing 50-mm IS Sieve of the thor- 
oughly mixed air-dried material is taken. This is made to pass through 20-mm and 4.75-mm IS 
Sieves, separating the fractions retained and passing these sieves. Care should be exercised so 
as not to break the aggregates while pulverizing. The percentage of each fraction is deter- 
mined. The fraction retained on 20-mm IS Sieve should not be used in the test. The percent- 
ages of soil coarser than 4.75-mm IS Sieve and 20-mm IS Sieve should be determined. 
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(b) For heavy compaction 


Fig. 12.6 Typical metal rammer for compaction (ISI) 


The ratio of fraction passing 20-mm IS Sieve and retained on 4.75-mm IS Sieve to the 
soil passing 4.75-mm IS Sieve should be determined. The material retained on and passing 
4.75-mm IS Sieve should be mixed thoroughly to obtain about 160 to 180 N of soil specimen. 
(In case the material passing 20-mm IS Sieve and retained on 4.75-mm IS Sieve is more than 
20%, the ratio of such material to that passing 4.75-mm IS Sieve should be maintained for 
each test. IF it is less than 20%, the material passing the 20-mm IS Sieve may be directly 


used). 
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Enough water should be added to the specimen to bring its moisture content to about 
7% (sandy soils) and 10% (clayey soils) less than the estimated optimum moisture content. The 
processed soils should be kept in an airtight tin for about 18 to 20 h to ensure thorough mixing 
of the water with the soil. 

The wet soil shall be compacted into the mould in three equal layers (five equal layers 
for heavy compaction), each layer being given 25 blows if the 100 mm diameter mould is used 
(or 56 blows if the 150-mm diameter mould is used) from the rammer weighing 26 N dropping 
from a height of 310 mm (from the rammer weighting 48.9 N dropping from a height of 450 
mm, for heavy compaction). 

The rest of the procedure and usual precautions are as for other compaction tests (for 
full details, vide the relevant IS Code). 

Correction for oversize fraction may be applied as follows: 

If the material retained on 20-mm IS Sieve (or 4.75 mm IS Sieve) has been excluded 
from the test, the following corrections shall be applied for getting the values of maximum dry 
density and optimum moisture content for the entire soil. For this purpose, the specific gravity 
of the portion retained and passing the 20-mm. IS Sieve or the 4.75 mm IS Sieve, as the case 
may be, should be determined separately. 


YsY 
Corrected maximum dry density = ee ...(Eq. 12.1) 
MY d,,, + %2-Vs 
Corrected optimum moisture content = nAg + nWo ... (Eq. 12.2) 


where y, = unit mass of oversize gravel particles in kN/m? (= G. y,,, where G is the specific 
gravity of gravel particles); 


Ya... = maximum dry density obtained in the test in kN/m; 


n, = fraction by mass of the oversize particles in the total soil expressed as ratio; 

n, = fraction by mass of the portion passing 20-mm IS Sieve (or 4.75 mm IS Sieve) 
expressed as the ratio of total soil; 

A, = water absorption capacity of oversize material, if any, expressed as percentage of 
water absorbed, and 

W, = optimum moisture content obtained in the test. 

(This formula is based on the assumption that the volume of a compacted portion pass- 
ing a 20-mm sieve (or a 4.75-mm sieve) is sufficient to fill the voids between the oversize 
particles). 


12.5.4 Harvard Miniature Compaction Test 


The compaction in this test is achieved by ‘kneading action’ of a cylindrical tamper 12.7 mm in 
diameter. The mould is 33.34 mm in diameter and 71.53 mm in height and has a volume of 
62.4 cm. The tamper operates through a present compression spring so that the tamping force 
is controlled not to exceed a certain predetermined value. For different soils and different 
compactive efforts desired, the number of layers, number of tamps per layer and the tamping 
force may be varied. 
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12.5.5 Abbot’s Compaction Test 


A metal cylinder, 52 mm internal diameter and 400 mm effective height, with a base is used. 
2 N of oven-dried soil is mixed with water and compacted in the cylindrical mould with a 50 
mm diameter rammer of 25 N weight falling through a height of 350 mm. The number of blows 
is decided by calibration with respect to Proctor’s compaction or field compaction. 

The height of the compacted specimen may be determined from the reading of the gradu- 
ated stem of the rammer. The volume of the compacted specimen is calculated from the known 
cross-section and height. The wet unit weight may be obtained and also the dry unit weight 
from the known dry weight of the sample. 


The compaction curve is obtained in the usual manner. 


12.5.6 Dietert’s Test 


The apparatus consists of a 50.8 mm diameter mould supported on a metal base. Compaction 
is done by means of a piston on which a cylindrical weight of 81.65 N operated by a cam, falls 
through a height of 50.8 mm. 

Air dried soil weighing 1.5 N and passing through 2.36 mm IS Sieve, is mixed with 
water and compacted in the mould by application of 10 blows. The mould is inverted and 
another 10 blows are applied. The weight and length of the compacted soil cylinder are deter- 
mined, from which the volume and bulk unit weight of the soil are obtained. The water content 
is determined by oven-drying. The test is repeated with different water contents and the 
compaction characteristics are established from a graph. 


12.5.7 J odhpur Mini-compactor Test 


The Jodhpur Mini-compactor (Singh, 1965) consists of a cylindrical mould of cross-sectional 
area 50 cm? (79.8 mm diameter and 60 mm effective height) and a volume of 300 ml, and a 
ramming tool with a 25 N drop weight (DRT which means “Dynamic Ramming Tool”), falling 
through 250 mm. The drop weight falls over a cylindrical base, 40 mm in diameter and 75 mm 
in height. The soil is compacted in two layers, each layer being given 15 blows with the ram- 
ming tool. 

The compactive energy transmitted is 625 N.m per 1000 cm? of soil. Calibration tests in 
the laboratory (Singh and Punmia, 1965) have shown that the maximum dry unit weights and 
optimum moisture contents obtained from the Jodhpur mini-compactor are comparable to those 
obtained from the Standard Proctor Test. 


12.6 IN-SITU OR FIELD COMPACTION 


As indicated in Sec. 12.1, in any type of construction job which requires soil to be used as a 
foundation material or as a construction material, compaction in-situ or in the field is neces- 
sary. 

The construction of a structural fill usually consists of two distinct operations—placing 
and spreading in layers and then compaction. The first part assumes greater significance in 
major jobs such as embankments and earth dams where the soil to be used as a construction 
material has to be excavated from a suitable borrow area and transported to the work site. In 
this phase large earth moving equipment such as self-propelled scrapers, bulldozers, graders 
and trucks are widely employed. 
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The phase of compaction may be properly accomplished by the use of appropriate equip- 
ment for compaction. The thickness of layers that can be properly compacted is known to be 
related to the type of soil and method or equipment of compaction. Generally speaking, granu- 
lar soils can be adequately compacted in thicker layers than fine-grained soils and clays; also, 
for a given soil type, heavy compaction equipment is capable of compacting thicker layers than 
light equipment. 

Although the principle of compaction in the field is relatively simple, it may turn out to 
be a complex process if the soil in the borrow area is not at the desired optimum moisture 
content for compaction. The existing moisture content is to be determined and water added, if 
necessary. Addition of water to the soil is normally done either during excavation or transport 
and rarely on the construction spot; however, water must be added before excavation in the 
case of clayey soils. In case the soil has more moisture content than is required for proper 
compaction, it has to be air-dried after excavation and compacted as soon as the desired mois- 
ture content is attained. 


Soil compaction or densification can be achieved by different means such as tamping 
action, kneading action, vibration, and impact. Compactors operating on the tamping, knead- 
ing and impact principle are effective in the case of cohesive soils, while those operating on the 
kneading, tamping and vibratory principle are effective in the case of cohesionless soils. 

The primary types of compaction equipment are: (i) rollers, (ii) rammers and (iii) vibra- 
tors. Of these, by far the most common are rollers. 

Rollers are further classified as follows: 

(a) Smooth-wheeled rollers, 

(b) Pneumatic-tyred rollers, 

(c) Sheepsfoot rollers, and 

(d) Grid rollers. 

Vibrators are classified as: (a) Vibrating drum, (b) Vibrating pneumatic tyre (c) Vibrat- 
ing plate, and (d) vibroflot. 

The maximum dry density sought to be achieved in-situ is specified usually as a certain 
percentage of the value obtainable in the laboratory compaction test. Thus control of compaction 
in the field requires the determination of in-situ unit weight of the compacted fill and also the 
moisture content. 

The methods available for the determination of in-situ unit weight are: 

(a) Sand-replacement method, (6) Core-cutter method, (c) Volumenometer method, (d) 
Rubber balloon method, (e) Nuclear method, (f) Proctor plastic needle method. (All these ex- 
cept the last have been dealt with in Chapter 3). 

Rapid methods of determination of moisture content such as the speedy moisture tester 
are adopted in this connection. Some of the above aspects are dealt with in the following sub- 
sections. 


12.6.1 Types of In-situ Compaction Equipment 
Certain types of in-situ compaction equipment are described below: 
Rollers 


(a) Smooth-wheeled rollers: This type imparts static compression to the soil. There may 
be two or three large drums; if three drums are used, two large ones in the rear and one in the 


434 GEOTECHNICAL ENGINEERING 





front is the common pattern. The compaction pressure are relatively low because of a large 
contact area. This type appears to be more suitable for compacting granular base courses and 
paving mixtures for highway and airfield work rather than for compacting earth fill. The rela- 
tively smooth surface obtained acts as a sort of a ‘seal’ at the end of a day’s work and drains off 
rain water very well. The roller is self-propelled by a diesel engine and has a weight distribu- 
tion that can be altered by the addition of ballast to the rolls. The common weight is 80 kN to 
100 kN (8 to 10 t), although the range may be as much as 10 KN to 200 KN (1 to 20 t). The 
pressure may be of the order of 300 N (80 kg) per lineal cm of the width of rear rolls. The 
number of passes varies with the desired compaction; usually eight passes may be adequate to 
achieve the equivalent of standard Proctor compaction. 

(b) Pneumatic-tyred rollers: This type compacts primarily by kneading action. The usual 
form is a box or container—mounted on two axles to which pneumatic-tyred wheels are fitted; 
the front axle will have one wheel less than the rear and the wheels are mounted in a stag- 
gered fashion so that the entire width between the extreme wheels is covered. The weight 
supplied by earth ballast or other material placed in the container may range from 120 kN (12 t) 
to 450 KN (45 t), although an exceptionally heavy capacity of 2000 KN (200 t) may be occasion- 
ally used. Some equipment is provided with a “Wobble-wheel” effect, a design in which a slightly 
weaving path is tracked by the travelling wheels; this facilitates the exertion of a steady pres- 
sure on uneven ground, which is very useful in the initial stages of a fill. 


The weight of the roller as well as the contact pressure is an important parameter for 
the performance; the latter may be varied from 0.20 to 1 N/mm? (2 to 10 kg/cm?) through the 
adjustment of air pressure in the tyres. Although this type has originated as a towed unit, self- 
propelled units are also available. The number of passes required is similar to that with smooth 
wheeled-rollers. 

This type is suitable for compacting most types of soil and has particular advantages 
with wet cohesive materials. 

(c) Sheepsfoot rollers: This type of roller consists of a hollow steel drum provided with 
projecting studs or feet; the compaction is achieved by a combination of tamping and knead- 
ing. The drum can be filled with water or sand to provide and control the dead weight. As 
rolling is done, most of the roller weight is imposed through the projecting feet. (Fig. 12.7): 


-2-2-0-9-9-9--9-9- 














Longitudinal section End view 
Fig. 12.7 Sheepsfoot Roller 


It is generally used as a towed assembly with the drums mounted either singly or in 
pairs; self-propelled units are also available. 
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The feet are usually either club-shaped (100 x 75 mm) or tapered (57 x 57 mm), the 
number on a 50 KN (5 t) roller ranging from 64 to 88. The contact pressures of the feet may 
range from 700 kN/m? (7 kg/cm?) to 4200 kN/m? (42 kg/cm?) and weight per drum from 25 kN 
(2.5 t) to 130 KN (18 t). 

Initially, the projections sink into the loose soil and compact the soil near the lowest 
portion of the layer. In subsequent passes with the roller, the zone of compaction continues to 
rise until the surface is reached, when the roller is said to “Walk-out”. 


The length of the studs, the contact area and the weight of roller are related to the roller 
performance. 


This type of roller is found suitable for cohesive soils. It is unsuitable for granular soils 
as the studs tend to loosen these continuously. The tendency of void formation is more in soils 
compacted with sheepsfoot rollers. 

(d) Grid rollers: This type consists of rolls made from 38 mm steel bars at 130 mm 
centres, with spaces of 90 mm square. The weight of the roller ranges from 55 kN (5.5 t) to 110 
KN (11 t). This is usually a towed unit which is suitable for many types of soil including wet 
clays and silts. 


Rammers 

This type includes the dropping type and pneumatic and internal commission type, which 
are also called ‘frog rammers’. They weigh up to about 1.5 KN (150 kg) and even as much as 10 
KN (1 t) occasionally. 

This type may be used for cohesionless soils, especially in small restricted and confined 
areas such as beds of drainage trenches and back fills of bridge abutments. 


Vibrators 

These are vibrating units of the out-of-balance weight type or the pulsating hydraulic 
type. Such a type is highly effective for cohesionless soils. Behind retaining walls where the 
soil is confined, the backfill, much deeper in thickness, may be effectively compacted by vibra- 
tion type of compactors. 

A few of this type are dealt with below: 


(a) Vibrating drum: A separate motor drives an arrangement of eccentric weights so as 
to cause a high-frequency, low-amplitude, vertical oscillation to the drum. Smooth drums as 
well as sheepsfoot type of drums may be used. Layers of the order of 1 metre deep could be 
compacted to high densities. 


(b) Vibrating pneumatic tyre: A separate vibrating unit is attached to the wheel axle. 
The ballast box is suspended separately from the axle so that it does not vibrate. A 300 mm 
thick layer of granular soil will be satisfactorily compacted after a few passes. 

(c) Vibrating plate: This typically consists of a number of small plates, each of which is 
operated by a separate vibrating unit. These have a limited depth of effectiveness and hence 
are used in compacting granular base courses for highway and airfield pavements. 

(d) Vibroflot: A method suited for compacting thick deposits of loose sandy soil is called 
the ‘vibroflotation’ process. The improvement of density is restricted to the surface zone in the 
case of conventional compaction equipment. The vibroflotation method first compacts deep 
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zone in the soil and then works its way towards the surface. A cylindrical vibrator weighing 
about 20 KN (2 t) and approximately 400 mm in diameter and 2 m long, called the ‘Vibroflot’, is 
suspended from a crane and is jetted to the depth where compaction is to start. 


The jetting consists of a water jet under pressure directed into the earth from the tip of 
the vibroflot; as the sand gets displaced, the vibroflot sinks into the soil. Depths up to 12 m can 
be reached. After the vibroflot is sunk to the desired depth, the vibrator is activated. The 
compaction of the soil occurs in the horizontal direction up to as much as 1.5 m outward from 
the vibroflot. Vibration continues as the vibroflot is slowly raised toward the surface. As this 
process goes on, additional sand is continually dropped into the space around the vibroflot to 
fill the void created. To densify the soil in a given site, locations at approximately 3-m spacings 
are chosen and treated with vibroflotation. 


12.6.2 Control of Compaction in the Field 


Control of compaction in the field consists of checking the water content in relation to the 
laboratory optimum moisture content and the dry unit weight achieved in-situ in relation to 
the laboratory maximum dry unit weight from a standard compaction test. Typically, each 
layer is tested at several random locations after it has been compacted. 

Several methods are available for the determination of in-situ unit weight and moisture 
content and these have been considered in some detail in Chapter 3. The common approaches 
for the determination of unit weight are the core-cutter method and sand-replacement method. 
A faster method is what is known as the Proctor needle method, which may be used for the 
determination of in-situ unit weight as well as in-situ moisture content. 

The required density can be specified either by ‘relative compaction’ (also called ‘degree 
of compaction’) or by the final air-void content. Relative compaction means the ratio of the in- 
situ dry unit weight achieved by compaction to the maximum dry unit weight obtained from 
an appropriate standard compaction test in the laboratory. Usually, the relative compaction of 
90 to 100% (depending upon the maximum laboratory value), corresponding to about 5 to 10% 
air content, is specified and sought to be achieved. Typical values of dry unit weights achieved 
may be as high as 22.5 kN/m? (2250 kg/m?) for well-graded gravel and may be as low as 14.4 
kN/m? (1440 kg/m?) for clays. Approximate ranges of optimum moisture content may be 6 to 
10% for sands, 8 to 12% for sand-silt mixtures, 11 to 15% for silts and 13 to 21% for clays (as got 
from modified AASHO tests). 


A variation of 5 to 10% is allowed in the field specification of dry unit weight at random 
locations, provided the average is about the specified value. 


Proctor Needle 

The Proctor needle approach given here, is an efficient and fast one for the simultane- 
ous determination of in-situ unit weight and in-situ moisture content, it is also called ‘penetra- 
tion needle’. The Proctor needle apparatus is shown in Fig. 12.8. 

The apparatus basically consists of a needle attached to a spring-loaded plunger through 
a shank. An array of interchangeable needle tips is available, ranging from 6.45 to 645 mm?, to 
facilitate the measurement of a wide range of penetration resistance values. A calibration of 
penetration against dry unit weight and water content is obtained by pushing the needle into 
specially prepared samples for which these values are known and noting the penetration. The 
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penetration of the needle and the penetration resistance (load applied) may be shown on a 
graduated scale on the shank and the stem of handle respectively. 


Interchangeable needle point Movable 


ring Handle 
Spring 
































Needle scale Barrel 


; Calibrated scale 
(to read penetration) (to read handle pressure) 


Fig. 12.8 The proctor needle 


A sample calibration curve is shown in Fig. 12.9. 





2 


Penetration resistance 
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Dry unit weigth kN/m 


Compaction curve 


Penetration resistance N/mm 























Water content % ——> 
Fig. 12.9 Calibration curve for proctor needle 


The procedure for the use of the Proctor ‘plasticity’ needle, as it is called, is obvious. The 
spring-loaded plunger is pressed into the compacted layer in the field with an appropriate 
plasticity needle. The penetration resistance is recorded for a standard depth of penetration at 
a standard time-rate of penetration. Against this penetration resistance, the corresponding 
values of water content and dry unit weight are obtained from the calibration curve. 

The size of the needle to be chosen depends upon the type of soil such that the resistance 
to be read is neither too large nor too small. 

The Tennessee Valley Authority (TVA) engineers had devised a similar device, which is 
called the TVA ‘Penetrometer’. 


*12.7 COMPACTION OF SAND 


The compaction characteristics of cohesionless and freely draining sands are somewhat differ- 
ent from those of cohesive soils. 

A typical pattern of the moisture-density relationship for a cohesionless, freely-drain- 
ing sand from a laboratory test will be somewhat as shown in Fig. 12.10. 
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R (100% saturation) 


P(air-dry condition) 


Dry density —» 


Q (Point of minimum density) 








Water content % ———> 


Fig. 12.10 Typical moisture-density relationship for sand 


Small moisture films around the grains tend to keep them apart and can decrease the 
density up to a certain water content. The point Q on the curve indicates the minimum den- 
sity. Later on, the apparent cohesion gets reduced as the water content increases and is de- 
stroyed ultimately at 100% saturation of the sand. Thus, the point R on the curve indicates 
maximum density. Thereafter, once again, the density decreases with increase in water con- 
tent. 

Increase of compactive effort has much less effect in the case of cohesionless soils than 
on cohesive soils. Vibration is considered to be the best method suitable for densifying 
cohesionless soils, which are either fully dry or fully saturated. This is because the stresses at 
the soil water menisci tend to prevent full densification. Also, relative density or density index 
is invariably used to indicate relative compaction or densification of sand. 


12.8 COMPACTION VERSUS CONSOLIDATION 


Compaction, as a phenomenon, is different from the phenomenon of consolidation of soil. 


The primary differences between the two phenomena may be set out as given in 
Table 12.1. 


Table 12.1 Compaction versus consolidation 

















S.No. Compaction Consolidation 

1. Expulsion of pore air Expulsion of pore water 

2. Soil involved is partially saturated Fully saturated soil 

3. Applies to cohesive as well as cohesionless Applies to cohesive soils only 
soils 

4. Brought about by artificial or human Brought about by application of load or by 
agency natural agencies 

5. Dynamic loading is commonly applied Static loading is commonly applied 








(Contd.)... 
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6. Improves bearing power and settlement 
characteristics 

7. Relatively quick process 

8. Relatively complex phenomenon involving 


Improves bearing power and settlement 
characteristics 


Relatively slow process 


Relatively simple phenomenon 


expulsion, compression, and dissolution of 
pore air-in water 


Useful as a means of improving the 
properties of foundation soil 


9. Useful primarily in embankments and 
earth dams 

















12.9 ILLUSTRATIVE EXAMPLES 


Example 12.1: An earth embankment is compacted at a water content of 18% to a bulk den- 
sity of 19.2 kN/m. If the specific gravity of the sand is 2.7, find the void ratio and the degree of 
saturation of the compacted embankment. (S.V.U.—B.Tech. (Part-time)—Sept, 1983) 





Water content, w = 18% 
Bulk density, y= 19.2 kN/m? 
Specific gravity, G = 2.7 
: Yy 19.2 
D = = = 16.27 k 3 
ry density, Ya G@+w) +018) 6.27 kN/m 
G.Yw 5 
But Ya = Gee » where y,, 9.81 KN/m 
irae 2.7 x 9.81 ET 
te=- 1627 
Void ratio, e = 0.63 
Also, wG = S.e 
wG 0.18 x 2.7 


The degree of saturation, S = 3 eS 


= 0.7714 
The degree of saturation = 77.14% 
Example 12.2: A moist soil sample compacted into a mould of 1000 cm? capacity and weight 
35 N, weighs 53.5 N with the mould. A representative sample of soil taken from it has an 
initial weight of 0.187 N and even dry weight of 0.1691 N. Determine (a) water content, (b) wet 
density, (c) dry density, (d) void ratio and (e) degree of saturation of sample. 
If the soil sample is so compressed as to have all air expelled, what will be the new 
volume and new dry density ? (S.V.U.—Four year B.Tech.—Sept., 1983) 
(0.1870 — 0.1691) 
0.1691 
Wet wt. of soil in the mould = (53.50 — 35.00) = 18.50 N 
Volume of mould = 1000 cm? 


x 100 = 10.58% 





(a) Water content, w = 
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18.5 x (100) 
(b) Bulk density, y= Beo = 18.5 kN/m? 
f y _ 1850 E n 
to) Dry deneye “Cra rolos Sn EN 
_ Gw 
Ya= +e) 
Assuming a value of 2.65 for grain specific gravity, 
a i 10 kN/m8 
13 = ay gy e Wy = m 
2.65 x 10 
(l+e)= -ea 1.584 
(d) Void ratio, e = 0.584 
Also, wG = S.e 
g= wG _01058x2.65 _ 0.48 
e 0.584 = 


(e) Degree of saturation, S = 48% 
If air is fully expelled, the solid is fully saturated at that water content. 
wG =e = 2.65 x 0.1058 = 0.28 


2.65 x 10 


gr, te se a 3 
New dry density = (140.28) ` 20.7 kN/m 
(1+ 0.28) 
= ———— x 1000 = 3 
New volume (1+ 0584) 808 cm 


Example 12.3: The soil in a borrow pit has a void ratio of 0.90. A fill-in-place volume of 20,000 
mê is to be constructed with an in-place dry density of 18.84 kN/m?. If the owner of borrow area 
is to be compensated at Rs. 1.50 per cubic metre of excavation, determine the cost of compen- 
sation. (S.V.U.—B.E., (R.R.)—Nov., 1975) 
In-place dry density = 18.84 kN/m? 
Assuming grain specific gravity as 2.70 and taking y, as 9.81 kN/m?, 


1e.g4_ 270x981 
` p (1+e;) 

dae) a BOX 981 iiig 
te=  igs4 “7 


e; = 0.406 (in-plane Void ratio) 
Void-ratio of the soil in the borrow-pit, 

e, = 0.90 
In-place volume of the fill, V, = 20,000 më 
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If the volume of the soil to be excavated from the borrow pit is V,,then: 


V, _1+e,  (1+0.90) 
V; 1+e; (1+0.406) 


1.90 
~ 1.406 
The cost of compensation to be paid to the owner of the borrow area = Rs. (1.50 x 27,027) 

= Rs. 40,540. 
Example 12.4: A soil in the borrow pit is at a dry density of 17 kN/m? with a moisture content 
of 10%. The soil is excavated from this pit and compacted in a embankment to a dry density of 
18 kN/m? with a moisture content of 15%. Compute the quantity of soil to be excavated from 
the borrow pit and the amount of water to be added for 100 mê of compacted soil in the em- 
bankment. (S.V.U.—B.E. (Part-time)—Apr., 1982) 


Volume of compacted soil = 100 mê 








V, x 20,000 m? = 27.027 m3 


Dry density of compacted soil = 18 kN/m? 

Weight of compacted dry soil = 100 x 18 = 1800 kN 

This is the weight of dry soil to be excavated from the borrow pit. 

Weight of wet soil to be excavated = 1800 (1 + w) = 1800 (1 + 0.10) = 1980 KN. 
Wet density of soil in the borrow pit = 17 (1 + 0.10) = 18.7 kN/m? 


1980 
Volume of wet soil to be excavated = T87 ~ 105.9 më 


Moisture present in the wet soil, in the borrow pit for every 100 m? of compacted soil = 
1800 x 0.10 = 180 kN 
Moisture present in the compacted soil of 100 më 
= 1800 x 0.15 = 270 kN 
Weight of water to be added for 100 mê of compacted soil 
= (270 — 180) kN = 90 kN 
90 


= 981 
Example 12.5: The following data have been obtained in a standard laboratory Proctor 
compaction test on glacial till: 


mê = 9.18 kl 





Water content % 5.02 8.81 11.25 13.05 14.40 19.25 





Weight of container and 35.80 37.30 39.32 40.00 40.07 39.07 
compacted soil (N) 





























The specific gravity of the soil particles is 2.77. The container is 9.44 cm? in volume and 
its weight is 19.78 N. Plot the compaction curve and determine the optimum moisture content. 
Also compute the void ratio and degree of saturation at optimum condition. 

(S.V.U.—B.E., (R.R.)—Nov., 1973) 


The dry density values are computed and shown in Table 12.2. 
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Table 12.2 Computation of dry density 





Water content % 5.02 8.81 11.25 13.05 14.40 19.25 
Weight of container and 35.80 37.30 39.32 40.00 40.07 39.07 
compacted soil (N) 

Weight of container (N) 19.78 19.78 19.78 19.78 19.78 19.78 
Weight of compacted soil (N) 16.02 17.52 19.54 20.22 20.29 19.29 
Volume of container (cm) 944 944 944 944 944 944 
Bulk density of compacted 16.97 18.56 20.70 21.42 21.49 20.43 


soil (kN/m?) 


Dry density of compacted 16.16 17.06 18.61 18.95 18.78 17.13 
soil (kN/m) 











The compaction curve is shown in Fig. 12.11. 


20 


2 
ak 
o 


Dry density, yy KN/m —» 
5 


a 
N 























16 
0 4 8 12 16 20 


Water content, w% ———> 
Fig. 12.11 Compaction curve (Ex. 12.5) 
From the curve, 
Optimum moisture content = 13.3% 
Maximum dry density = 19 kN/m? 
At the optimum condition, if the void ratio is ep. 


G.Y 
y — tw 
Son (1+e9) 
_ 217x10 
(1+e9) 
(1 +e)= i30 = 1.46 (approx) 


Void ratio = 0.46 
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Since S. e = w. G, 








w.G 
Degree of saturation, S= Pa 
13.3 x 2.77 % = 80.1% 
SS 2 = . 
0.46 ° 
Example 12.6: Given standard soil compaction test results as follows: 
; ; : Wet unit weight of compacted 
Trial No. Moisture content % by dry weight soil kN/m?) 
1 8.30 19.8 
2 10.50 21.3 
3 11.30 21.6 
4 13.40 21.2 
5 13.80 20.8 











The specific gravity of the soil particles is 2.65. 
Plot the following: 
(a) Moisture-dry density curve, 
(b) Zero air voids curve, and 
(c) Ten per cent air content curve. (90% Saturation curve) 
Determine the optimum moisture content and the corresponding maximum dry density 
of the soil. 
(S.V.U.—B.E. (Part-time)—Dec., 1981) 


Also determine the correct values of the maximum dry density and optimum moisture 
content if in the above test, the material retained on 20 mm Sieve, which was 9%, was elimi- 
nated. The specific gravity of these oversize particles was 2.79. The dry density values are 


1+ — 


, and are shown in Table 12.3. 
=| 


calculated from y, = EE 


Table 12.3 Dry density values 








Trial No. Moisture content, w% Wer uni? werin Dry unit weight 
? (kN/m?) N/m?) 
: 8.30 19.8 18.28 
2 10.50 21.3 19.28 
3 11.30 21.6 19.41 
4 13.40 21.2 18.70 
5 13.80 20.8 18.28 
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Sica G.Yy G.Yy 2.65 x 9.81 
1 a` = = > 
(+e) (1+ zc) (1+ w xes) 
s s 
2.65 x 9.81 
for Zero air-voids condition, y, = A w being in %, 
2.65 x w 
1+ —__ 
100 
2.65 x 9.81 
and for Ten per cent air-voids condition, Y4 = 75a, —..\-“ being in %. 
(1 „265x z) 
90 


From these equations, the following values are computed: 











Dry density y, (kN/m?) 
Water content (% w) Zero air-voids condition Ten per cen air content 
condition (90% saturation) 
8 21.45 21.04 
10 20.55 20.10 
12 19.73 19.20 
13 19.34 18.80 
14 18.96 18.40 
16 18.26 17.66 








The moisture-dry density curve and the zero air-voids and ten per cent air-voids lines 
are shown in Fig. 12.12. 


10% Air content line 
(90% saturation line 


3 


Zero air-voids line 
saturation line) ~ 


Dry density, yg kN/m 


























10 12 14 16 
Water content, w% ——> 


Fig. 12.12 Compaction curve and saturation lines (Ex. 12.6) 
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From the figure, 
Optimum moisture content = 12% 
Maximum dry density = 19.5 kN/më 
Correction for oversize fraction: 
G = 2.79 for gravel n, = 0.09 n, = 0.91 


G. YoY dinax 
NIY dinax F nGYw 


7 2.79 x 9.81 x 19.5 
~ (0.09 x19.5 + 0.91 x 2.79 x 9.8) 
Corrected optimum moisture content 





Corrected maximum dry density = 





= 20 kN/m? 


= n Ap +n WwW, = 0.91 x 12% (taking A, as zero) 
= 10.9% 


SUMMARY OF MAIN POINTS 


1. 


‘Compaction’ of soil is defined as the process by which the soil grains are packed closer together 
by mechanical means such as tamping or vibration, in order that the dry density be increased. 
The involves the expulsion of pore air only, and thus differs from the phenomenon of consolida- 
tion, which involves the expulsion of pore water from a fully saturated cohesive soil under static 
loading. 

Compaction of a soil results in the improvement of its engineering properties such as shearing 
strenght. 

The moisture content-dry density relationship of a soil, as established by Proctor, is such that 
peak value is reached for dry density at a moisture content, called the ‘optimum’ value. Increase 
in compactive effort will result in increased maximum dry density and decreased optimum mois- 
ture content. 

The condition of full saturation when air in the voids is completely expelled, is called the ‘Zero 
air-voids (Saturation) condition’, and the relationship between water content and dry density for 
this condition is called the ‘Zero air-void line’. The compaction curve for any soil will always lie to 
the left of the below this line, since the air in the voids can never be fully expelled by compaction. 
The purpose of laboratory compaction tests is to provide a guideline and a basis for control of 
compaction in the field, by giving a specification that a certain percentage of the maximum dry 
density achieved in the laboratory test shall be achieved in the construction in-situ. 
Compaction is achieved in-situ by means of rolling or vibration, the latter being most suited for 
granular soils. Smooth-wheeled rollers, pneumatic-tyred rollers and sheepsfoot rollers are com- 
monly used. 

Control of compaction in the field involves the determination of the in-situ unit weight and in- 
situ moisture content. 

Sand replacement method and core-cutter method are used for the determination of in-situ unit 
weight. Quicker methods such as the use of Proctor’s plasticity needle or the T.V.A. Penetrometer 
are used for the determination of both the in-situ unit weight and in-situ moisture content. 
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QUESTIONS AND PROBLEMS 


12.1 (a) Discuss the effect of compaction on soil properties. 

(b) Write short notes on: 

(i) Field compaction control 

(ii) Method of compaction (S.V.U.—B.Tech. (Part-Time)—Sep., 1983) 
12.2 (a) Derive an expression for ‘zero air-void line’ and draw the line for a specific gravity of 2.65. 





(b) What are the various factors that affect the compaction of soil in the field ? How will you 
measure compaction in the field ? Describe a method with its limitations. 


(S.V.U.—Four-year B.Tech. Apr., 1983) 
12.3 Draw typical compaction curves (yy vs moisture content) for 
(i) Well-graded gravel with fines, (ii) Well-graded sandy clay, 
(iii) Silty clay and (iv) Highly plastic clay. 
(S.V.U.—Four-year B.Tech. Dec., 1982) 
12.4 (i) Bring out the usefulness of compaction test in the Laboratory in soil engineering practice. 
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12.5 


12.6 


12.7 


12.8 


12.9 


12.10 


12.11 


12.12 


12.13 


12.14 


12.15 


12.16 


(ii) By way of neat sketches explain (a) the effect of moisture content on the dry density for a 
constant compactive effort, (b) effect of compactive effort, on the y,-moisture content rela- 
tionship. 

(iii) Write a brief note on ‘Proctor’s needle. 

(iv) Write a brief note on the ‘compaction in the field’ bringing out the various types of rollers and 
their effectiveness with respect to different soil types. 

(v) Write critical notes on AASHO Compaction test. (S.V.U.—Four-year B.Tech. OCt., 1982) 

Write brief notes on ‘compaction’ and ‘consolidation’ of soils differentiating the two. 

(S.V.U.—B.E. Part-time—Dec., 1981) 
B.E., (R.R.)—Nov., 1969. 
B.E., (N.R.)—Sep., 1961. 

Listing the various factors that influence the compaction of soils, show their influence with 

illustrative sketches of compaction curves. (S.V.U.—B.E., (R.R.)—Sept., 1978) 

What is the significance of compaction of soils ? Describe how quality control is ensured in con- 

structing an earth embankment. 

(S.V.U.—B.E., (R.R.)—Dec., 1971, June, 1972, Nov., 1972—Nov., 1975) 

Draw a curve showing the relation between dry density and moisture content for Standard Proc- 

tor test and indicate the salient features of the curve. Explain why soils are compacted when (i) 

preparing a subgrade and (ii) constructing an embankment. Describe how quality control is 

maintained in a rolled fill dam. (S.V.U.—B.E., (R.R.)—May, 1975) 

Explain why soils are compacted in the field. How is the degree of compaction ensured in the 

field (i.e., control of field compaction) ? Distinguish between ‘compaction’ and ‘consolidation’ of 

soils. Bring out the effects of (i) moisture, (ii) compactive effort and (iii) soil type on the compaction 
characteristics of soils. Illustrate the answer with typical ‘moisture-dry density’ plots. 
(S.V.U.—B.E., (R.R.)—Nov., 1973) 
Describe the Proctor “Compaction Test” and give its for construction of earth embankments. 
(S.V.U.—B.E., (R.R.)—Nov., 1969) 
Define “Optimum moisture content of a soil” and state on what factors it depends. 
(S.V.U.—B.E., (R.R.)—Dec., 1968) 

(a) What are the laws governing compaction of (i) cohesionless soils like sand and (ii) moder- 
ately cohesive soils like sandy clay ? 

(b) To what compaction pressure does the Standard Proctor Test correspond ? Indicate how the 
standard proctor test can be modified to suit the compacting machinery actually used at site 
for the efficient compaction of embankment. (S.V.U.—B.E., (R.R.)—Sept., 1968) 

The maximum dry density and optimum moisture content of a soil from standard proctor’s test 

are 18 kN/m? and 16% respectively. Compute the degree of saturation of the sample, assuming 

the specific gravity of soil grains as 2.70. (S.V.U.—B.E., (R.R.)—Nov., 1973) 

The wet weight of a sample is missing in a Proctor test. The oven-dry weight of this sample is 

189 N. The volume of the mould used is 1000 cm?. If the degree of saturation of this sample is 

90%, determine its water content and bulk density. 

a soil in the borrow pit has a water content of 11.7% and the dry density of 16.65 kN/m. If 2,070 

mê of soil is excavated from it and compacted in an embankment at a porosity of 0.33, calculate 

the compacted volume of the bankment that can be constructed out of this volume of soil. 

The soil from a borrow pit is at a bulk density of 17.10 kN/m? and a water content of 12.6%. It is 

desired to construct an embankment with a compacted unit weight of 19.62 kN/m? at a water 

content of 18%. 
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12.17 


12.18 


Determine the quanity of soil to be excavated from the barrow pit and the amount of water to be 
added for every 100 m? of compacted soil in the embankment. 


The following data are obtained in a compaction test. 
Specific gravity = 2.65 





Moisture content (%) 2 4.2 5.5 6.6 7.5 10 
Wet density (kN/m?) 20.2 20.8 21.7 22.0 22.1 22.0 











Determine the OMC and maximum dry density. Draw ‘Zero-air-void line’. 

(S.V.U.—Four year B.Tech. Dec., 1982) 
The following results were obtained in a compaction test. Determine the optimum moisture 
content and the maximum dry density. 











Test No. 1 2 3 4 5 6 
Wet unit weight 

(kN/m?) 18.81 20.07 20.52 21.06 21.06 20.07 
Water content (%) 7.4 9.7 10.5 11.5 13.1 14.4 





Also find the air content at maximum dry density. (S.V.U.—B.E., (R.R.)—Dec., 1968) 


Chapter l 3 


LATERAL EARTH PRESSURE AND 
STABILITY OF RETAINING WALLS 


13.1 INTRODUCTION 


Soil is neither a solid nor a liquid, but it exhibits some of the characteristics of both. One of the 
characteristics similar to that of a liquid is its tendency to exert a lateral pressure against any 
object in contact. This important property influences the design of retaining walls, abutments, 
bulkheads, sheet pile walls, basement walls and underground conduits which retain or sup- 
port soil, and, as such, is of very great significance. 

Retaining walls are constructed in various fields of civil engineering, such as hydraulics 
and irrigation structures, highways, railways, tunnels, mining and military engineering. 


13.2 TYPES OF EARTH-RETAINING STRUCTURES 


Earth-retaining structures may be broadly classified as retaining walls and sheetpile walls. 

Retaining walls may be further classified as: 

(i) Gravity retaining walls —usually of masonry or mass concrete. 

(ii) Cantilever walls 

(iii) Counterfort walls usually of reinforced concrete. 

(iv) Buttress walls 

Sheet pile walls may be further classified as cantilever sheet pile walls and anchored 
sheet pile walls, also called ‘bulkheads’. 

Gravity walls depend on their weight for stability; walls up to 2 m height are invariably 
of this type. The other types of retaining walls, as well as sheet-pile walls, are known as ‘flex- 
ible walls’. All these are shown in Fig. 13.1. 

R.C. Cantilever walls have a vertical or inclined stem monolithic with a base slab. These 
are considered suitable up to a height of 7.5 m. A vertical or inclined stem is used in counterfort 
walls, supported by the base slab as well as by counterforts with which it is monolithic. 

Cantilever sheet pile walls are held in the ground by the passive resistance of the soil 
both in front of and behind them. Anchored sheet pile wall or bulkhead is fixed at its base as a 
cantilever wall but supported by tie-rods near the top, sometimes using two rows of ties and 
properly anchored to a deadman. 
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Heel 


Base slab 


(a) Gravity retaining wall (b) Cantilever retaining wall 









-~ 





(c) Counterfort retaining wall 


(d) Buttress retaining wall 


Deadman 






Anchor 


[4&— Sheetpiling support 


Sheetpiling 





(e) Sheet pile wall (cantilever type) (f) Anchored bulk head 


Fig. 13.1 Types of earth-retaining structures 


LATERAL EARTH PRESSURE AND STABILITY OF RETAINING WALLS 451 





13.3 LATERAL EARTH PRESSURES 


Lateral earth pressure is the force exerted by the soil mass upon an earth-retaining structure, 
such as a retaining wall. 

There are two distinct kinds of lateral earth pressure; the nature of each is to be clearly 
understood. First, let us consider a retaining wall which holds back a mass of soil. The soil 
exerts a push against the wall by virtue of its tendency to slip laterally and seek its natural 
slope or angle of repose, thus making the wall to move slightly away from the backfilled soil 
mass. This kind of pressure is known as the ‘active’ earth pressure of the soil. The soil, being 
the actuating element, is considered to be active and hence the name active earth pressure. 
Next, let us imagine that in some manner the retaining wall is caused to move toward the soil. 
In such a case the retaining wall or the earth-retaining structure is the actuating element and 
the soil provides the resistance which soil develops in response to movement of the structure 
toward it is called the ‘passive earth pressure’, or more appropriately ‘passive earth resistance’ 
which may be very much greater than the active earth pressure. The surface over which the 
sheared-off soil wedge tends to slide is referred to as the surface of ‘sliding’ or ‘rupture’. 

The limiting values of both the active earth pressure and passive earth resistance for a 
given soil depend upon the amount of movement of the structure. In the case of active pres- 
sure, the structure tends to move away from the soil, causing strains in the soil mass, which in 
turn, mobilise shearing stresses; these stresses help to support the soil mass and thus tend to 
reduce the pressure exerted by the soil against the structure. This is indicated in Fig. 13.2. 


Direction of movement Direction of movement 
+——_. — > 






Sliding wedge 














Sliding wedge 
Surface of H 








D 
= sliding or F ga’ sie 
g = rupture S e rupture 
cs E g 
A 
Fig. 13.2 Conditions in the case of Fig. 13.3 Conditions in the case of 
active earth pressure passive earth resistance 


In the case of passive earth resistance also, internal shearing stresses develop, but act 
in the opposite direction to those in the active case and must be overcome by the movement of 
the structure. This difference in direction of internal stresses accounts for the difference in 
magnitude between the active earth pressure and the passive earth resistance. The conditions 
obtaining in the passive case are indicated in Fig. 13.3. 

Active pressures are accompanied by movements directed away from the soil, and pas- 
sive resistances are accompanied by movements towards the soil. Logically, therefore, there 
must be a situation intermediate between the two when the retaining structure is perfectly 
stationary and does not move in either direction. The pressure which develops in this condi- 
tion is called ‘earth pressure at rest’. Its value is a little larger than the limiting value of active 
pressure, but is considerably less than the maximum passive resistance. This is indicated in 
Fig. 13.4. 
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Fig. 13.4 Relation between lateral earth pressure and movement of wall 


Very little movement (about 0.5% horizontal strain) is required to mobilise the active 
pressure; however, relatively much larger movement (about 2% of horizontal strain for dense 
sands and as high as 15% for loose sands) may be required to mobilise full passive resistance 
(Lambe and Whitman, 1969). About 50% of the passive resistance may be mobilised at a move- 
ment comparable to that required for the active case. 

In a later sub-section (13.6.1), it will be shown that the failure planes will be inclined to 
horizontal at (45° + 0/2) and (45° — 6/2) in the active and passive cases, respectively. This 
means that the width of the sliding wedge at the top of the wall will be H cot (45° + /2) and H 
cot (45° — 0/2) for active and passive cases, respectively, H being the height of the wall. For 
average values of , these will be approximately H/2 and 2H. The strains mentioned by Lambe 
and Whitman (1969) will then amount to a horizontal movement at the top of the wall of 
0.0025 H for the active case and 0.4 H to 0.30 H for the passive case. 

This agrees fairly well with Terzaghi’s observation (Terzaghi, 1936) that a movement of 
0.005 H of the top of the wall, or even less, is adequate for full mobilisation of active state. (In 
fact, Terzaghi’s experiments in the 1920’s indicated that even 0.001 H is adequate for this). 

There are two reasons why less strain is required to reach the active condition than to 
reach the passive condition. First, an unloading (the active state) always involves less strain 
than a loading (passive state). Second, the stress change in passing to the active state is much 
less than the stress change in passing to the passive state. (Lambe and Whitman, 1969). 

The other factors which affect the lateral earth pressure are the nature of soil —cohe- 
sive or cohesionless, porosity, water content and unit weight. 

The magnitude of the total earth pressure, or to be more precise, force on the structure, 
is dependent on the height of the backfilled soil as also on the nature of pressure distribution 
along the height. 


13.4 EARTH PRESSURE AT REST 


Earth pressure at rest may be obtained theoretically from the theory of elasticity applied to an 
element of soil, remembering that the lateral strain of the element is zero. Referring to 
Fig. 13.5 (a), the principal stresses acting on an element of soil situated at a depth z from the 
surface in semi-infinite, elastic, homogeneous and isotropic soil mass are ©, 6, and 6, as 
shown. o, and o, denoting the stresses in the vertical and horizontal directions respectively. 
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l¢ — K,yH >] 
(a) Stresses on element of (b) Pressure distribution for 
soil at depth z a depth H 


Fig. 13.5 Stress conditions relating to earth pressure at rest 


The soil deforms vertically under its self-weight but is prevented from deforming later- 
ally because of an infinite extent in all lateral directions. Let E, and v be the modulus of 
elasticity and Poisson’s ratio of the soil respectively. 





AFE E, 


sS 


0 Oo, Oo 
Lateral strain, =- fg + +) =0 
S 


Opn _ V 


o, (1-9) 





(Eq. 13.1) 


But o, = y. z, where y is the appropriate unit weight of the soil depending upon its 
condition. .. (Eq. 13.2) 


D 





Let us denote G 2 5] by Ky, which is known as the “Coefficient of earth pressure at rest” 


and which is the ratio of the intensity of the earth pressure at rest to the vertical stress at a 
specified depth. 


K,= 5 (Eq. 13.4) 
a 0, = Ko. Y.Z ...(Eiq. 13.5) 
The distribution of the earth pressure at rest with depth is obviously linear (or of hydro- 
static nature) for constant soil properties such as E, v, and y, as shown in Fig. 13.5 (b). 
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If a structure such as a retaining wall of height H is interposed from the surface and 
imagined to be held without yield, the total thrust on the wall unit length P, is given by 


" "K 1 Ky H? 
Po = a Op-dZ = Í, 0: %z.dz = 2 o Y- . (Eq. 13.6) 


This is considered to act at (1/3) H above the base of wall. As has been indicated in the 
previous chapter, choosing an appropriate value for the Poisson’s ratio, v, is by no means easy; 
this is the limitation in arriving at K, from equation 13.4. 

Various researchers proposed empirical relationships for K,, some of which are given 
below: 


K, = (1-sin o’) (Jaky, 1944) ...(Eq. 13.7 (a)) 

K, = 0.9 (1- sin 6’) (Fraser, 1957) ...(Eq. 18.7 (b)) 

Ko = 0.19 + 0.233 log I, (Kenney, 1959) (Eq. 18.7 (c)) 

Ky = [1 + (2/8) sin 61] (e) (Kezdi, 1962) (Eq. 13.7 (d)) 
1+sino 

K, = (0.95 — sin 6’) (Brooker and Ireland, 1965) .. (Eq. 13.7 (e)) 


o’ in these equations represents the effective angle of friction of the soil and J, the plasticity 
index. Brooker and Ireland (1965) recommend Jaky’s equation for cohesioness soils and their 
own equation, given above, for cohesive soils. However, Alpan (1967) recommends Jaky’s equa- 
tion for cohesionless soils and Kenney equation for cohesive soils as does Kenney (1959). Cer- 
tain values of the coefficient of earth pressure at rest are suggested for different soils, based on 
field data, experimental evidence and experience. These are given in Table 13.1. 


Table 13.1 Coefficient of earth pressure at rest 








S.No. Soil Ki 
1 Loose Sand (e = 0.8) 
dry ss 0.64 
Saturated Gai 0.46 
2 Dense sand (e = 0.6) 
dry m 0.49 
saturated a 0.36 
3 Sand (compacted in layers) a 0.80 
4 Soft clay (Z, = 30) te 0.60 
5 Hard clay Q, = 9) ie 0.42 
6 Undisturbed Silty clay (J, = 45) “a 0.57 











13.5 EARTH PRESSURE THEORIES 


The magnitude of the lateral earth pressure is evaluated by the application of one or the other 
of the so-called ‘lateral earth pressure theories’ or simply ‘earth pressure theories’. The prob- 
lem of determining the lateral pressure against retaining walls is one of the oldest in the field 
of engineering. A French military engineer, Vauban, set forth certain rules for the design of 
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revetments in 1687. Since then, several investigators have proposed many theories of earth 
pressure after a lot of experimental and theoretical work. Of all these theories, those given by 
Coulomb and Rankine stood the test of time and are usually referred to as the “Classical earth 
pressure theories”. These theories are considered reliable in spite of some limitations and are 
considered basic to the problem. These theories have been developed originally to apply to 
cohesionless soil backfill, since this situation is considered to be more frequent in practice and 
since the designer will be on the safe side by neglecting cohesion. Later researchers gave 
necessary modifications to take into account cohesion, surcharge, submergence, and so on. 
Some have evolved graphical procedures to evaluate the total thrust on the retaining struc- 
ture. 

Although Coulomb presented his theory nearly a century earlier to Rankine’s theory, 
Rankine’s theory will be presented first due to its relative simplicity. 


13.6 RANKINE’S THEORY 


Rankine (1857) developed his theory of lateral earth pressure when the backfill consists of dry, 
cohesionless soil. The theory was later extended by Resal (1910) and Bell (1915) to be applica- 
ble to cohesive soils. 

The following are the important assumptions in Rankine’s theory: 

(i) The soil mass is semi infinite, homogeneous, dry and cohesionless. 

(ii) The ground surface is a plane which may be horizontal or inclined. 

(iii) The face of the wall in contact with the backfill is vertical and smooth. In other 
words, the friction between the wall and the backfill is neglected (This amounts to 
ignoring the presence of the wall). 

(iv) The wall yields about the base sufficiently for the active pressure conditions to de- 
velop; if it is the passive case that is under consideration, the wall is taken to be 
pushed sufficiently towards the fill for the passive resistance to be fully mobilised. 
(Alternatively, it is taken that the soil mass is stretched or gets compressed ad- 
equately for attaining these states, respectively. Friction between the wall and fill is 
supposed to reduce the active earth pressure on the wall and increase the passive 
resistance of the soil. Similar is the effect of cohesion of the fill soil). 


Thus it is seen that, by neglecting wall friction as also cohesion of the backfill, the 
geotechnical engineer errs on the safe side in the computation of both the active pressure and 
passive resistance. Also, the fill is usually of cohesionless soil, wherever possible, from the 
point of view of providing proper drainage. 


13.6.1 Plastic Equilibrium of Soil—Active and Passive Rankine States 


A mass of soil is said to be in a state of plastic equilibrium if failure is incipient or imminent at 
all points within the mass. This is commonly referred to as the ‘general state of plastic equilib- 
rium’ and occurs only in rare instances such as when tectonic forces act. Usually, however, 
failure may be imminent only in a small portion of the mass such as that produced by the 
yielding of a retaining structure in the soil mass adjacent to it. Such a situation is referred to 
as the ‘local state of plastic equilibrium’. 


456 GEOTECHNICAL ENGINEERING 





N $ 











(minor) Oh iK,yzl Pattern of failure planes 


oy (major) Oy = Yz Ie KZ 





(a) Active Rankine State 
















































Compression ack 

T 

Horizontal 

i ground 

l surface 

zi 

l 
| i >| 

> 

— © l >| It A 
ji (minor) Oh Mte Kz Pattern of failure planes 
Sy (major) Oy = Yz¢— K,yz— 
(b) Passive Rankine State 
TA gore 


xs 
s 


(45° — $/2) 
(45° — $/2) 


2 
c 










Active 
pressure} 
KZ 


At rest 
pressure ! 
K,yZ 





l¢— Vertical stress yz —> 








le— Passive pressure K,yz >| 


1. Mohr’s circle for ‘At rest’ condition 
2. Mohr’s circle for ‘Active’ condition 
3. Mohr’s circle for ‘Passive’ condition 


(c) Mohr‘s stress circles and failure envelopes for active and passive states 


Fig. 13.6 Rankine’s states of plastic equilibrium 
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Rankine (1857) was the first to investigate the stress conditions associated with the 
states of plastic equilibrium in a semi-infinite mass of homogeneous, elastic and isotropic soil 
mass under the influence of gravity or self-weight alone. The concept as postulated by Rankine 
in respect of a cohesionless soil mass is shown in Fig. 13.6. 

Let us consider an element of unit area at a depth z below the horizontal ground sur- 
face. Let the unit weight of the cohesionless soil be y. The vertical stress acting on the horizon- 
tal face of the element o, = y.z. Since any vertical plane is symmetrical with respect to the soil 
mass, the vertical as well as horizonatal planes will be free of shear stresses. Consequently, 
the normal stresses acting on these planes will be principal stresses. The horizontal principal 
stress, O, or the lateral earth pressure at rest in this case, is given by Kp. 6,, or Ky. y.z. The 
element is in a state of elastic equilibrium under these stress conditions. 

Horizontal movement or deformation of the soil mass can change the situation. For 
example, if the soil mass gets stretched horizontally, the lateral stress or horizontal principal 
stress gets reduced and reaches a limiting minimum value. Any further stretching will induce 
plastic flow or failure of the soil mass. This limiting condition is one of plastic equilibrium at 
which failure is imminent and is referred to as the ‘active’ state. Subsequent failure, if it 
occurs, is active failure. It is said to be active because the weight of the soil it self assists in 
producing the horizontal expansion or stretching. 

On the other hand, if the soil mass gets compressed horizontally, the lateral pressure or 
horizontal principal stress increases and reaches a limiting maximum value; any further com- 
pression will induce plastic flow or failure of the soil mass. This limiting condition also is one of 
plastic equilibrium at which failure is imminent, and is referred to as the ‘passive’ state. Sub- 
sequent failure, if it occurs, is passive failure. It is said to be passive because the weight of soil 
resists the horizontal compression. 

The conditions of stress in these two cases are illustrated in Fig. 13.6 (a) and (b) respec- 
tively and known as the ‘Active Rankine State’ and the ‘Passive Rankine State’ respectively. 

The orientation or pattern of the failure planes as well as the lateral pressures in these 
two states may be obtained from the corresponding Mohr’s circles of stress representing the 
stress conditions for these two states as shown in Fig. 13.6 (c). 

From the geometry of the Mohr’s circle, for active condition, 

DC, _(6,—63)/2 (6,-63) (6, —o,) 


sinO= 90, ~(6,4+63)/2 (6,+63) (6, +6,) 





since ©, is the major principal stress and ©, is the minor one for the active case. 


oO 1-si 
This leads to a oe 


» l+sinọ 
Zr is known as the coefficient of lateral earth pressure and is denoted by K, for the active 
O, 
case. 


K = Ene - tan'(45°- 2) .. (Eq. 13.8) 


(by trignometry.) 
ACD = 90° + 6, from AOC,D. 
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This is twice the angle made by the plane on which the stress conditions are represented 
by the point D on the Mohr’s circle. Hence, the angle made by the failure plane with the 


horizontal is given by $ (90°+ o) or (45° + 6/2). Similarly, from the geometry of the Mohr’s 


circle for the passive condition, 
. , EC, _(0,—03)/2 _0,-63 _ 0, —Oy 
ats OC, (6,+063)/2 06,+0; 6, +06,’ 





since 6, is the major principal stress and o, is the minor principal stress for the passive case. 
This leads to 


©, _1-sing 


o, 1+sing 
O, _1+sing 


or = - 
©, 1-sino 


v 


© is the coefficient of lateral earth pressure and is denoted by K - for the passive case. 
0 


K =r = tan?( 45° + 2) .. (Eq. 13.9) 


The angle made by the failure plane with the vertical is (45° + 0/2), i.e., with the plane of 
which the major principal stress acts. 

Thus, the angle made by the failure plane with the horizontal is (45° — 0/2) for the 
passive case. 

The effective angle of friction, 6’, is to be used for 6, if the analysis is based on effective 
stresses, as in the case of submerged or partially submerged backfills. These two states are the 
limiting states of plastic equilibrium; all the intermediate states are those of elastic equilib- 
rium, which include ‘at rest’ condition. 


13.6.2 Active Earth Pressure of Cohesionless Soil 


Let us consider a retaining wall a vertical back, retaining a mass of cohesionless soil, the 
surface of which is level with the top of the wall, as shown in Fig. 13.7 (a). 

















Cohesionless soil -i` Pa 
H/3 
}¢— KoyH —>| 
(a) Retaining wall with cohesionless (b) Active pressure 
backfill (moving away from the fill) distribution with depth 


Fig. 13.7 Active earth pressure of cohesionless soil—Rankine’s theory 
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o, at a depth z below the surface = y.z 
Assuming that the wall yields sufficiently for the active conditions to develop, 
0, =K,.6,=K,- Y2, 
1-sing 
1+sing 
The distribution of the active pressure with depth is obviously linear, as shown in 
Fig. 13.7 (b). 
For a total height of H of the wall, the total thrust P, on the wall per unit length of the 
wall, is given by: 


where K, = = tan? (45° — 6/2) 


1 
P = Kav” ...(Eq. 13.10) 
This may be taken to act at a height of (1/3)H above the base as shown, through the 
centroid of the pressure distribution diagram. 


The appropriate value of the unit weight y should be used. 


13.6.3 Passive Earth Pressure of Cohesionless Soil 


Let us again consider a retaining wall with a vertical back, retaining a mass of cohesionless 
soil, the surface of which is level with the top of the wall, as shown in Fig. 13.8 (a). 











Po 
/ H/3 
KpyH >| 
(a) Retaining wall with cohesionless (b) Passive pressure 
backfill (moving towards the fill) distribution with depth 


Fig. 13.8 Passive earth pressure of cohesionless soil—Rankine’s theory 


o, at a depth z below the surface = y.z 

Assuming the wall moves towards the fill sufficiently to mobilise the full passive resist- 
ance, 

0, = K,-S, = K,-Y25 

1+sing 
1-sing 

The distribution of passive pressure (resistance) with depth is obviously linear, as shown 
in Fig. 13.8 (b). 

For a total height H of the wall, the total passive thrust P, on the wall per unit length of 
the wall is given by: 


where K, = = tan? (45° + 6/2) 
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1 2 
F = ge (Eq. 13.11) 
This may be taken to act at a height of (1/3)H above the base as shown, through the 


centroid of the pressure distribution diagram. The appropriate value of y should be used. 


13.6.4 Effect of Submergence 
When the backfill is fully saturated/submerged, the lateral pressure will be due to two compo- 
nents: 
(i) Lateral earth pressure due to submerged unit weight of the backfill soil; and 
(ii) Lateral pressure due to pore water. 
This is shown in Fig. 13.9 (a). 









` Cohesionless 
=: soil (buoyant 
«e unit weight : y’) 


Cohesionless ` 
soil (buoyant + 
unit weight : y) ~ 






Water 








| Kay'H ¢ YwH > K— K,y'H >] 


(a) Submerged backfill (b) Wall with submerged backfill 
and water on the other side 


Fig. 13.9 Effect of submergence on lateral earth pressure 


At any depth z below the surface, the lateral pressure, ©,, is given by: 
0, = K,.Y'2 + Vy 

The pressure at the base is obtained by substituting H for z. 

In case water stands to the full height of the retaining wall on the other side of the 
submerged backfill, as shown in Fig. 13.9 (b), the net lateral pressure from the submerged 
backfill will be only from the first component, i.e., due to submerged unit weight of the backfill 
soil, as the water pressure acting on both sides will get cancelled. 


In the case of passive earth pressure, the coefficient of passive earth pressure K y has to 
substituted for K ; otherwise, the treatment will be the same. 


If the backfill is submerged only to a part of its height, the backfill above the water table 
is considered to be moist. The lateral pressure above the water table is due to the most unit 
weight of soil, and that below the water table is the sum of that due to the submerged unit 
weight of the soil and the water pressure. This is illustrated in Fig. 13.10 (a). 

Lateral pressure at the base of wall, 

= K yH, + K,y'H, + ¥,,H,, as shown in Fig. 13.10 (6), 
where H, = depth of submerged fill, 

K, = active earth pressure coefficient, 
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H, = depth of fill above water table (taken to be moist), 
y= moist unit weight, and 
y’ = submerged or effective unit weight. 


























A Moist 
2 sand (y) 
Vv SS a ee 
A 
I 
l 
| Saturated i 
| sand i 
r H; (effective l 
unit wt. : y’) ! 
! \ 
Vv i \ 
|e) K,y'H, Ke YwH, >| 
Kyy'H> Ka,YH2 Kay'Ho YwH, 
(a) Partly submerged backfill (b) Lateral pressure for partly (c) Partly submerged backfill 
submerged backfill with different friction angles 


above and below the water table 
Fig. 13.10 Effect of partial submergence on lateral earth pressure 


If the angle of internal friction below the water table is different from that above the 
water table (the former will usually be less than the latter), the corresponding values of K, 
should be used in the respective zones. (It may be noted that K -values bear reciprocal rela- 
tionship with o-values while K,-values bear direct relationship with them). At the water table, 
a slight but sudden increase of pressure should be expected depending upon the difference in 
the values of active pressure coefficients for the respective -values. These conditions are illus- 
trated in Fig. 13.10 (c). 


13.6.5 Effect of Uniform Surcharge 

The extra loading carried by a retaining structure is known as ‘surcharge’. It may be a uniform 
load (from roadway, from stacked goods, etc.), a line load (trains running parallel to the struc- 
ture), or an isolated load (say, a column footing). 

Let us see the effect of a uniform surcharge on the lateral pressure acting on the retain- 
ing structure, as shown in Fig. 13.11. 

In the case of a wall retaining a backfill with horizontal surface level with the top of the 
wall and carrying a uniform surcharge of intensity q per unit area, the vertical stress at every 
elevation in the backfill is considered to increase by q. As such, the lateral pressure has to 
increase by K,.q. 

Thus, at any depth z, ©, = K,y.z + K.q 

Figures 13.11 (6) and (c) show two different ways in which the pressure distribution 
may be shown. In Fig. 13.11 (c), the uniform surcharge is also considered to have been con- 
verted into an equivalent height H,, of backfill, which is easily established , as shown. 
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diagram showing lateral pressure 


Fig. 13.11 Effect of uniform surcharge on lateral pressure 


13.6.6 Effect of Inclined Surcharge—Sloping Backfill 

Sometimes, the surface of the backfill will be inclined to the horizontal. This is considered to be 
a form of surchage—‘inclined surcharge’, and the angle of inclination of the backfill with the 
horizontal is called the ‘angle of surcharge’. Rankine’s theory for this case is based on the 
assumption that a ‘conjugate’ relationship exists between the vertical pressures and lateral 
pressures on vertical planes within the soil adjacent to a retaining wall. It may be shown that 
such a conjugate relationship would hold between vertical stresses and lateral stresses on 
vertical planes within an infinite slope. Thus, it would amount to assuming that the introduc- 
tion of a retaining wall into the infinite slope does not result in any changes in shearing stresses 
at the surface of contact between the wall and the backfill. This inherent assumption in Rankine’s 
theory means that the effect of ‘wall friction’, or friction between the wall and the backfill soil 
is neglected. 

Let us consider an element of soil of unit horizontal width at depth z below the surface 
of the backfill, the faces of which are parallel to the surface and to the vertical, as shown in 
Fig. 13.12 (a). 

The vertical stress and the lateral stress on the vertical plane are each parallel to the 
plane of the other and, therefore, are said to be conjugate stresses. Both have obliquities equal 
to the angle of inclination of the slope B. 

The magnitude of the vertical stress acting on the face of the element parallel to the 
surface can be easily obtained as follows: 

The weight of column of soil above the face = y . z. Since the horizontal width is unity, 
the area of the parallelogram is z. 1, and the volume of the parallelopiped is z.1.1 cubic units. 





This force acts on an area 


: 1 
osß 
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(b) Mohr’s circle of stress 
Fig. 13.12 Inclined surcharge—Rankine’s theory 


.. The vertical stress o, on the face of the element parallel to the slope is: 


YZ 
%= 1/cosB 


The conjugate nature of the lateral pressure on the vertical plane and the vertical pres- 
sure on a plane parallel to the inclined surface of the backfill may also be established from the 
Mohr’s circle diagram of stresses, Fig. 13.12 (b). It is obvious that, from the very definition of 
conjugate relationship, the angle of obliquity of the resultant stress should be the same for 
both planes. Thus, in the diagram, if a line OE is drawn at an angle ß, the angle of obliquity, 
with the o-axis, to cut the Mohr’s circle in E and F, OE represents o, and OF represents ©, for 
the active case (for the passive case, it is vice versa). 





=y.z cosB ...(Eq. 13.12) 


Now the relationship between o, and o, may be derived from the geometry of the Mohr’s 
circle, Fig. 13.12 (b), as follows. 

Let OD be the failure envelope inclined at ọ to the o-axis. Let CG be drawn perpendicu- 
lar to OFE and CE, CD, and CF be joined,C being the centre of the Mohr’s circle. 


= sin o 


cD 
OC 
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(6, -63)/2 -sii 
(01 +03)/2 S 
or (6, — 03) = (0, + 6,) sin ọ .. (Eq. 13.13) 


OG = OC. cosh = [(6, + 6,)/2] cos B 
CG = OC. sin B = [(6, + 6,)/2] sin B 


2 
FG = GE = YCF? - CG? =, |{(o, —o3)/ 2) - Geri 1 3) sinp 
i i 2 


= (6, + 63/2] Jsin? )—sin?B, using Eq. 13.13. 
Now, 6, =OG+GE= to , Ss) cosB + (1 , Og) sin” ọ - sin? B 


5, = 1428) (cosp + sin?  - sin? p) 

or c= 1708) cos + cos” B — cos” ) ... (Eq. 13.14) 
6, = OG - FG = oe Jeosp - (S428) sin? ọ — sin? ß 
g= (=) (cosB — sin? 6 - sin? B) 

[22525 | cosp - cos? B — cos? 6) ..(Eq. 13.15) 


k cosB — cos” B — cos? ¢ ...(Eq. 13.16) 
cosB + cos” B — cos? ọ 


K is known as the ‘Conjugate ratio’. 
Using Eq. 13.12, 














or 





6) = 
©; 
Oy 





ee eee 
0 =e: ons | ot _ p 2 $ ...(Eq. 13.17) 
cosB + ycos/ B — cos* o 


If 6, is defined as K,. yz as usual, 


paaa ana? 
K, = cosB ie a i (Eq. 13.18) 
cosB + cos”? B— cos” ọ 


K, is the ‘Rankine’s Coefficient, of active earth pressure for the case inclined surcharge— 


sloping backfill. 
The distribution of pressure with the height of the wall is linear, the pressure distribu- 
tion diagram being triangular as shown in Fig. 13.12 (c). The total active thrust P, per unit 


length of the wall acts at (1/3)H above the base of the wall and is equal to 3K y.H", it acts 
parallel to the surface of the fill. 
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If the backfill is submerged, the lateral pressure due to the submerged unit weight of 
the backfill soil acts parallel to the surface of the backfill, while the lateral pressure due to 
pore water acts horizontally. 


For the passive case, the right-hand sides of Eqs. 13.14 and 13.15 will represents o, and 
o, respectively. 
The conjugate ratio, K, is given by 


7 cosB + cos” B- cos? o 
cosB — cos” B- cos? o 
and the passive pressure coefficient K, is given by 
cosB + ycos? B — cos” 
K,= cosß B $ $ 
cosB — cos? B — cos” p 


The total thrust or passive resistance per unit length of wall P, is given by 7K, 





...(Eq. 13.19) 





...(Eq. 13.20) 


acting at 3H above the base of the wall, parallel to the backfill surface. 


It is interesting to note that if B = 0 is substituted in Eqs. 13.18 and 13.20, we obtain 
Eqs. 13.8 and 13.9, respectively, for the case with the backfill surface horizontal. 


13.6.7 Effect of Inclined Back of Wall 


The back of a retaining wall may not always be vertical, but may occasinally be battered or 
inclined. In such a case, the total lateral earth pressure on an imaginary vertical surface pass- 
ing through the heel of the wall is found and is combined vectorially with the weight of the soil 
wedge between the imaginary face and the back of the wall, to given the resultant thrust on 
the wall. 


The procedure is applicable whether the backfill surface is horizontal or inclined, as 
illustrated in Fig. 13.13. 





(a) Inclined back of wall— (b) Inclined back of wall— 
Horizontal backfill Inclined backfill 


Fig. 13.13 Effect of inclined back of wall on lateral earth pressure 


466 GEOTECHNICAL ENGINEERING 








Fig. 13.14 Mohr’s circles of stress for active for a cohesionless soil and for a cohesive soil 


P,, is the lateral pressure on the imaginary vertical face through the heel of the wall, 


acting at H/3 above the base. The weight of the soil wedge is W, acting through its centroid. 
The vector sum of these is the total thrust P, on the back of the wall. 


13.6.8 Active Earth Pressure of Cohesive Soil 
A cohesive soil is partially self-supporting and it will, therefore, exert a smaller pressure on a 
retaining wall than a cohesionless soil with the same angle of friction and density. 

The Mohr’s circle of stress for a cohesionless soil and for a cohesive soil for an element at 
a depth z for the active case are superimposed and shown in Fig. 13.14. 

From the geometry of Fig. 13.14, 





CE 
i (0) — = meee eee Pe ere 
The difference between o, and 93, = AD = EF cos(45°— 0/2) 
But CE _ CE nid ie: CE = sine — 6) -9 sin(45° — o / 2) cos(45° —  / 2) 
CG cœ CG sin(45° + o/ 2) cos(45°—  / 2) 


CE = 2c sin (45° — 0/2) 
2csin(45° — / 2) 
e  cos(45°— o/ 2) 
63,= 6, — 2c tan (45° — 6/2) 
But, ©, for a cohesionless soil = y.z. tan? (45° — 9/2) 


O3, = y. z tan? (45° — 6/2) — 2c tan (45° — 6/2) ...Œq. 13.21) 





Substituting, (O; — O3 = 2c tan (45° — 6/2) 
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467 
Y.2 2c 
= ... (Eq. 13.22 
= 3 = fan2(45°49/2) tan(45°+ 0/2) (Eq. 13.22) 
yz 2c 
P lee (Eq. 13.23) 
N; IN, 
where N, = tan? (45° + ọ/2),called ‘flow value’. 


The equation for 63 , or the lateral pressure for a cohesive soil, is known as Bell’s equation. 


In fact, this may be also obtained from the relation between principal stresses expressed 
by Eq. 8.36 by taking o, = yz and 6, = ©, as follows: 


6, = and o, = ©, as follows: 


6, = oN, + 2cyNo 


0, = %2, 03 = 0; 


yw =N, + 2c No 
Wz 


2c 
or 0, = x ~ ===. as obtained earlier. 
h N, N; 


With the usual notation, 


= K, for a cohesionless soil. 
(0) 





At the surface, z = 0 and ©, = — 2c / , Ny 


...(Eq. 13.24) 
The lateral pressure distribution diagram is obtained by superimposing the diagram for 
the first and second terms, as shown in Fig. 13.15. 


H 








le Kayh = yHIN, >| 


Fig. 13.15 Active pressure distribution for a cohesive soil 


The negative values of active pressure up to a depth equal to half of the so-called ‘criti- 
cal depth’ indicate suction effect or tensile stresses; however, it is well known that soils cannot 


withstand tensile stresses and hence, suction is unlikely to occur. Invariably, the pressure 
from the surface in the tension zone is ignored. 
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The total active thrust per unit length of the wall is obtained by considering a net area 
of the pressure distribution diagram or, by integrating the general expression for pressure 
over the entire height of the wall. 


H 
Thus, P, = [93.42 








...(Eq. 13.25) 





or P= : 
oc 2 Ny IN 6 
In practice, cracks occur over the entire depth, z,, of the tensile zone, making the backfill 
soil lose contact with the wall in that zone. 


z, may be got by equating 53, to zero. 








yz 2c 
03 = £ kag = 
2e Ne _ 2c 





2c 
z= .— = 2. N, =—.tan(45° + o/ 2) ... (Eq. 13.26) 
C ANo Yy y Y a 
If the total active thrust per unit length of the wall is to be obtained ignoring the tensile 
stresses, one has to proceed as follows: 








1yH°? 2cH n 2c? 


or Po = 
2 N IN 6 y 
This may also be got by integrating the general expression for active pressure between 


the depths z, and H: 


...(Eq. 13.27) 
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Substituting for z, from Eq. 13.26, 








or P= 





For pure clay, ọ = 0 


g 2c” 


Pes yH? —2cH + a .. (Eq. 13.28) 


a 


This acts (H — z,)/3 above the base. 


The net pressure over depth of 2z, is obviously zero. This indicates that a cohesive soil 
mass should be able to stand unsupported up to this depth which is known as the critical 
depth. 


The critical depth H, is given by 


4 
H, = 2z, = = IN, (Eq. 13.29) 
4c 
If o = 0, H, = y (Eq. 13.30) 


Equations 13.24 and 13.26 may be derived from the geometry of the Mohr’s circles IV 
and III respectively, instead of from Eq. 13.23. The proofs are let to the reader. 


13.6.9 Passive Earth Pressure of Cohesive Soil 


Cohesion is known to increase the passive earth resistance of a soil. This fact can be math- 
ematically demonstrated from the relationship between the principal stresses that may be 
derived from the geometry of the Mohr’s circle relating to the passive case for a c — ọ soil, 
taking cognizance of the fact 6, = y.z and o, = o, (Fig. 13.16). 


o; = os No + 2c JN; 
o=% and o,= 9%, 


O1, =0,, =N, +20 JN; ...(Eq. 13.31) 
(Here, K, =N 6 in the usual notation). 
The pressure distribution with depth is shown in Fig. 13.17. 


The total passive resistance per unit length of wall isP, =P, +Pp" = 4 yH?N. à +2cH JN; . 


P, acts at H/3 and P," acts at H/2 above the base. The location of Pp may be found be 
moments about the base. 
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Fig. 13.16 Mohr’s circles of stress of passive pressure for 
a cohesionless soil and for a cohesive soil 






H Cohesive 
fill 








Fig. 13.17 Passive pressure distribution for the cohesive soil 


13.7 COULOMB’S WEDGE THEORY 


Charles Augustine Coulomb (1776), a famous French scientist and military engineer, was the 


first to try to give a scientific basis to the hazy and arbitrary ideas existing in his time regard- 
ing lateral earth pressure on walls. 
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Coulomb’s theory considers the soil behind the wall as a whole instead of as an element 
in the soil. If a wall supporting a granular soil were not to be there, the soil will slump down to 
its angle of repose or internal friction. It is therefore reasonable to assume that if the wall only 
moved forward slightly a rupture plane would develop somewhere between the wall and the 
surface of repose. The triangular mass of soil between this plane of failure and the back of the 
wall is referred to as the ‘sliding wedge’. It is reasoned that, if the retaining wall were sud- 
denly removed, the soil within the sliding wedge would slump downward. Therefore, an analy- 
sis of the forces acting on the sliding wedge at incipient failure will reveal the thrust from the 
lateral earth pressure which is necessary for the wall to withstand in order to hold the soil 
mass in place. This is why Coulomb’s theory is also called the ‘Wedge theory’, implying the 
existence of a plane repture surface. However, Coulomb recognised the possibility of the exist- 
ence of a curved rupture surface, although he considered a plane surface for the sake of math- 
ematical simplicity. In fact, it is now established that the assumption of a plane repture sur- 
face introduces significant error in the determination of passive earth resistance, a curved 
rupture surface being nearer to facts, as demonstrated by experiments. 


In the course of time Coulomb’s theory underwent some alternations and new develop- 
ments. The theory is very adaptable to graphical solution and the effects of wall friction and 
batter are automatically allowed for. Poncelet (1840), Culmann (1866), Rebhann (1871) and 
Engesser (1880) are the notable figures who contributed to further development of Coulomb’s 
theory. 


The significance of Coulomb’s work may be recognised best by the fact that his ideas on 
earth pressure still prevail in their principal points with a few exceptions and are considered 
valid even today in the design of retaining walls. 


13.7.1 Assumptions 
The primary assumptions in Coulomb’s wedge theory are as follows: 
1. The backfill soil is considered to be dry, homogeneous and isotropic; it is elastically 


underformable but breakable, granular material, possessing internal friction but no 
cohesion. 


2. The rupture surface is assumed to be a plane for the sake of convenience in analysis. 
It passes through the heel of the wall. It is not actually a plane, but is curved and 
this is known to Coulomb. 

3. The sliding wedge acts as a rigid body and the value of the earth thrust is obtained 
by considering its equilibrium. 

4. The position and direction of the earth thrust are assumed to be known. The thrust 
acts on the back of the wall at a point one-third of the height of the wall above the 
base of the wall and makes an angle ð, with the normal to the back face of the wall. 
This is an angle of friction between the wall and backfill soil and is usually called 
‘wall friction’. 

5. The problem of determining the earth thrust is solved, on the basis of two-dimen- 
sional case of ‘plane strain’. This is to say that, the retaining wall is assumed to be of 
great length and all conditions of the wall and fill remain constant along the length 
of the wall. Thus, a unit length of the wall perpendicular to the plane of the paper is 
considered. 
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10. 
11. 
12. 


. When the soil wedge is at incipient failure or the sliding of the wedge is impending, 


the theory gives two limiting values of earth pressure, the least and the greatest 
(active and passive), compatible with equilibrium. 


The additional inherent assumptions relevant to the theory are as follows: 


. The soil forms a natural slope angle, ọ, with the horizontal, without rupture and 


sliding. This is called the angle of repose and in the case of dry cohesionless soil, it is 
nothing but the angle of internal friction. The concept of friction was understood by 
Coulomb. 


. If the wall yields and the rupture of the backfill soil takes place, a soil wedge is torn 


off from the rest of the soil mass. In the active case, the soil wedge slides sideways 
and downward over the rupture surface, thus exerting a lateral pressure on the 
wall. In the case of passive earth resistance, the soil wedge slides sideways and 
upward on the rupture surface due to the forcing of the wall against the fill. These 
are illustrated in Fig. 13.18 


. For a rupture plane within the soil mass, as well as between the back of the wall and 


the soil, Newton’s law of friction is valid (that is to say, the shear force developed 
due to friction is the coefficient of friction times the normal force acting on the plane). 
This angle of friction, whose tangent is the coefficient of friction, is dependent upon 
the physical properties of the materials involved. 

The friction is distributed uniformly on the rupture surface. 

The back face of the wall is a plane. 

The following considerations are employed for the determination of the active and 
passive earth pressures: 


Among the infinitely large number of rupture surface that may be passed through the 
heel of the wall, the most dangerous one is that for which the active earth thrust is a maximum 
(the wall must resist even the greatest value to be stable). 





gurtace of eil Geer 









Rupture 
surface 


K 


ġ-line 















Note : 

6 is considered positive 

if P, is inclined downwards 
from the normal to the wall. 














(a) Active earth pressure 
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Note : 

R 5 is considered positive 

if P, is inclined upwards 
from the normal to the wall. 











(b) Passive earth resistance 


Fig. 13.18 Coulomb’s theory—active and passive cases 


In the case of passive earth resistance, the most dangerous rupture surface is the one 
for which the resistance is a minimum. The minimum force necessary to tear off the soil wedge 
from the soil mass when the wall is forced against the soil is thus the criterion, since failure is 
sure to occur at greater force. Note that this is in contrast to the minimum and maximum for 
active and passive cases in relation to the movement of the wall away from or towards the fill, 
respectively. 

Also note that Coulomh’s theory treats the soil mass in the sliding wedge in its entirety. 
The assumptions permit one to treat the problem as a statically determinate one. 

Coulomb’s theory is applicable to inclined wall faces, to a wall with a broken face, to a 
sloping backfill curved backfill surface, broken backfill surface and to concentrated or distrib- 
uted surcharge loads. 

One of the main deficiencies in Coulomb’s theory is that, in general, it does not satisfy 
the static equilibrium condition occurring in nature. The three forces (weight of the sliding 
wedge, earth pressure and soil reaction on the rupture surface) acting on the sliding wedge do 
not meet at a common point, when the sliding surface is assumed to be planar. Even the wall 
friction was not originally considered but was introduced only some time later. 

Regardless of this deficiency and other assumptions, the theory gives useful results in 
practice; however, the soil constants should be determined as accurately as possible. 


13.7.2 Active Earth Pressure of Cohesionless Soil 


A simple case of active earth pressure on an inclined wall face with a uniformly sloping backfill 
may be considered first. The backfill consists of homogeneous, elastic and isotropic cohesionelss 
soil. A unit length of the wall perpendicular to the plane of the paper is considered. The forces 
acting on the sliding wedge are (i) W, weight of the soil contained in the sliding wedge, (iz) R, 
the soil reaction across the plane of sliding, and (iii) the active thrust P, against the wall, in 
this case, the reaction from the wall on to the sliding wedge, as shown in Fig. 13.19. 
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gurtace of the fill : 
Rupture b 
planea w=(a-8) 
Sliding sliding 
wedge surface 
(180°—w—6+ 6) Ww 
R 


0-9) 


(a) Sliding wedge 


(b) Force triangle 
Fig. 13.19 Active earth pressure of cohesionless soil—Coulomb’s theory 


The triangle of forces is shown in Fig. 13.19 (b). With the nomenclature of Fig. 13.19, 
one may proceed as follows for the determination of the active thrust, P_: 


W = y (area of wedge ABC) 


1 
AABC = gic. BD, BD being the altitude on to AC. 


AC = AB sin(a + B) 





` sin(0 — P) 
BD = AB. sin (a + 0) 
E H 
sin a 


Substituting and simplifying, 


2 . 
W= Les = peg ee 








; ... (Eq. 13. 
sin“ a sin(6 — B) ee 
From the triangles of forces, 
P, _ W 
sin(0-)  sin(180°- y- 6+ 9) 
P =W sin(0 — 6) 





` sin(180° — y - 6+ 0) 
Substituting for W, 


1 yH’ sin(0 — @) 


7 sin(0 + o).sin(o + B) 
a` 2sin?q@ sin(180°- y—6+6) 


nG —B) ... (Eq. 13.32) 


The maximum value of P, is obtained by equating the first derivative of P, with respect 
to 8 to zero; 





a 


or =, = 0, and substituting the corresponding value of 0. 
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The value of P, so obtained is written as 














1 in? (a + 
Rae = - (Eq. 13.33) 
E ES sin( + 6)sin( — B) 
— dj 1+ 
a thet | | sin(o.— 8)sin(a + B) 
This is usually written as 
l r72 
= —yH*.K 
Pa z" a, 
sin? (a + p) 
where K, = ...(Eq. 13.34) 








2 
Ee 7 sin( + 6).sin(o — B) 
sin” a.sin(& 5j + | cina- | 


K, being the coefficient of active earth pressure. 


For a vertical wall retaining a horizontal backfill for which the angle of wall friction is 
equal to 9, K, reduces to 


K = cos o 
a (1+ V2sino)? 
by substituting œ = 90°, B = 0°, and 6 = 9. 

For a smooth vertical wall retaining a backfill with horizontal surface, 

a = 90°, ô = 0, and B = 0; 
K = 1- emt 
a 1+sino 
which is the same as the Rankine value. 


(Eq. 13.35) 





= tan? (45° — 9/2) = N, 


In fact, for this simple case, one may proceed from fundamentals as follows: 

















7 Gime Pa 
Yw 
H R 
8-9) 
* Uf Oy as! 
(a) Sliding wedge (b) Triangle of forces 


Fig. 13.20 Active earth pressure of cohesionless soil special case: œ = 90°, 6 = B = 0° 


With reference of Fig. 13.20 (b), 
P= W tan (0 — 9), 


= =H? cot 


yH?’ cot Otan(0 — p) ... (Eq. 13.36) 
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oP. 
For maximum value of P, as =0 
apr. _ 1H? tan(0 — ) : cot 0 


00 2 sin? 0 cos? (0 — 6) i 





— sin(0 — þ)cos(0 — þ) + sin Ocosð _ 
sin? 0 cos? (0 — 6) 





or 


or sin ọ cos (20 — o) = 0, on simplification. 
: cos (20 — 0) = 0 or 6 = 45° + 0/2 


1 
Substituting in Eq. 13.36, P, = 51H ? tan? (45° — o/ 2) ...(Eq. 13.37) 


as obtained by substitution in the general equation. 
Ironically, this approach is sometimes known as ‘Rankine’s method of Trial Wedgev. 
A few representative values of K, from Eq. 13.34 for certain values of 6, 6, œ and B are 
shown in Table 13.2. 


Table 13.2 Coefficient of active earth pressure from Coulomb’s theory 














sLo> 20° 30° 40° 
a=90°, B=0° 
0° 0.49 0.33 0.22 
10° 0.45 0.32 0.21 
20° 0.43 0.31 0.20 
30° an 0.30 0.20 
a=90°, B=10° 
0° 0.51 0.37 024 
10° 0.52 0.35 0.23 
20° 0.52 0.34 0.22 
30° = 0.33 0.22 
a= 90°, B= 20° 
0° 0.88 0.44 0.27 
10° 0.90 0.43 0.26 
20° 0.94 0.42 0.25 
30° 7 0.42 0.25 





It may be observed that the theoretical solution is thus rather complicated even for 
relatively simple cases. This fact has led to the development of graphical procedures for arriv- 
ing at the total thrust on the wall. Poncelet (1840), Culmann (1866), Rebhann (1871), and 
Engessor (1880) have given efficient graphical solutions, some of which will be dealt with in 
the subsequent subsections. 

An obvious grpahical approach that suggests itself if the “Trial-Wedge method”. In this 
method, a few trial rupture surfaces are assumed at varying inclinations, 0, with the horizontal 
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and passing through the heel of the wall; for each trial 





surface the triangle of forces is completed and the value j Sorters oe T 
of P found. A 0 — P, plot is made which should appear a S N 
somewhat as shown in Fig. 13.21, if an adequate number = 
of intelligently planned trial rupture surface are $ l 
analysed. > 

The maximum value of P, from this plot gives 1 8c x 
the anticipated total active thrust on the wall per lin- Value of 0 ——> 
eal unit and the corresponding value of 9, the inclina- Fig. 13.21 Angle of inclination of trial 
tion of the most probable rupture surface. rupture plane versus active thrust 


Wall friction 


At this juncture, a few comments on wall friction may be appropriate. In the active case, the 
outward stretching leads to a downward motion of the backfill soil relative to the wall. Such a 
downward shear force upon the wall is called ‘positive wall friction for the active case. This 
leads to the upward inclination of the active thrust exerted on the sliding wedge as shown in 
Fig. 13.19 (a). This means that the active thrust exerted on the wall will be directed with a 
downward inclination. 

In the passive case, the horizontal compression must be accompanied by an upward 
bulging of the soil and hence there tends to occur an upward shear on the wall. Such an up- 
ward shear on the wall is said to be ‘positive wall friction for the passive case. This leads to the 
downward inclination of the passive thrust exerted on the sliding wedge as shown in fig. 13.24 
(a); this means that the passive resistance exerted on the wall will be directed with upward 
inclination. 


In the active case wall friction is almost always positive. Sometimes, under special con- 
ditions, such as when part of the backfill soil immediately behind the wall is excavated for 
repair purposes and the wall is braced against the remaining earth mass of the backfill, nega- 
tive wall friction might develop. 

Either positive or negative wall friction may develop in the passive case. This sign of 
wall friction must be determined from a study of motions expected for each field situation. 

Once wall friction is present, the shape of the rupture surface is curved and not plane. 
The nature of the surface for positive and negative values of wall friction is shown in 
Figs. 13.22 (a) and (b), respectively. 








TRO 





Sliding “. 
f wedge * 








Curved 
sliding 

surface 
surface 





(a) Positive wall friction (b) Negative wall friction 


Fig. 13.22 Positive and negative wall friction for active case along 
with probable shape of sliding surface 
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The angle of wall friction, 56, will not be greater than ọ; at the maximum it can equal 6, 
for a rough wall with a loose fill. For a wall with dense fill, 6 will be less than ọ. It may range 


from tọ to #0 in most cases; it is usually assumed as (2/3) in the absence of precise data. 


The possibility of ò shifting from + to —p in the worst case should be considered in the 
design of a retaining wall. 

The value of K, for the case of a vertical wall retaining a fill with a level surface, in 
which ọ ranges from 20° to 40° and 6 ranges from 0° to @, may be obtained from the chart given 
in Fig. 13.23. 








<— Wall friction angle, 5 








Friction angle, ¢ —» 


Fig. 13.23 Coefficient of active pressure as a function of wall friction 


The influence of wall friction on K, may be understood from this chart to some extent. 

The assumption of plane failure in the active case of the Coulomb theory is in error by 
only a relatively small amount. It has been shown by Fellenius that the assumption of circular 
arcs for failure surfaces leads to active thrusts that generally do not exceed the corresponding 
values from the Coulomb theory by more than 5 per cent. 


13.7.3 Passive Earth Pressure of Cohesionless Soil 
The passive case differs from the active case in that the obliquity angles at the wall and on the 
failure plane are of opposite sign. Plane failure surface is assumed for the passive case also in 
the Coulomb theory but the critical plane is that for which the passive thrust is minimum. The 
failure plane is at a much smaller angle to the horizontal than in the active case, as shown in 
Fig. 13.24. 

The triangle of forces is shown in Fig. 13.24 (6). With the usual nomenclature, the pas- 
sive resistance P, may be determined as follows: 


1 yH? . sin(a + p) 
.sin(0 + AERE -B 


2 sin? a 


From the triangle of forces 





, as in the active case. 


Pa wW 
sin(0+¢)  sin(180°- y-6-) 
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| 1), 
| WB 


(a) Sliding wedge (b) Force triangle 


(180°- y- 9-9) 






(6 + 6) 








Fig. 13.24 Passive earth pressure of cohesionless soil—Coulomb’s theory 





P- sin(0 + o) 

P ` sin(180° - y -0 - ọ) 

Substituting for W, 

sin(a + B) sin(0 +a) 
sin(0 — B) ‘sin(180° — y — 0 — ọ) 
The minimum value of P, is obtained by differentiating Eq. 13.38 with respect to 0 


1 yH? 


=. .sin(0 + a). 
P 2 sin*a 








(Eq. 13.38) 


equating Ps to zero, and substituting the corresponding value of 0. 
The value of P, so obtained may be written as 
Pe SK, 
where K, = sin(a- 4) ; (Eq. 13.39) 
sin” o.sin(o + sji | aint ¥5)-ein(B) | 











sin(a + 6).sin(a + B) 
Kp being the coefficient of passive earth resistance. 
For a vertical wall retaining a horizontal backfill and for which the friction is equal to 6, 
a = 90°, B = 0°, and 6 = 6, and K, reduces to 


cos? (0) 


K, 5 
eae ip [Pent Q. nt 


cos 











cos 


K, = eG ...(Eq. 13.40) 


or 
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For a smooth vertical wall retaining a horizontal backfill, 
a = 90°, B = 0° and ô = 0°; 

B cos” B l-sin?ọ _ (1+sin9) 

P (l-sinọ) (-sing)? (1-sino) 


which is the same as the Rankine value. 





2 o = 
= tan*(45°+ 6/2)=Ny, 


For this simple case, it is possible to proceed from fundamentals, as has been shown for 
the active case. 

[(0 + ġ) takes the place of (0 — ġ) and (45° + 6/2) that of (45° — 0/2) in the work relating to 
the active case.] 

Coulomb’s theory with plane surface of failure is valid only if the wall friction is zero in 
respect of passive resistance. The passive resistance obtained by plane failure surfaces is very 
much more than that obtained by assuming curved failure surfaces, which are nearer truth 
especially when wall friction is present. The error increases with increasing wall friction. This 
leads to errors on the unsafe side. 











(a) Positive wall friction (b) Negative wall friction 


Fig. 13.25 Curved failure surface for estimating passive resistance 


Terzaghi (1943) has presented a more rigorous type of analysis assuming curved failure 
surface (logarithmic spiral form) which resembles those shown in Fig. 13.25. 

Terzaghi states that when ô is less than (1/3) 6, the error introduced by assuming plane 
rupture surfaces instead of curved ones in estimating the passive resistance is not significant; 
when 6 is greater than (1/3) 0, the error is significant and hence cannot be ignored. This situ- 
ation calls for the use of analysis based on curved rupture surfaces as given by Terzaghi; 
alternatively, charts and tables prepared by Caquot and Kerisel (1949) may be used. Extracts 
of such results are presented in Table 13.3 and Fig. 13.26. 


Table 13.3 Passive pressure coefficient from curved failure surfaces 














bLo> 10° 20° 30° 40° 
0° 1.42 2.04 3.00 4.60 
o/2 1.56 2.60 4.80 10.40 
o 1.65 3.00 6.40 17.50 
—o 0.72 0.58 0.54 0.52 
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Fig. 13.26 Chart for passive pressure coefficient 
(After Caquot and Kerisel, 1949) 


Alternatively, Sokolovski’s (1965) method may be used. This also gives essentially the 
same results. 

The theoretical predictions regarding passive resistance with wall friction are not well 
confirmed by experimental evidence as those regarding active thrust and hence cannot be 
used with as much confidence. Tschebotarioff (1951) gives the results of a few large-scale labo- 
ratory tests in this regard. 


13.7.4 Rebhann’s Condition and Graphical Method 


Rebhann (1871) is credited with having presented the criterion for the direct location of the 

failure plane assumed in the Coulomb’s theory. His presentation is somewhat as follows: 
Figure 13.27 (a) represent a retaining wall retaining a cohesionless backfill inclined at 

+B to the horizontal. Let BC be the failure plane, the position of which is to be determined. 





(a) Retaining wall with backfill 
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Pa 
(= a— 8) 
R W 
(0 - 4) 
(b) Forces on the sliding wedge (c) Force triangle 


Fig. 13.27 Rebhann’s condition for Coulomb’s wedge theory— 
Location of failure plane for the active case 


Figure 13.27 (6) represents the forces on the sliding wedge and Fig. 13.27 (c) represents 
the force triangle. 

Let BD be a line inclined at to the horizontal through B, the heel of the wall, D being 
the intersection of this o-line with the surface of the backfill. 

The value of P, depends upon the angle 6 relating to the location of the failure plane. P, 
will be zero when 9 = 6, and increases with an increase in 0 up to a limit, beyond which it 
decreases and reaches zero again when 9 = 180° — a. 


The situations when P, is zero are both ridiculous, since in the first case, no wall is 
required to retain a soil mass at an angle and in the second, the failure wedge has no mass. 
Thus, the failure plane will lie between the ọ-line and the back of the wall. 


Let AE be drawn at an angle (@ + 5) to the wall face AB to meet the o-line in E. Let CG be 
drawn parallel to AE to meet the o-line in G. 


Let the distances be denoted as follows: 
AE =a BG=c 
BD=b BE=d 
It is required to determine the criterion for which P, is the maximum, which is supposed 
to give the correct location of the failure surface. 


Q 
Q 
Il 
& 


Weight of the soil in the sliding wedge 
W = y. (AABC) 
= y. (AABD — ABCD) 
= y. (6/2). (sin y) (a — x) 
Value of thrust on the wedge (the same as the thrust on the wall). 


W. 
P = ae since ABCG is similar to the triangle of forces. 


b 
P,= 5, (e-#).siny (Eq. 13.41) 


DG 
If oG =k,c=b—kx 
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ybx BENT: 
P= Xb — hx) pe” x)sin y 
À oP 
For the value of P, to be a maximum, a =0, 
x 


since x is the only value which varies with the orientation of the failure plane. 


Aai kx\Xa-—2x)+kx(la-x)=0 
Ox 





(a — x) (b — kx + kx) —x(b —kx) = 0 


bla — x) = cx 
Multiplying throughout by Łsin y, 
łba sin y- }bx sin y = 4 cx sin y 


or AABD — ABCD = ABCG 
or AABC = ABCG 


...(Eq. 13.42) 


...Eq. 13.43) 


This equation signifies that for EC to be the failure plane the requirement is that the 


area of the failure wedge ABC be equal to the area of the triangle BCG. 


This is known as “Rebhann’s condition”, since it was demonstrated first by Rebhann is 


1871. 


The triangles ABC and BCG which are equal have a common base BC; hence their 


altitudes on to BC should be equal; 
or AJ. sin ZAJB = CG. sin ZBCG But ZAJB = ZBCG 
as CG is parallel to AJ. This leads to CG = AJ = x; and 





JE=a-x 
Triangles DAE and DCG are similar. 
Hence a .x =a 


Also, triangles BCG and BJE are similar. 
Consequently, Za =a -x 
c 


Subtracting one from the another, 





Simplifying, c? = bd 


or c= Vbd 


(Eq. 13.44) 


Thus if c is known, the position of G and hence that of the most dangerous rupture p 
surface, BC, can be determined and the weight of the sliding wedge, W, and the active thrust, 


P can be calculated. 


484 GEOTECHNICAL ENGINEERING 





The relationship expressed by Eq. 13.44 is called the “Poncelet Rule” after Poncelet 
(1840). It is obvious that Rebhann’s condition leads one to Poncelet’s rule and the satisfaction 
of one of these two implies that of the other automatically. 


The value of x may now be obtained from Eq. 13.42: 


cx = b(a — x) 


a (Eq. 13.45) 
or GTF (Eq. 13. 
ae b . 
Substituting c = q" -x) from Eq. 13.42 in to Eq. 13.41, one gets 
I OEE E 
P = at sin y ...(Eq. 13.46) 


In summary, the Eq. y = a — 6 along with Eqs. 13.44 to 13.46, provide a sequence of 
steps : 





w=a-5 
c= Vbd 
E ab 
“= bre 


P = Pet indy 
2 
which gives an analytical procedure for the computation of the active thrust by Coulomb’s 


wedge theory. 


However, elegant graphical methods have been devised and are preferred to the ana- 
lytical approach, in view of their versatility, coupled with simplicity. 


The graphical method to follow is given by Poncelet and it is also sometimes known as 
the Rebhann’s graphical method, since it is based on Reghann’s condition. 


The steps involved in the graphical method are as follows, with reference to Fig. 13.28. 
(i) Let AB represent the backface of the wall and AD the backfill surface. 


(ii) Draw BD inclined at ọ with the horizontal from the heel B of the wall to meet the 
backfill surface in D. 


(iii) Draw BK inclined at w(= a — ò) with BD, which is the w-line. 
(iv) Through A, draw AE parallel to the w-line to meet BD in E. (Alternatively, draw AE 
at (ọ + 6) with AB to meet BD in E). 
(v) Describe a semi-circle on BD as diameter. 
(vi) Erect a perpendicular to BD at E to meet the semi-circle in F. 
(vii) With B as centre and BF as radius draw an arc to meet BD in G. 
(viii) Through G, draw a parallel to the w-line to meet AD in C. 
(ix) With G as centre and GC as radius draw an arc to cut BD in L; join CL and also 
draw a perpendicular CM from C on to LG. 
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Fig. 13.28 Poncelet graphical construction for active thrust 


BC is the required rupture surface. The criterion may be checked as follows: 


Since AABC = ABCG, and BC is their common base, their altitudes on BC must be equal; 
or AN sin ZANB = NG sin ZGNC that is to say AN = NG, since ZANB = ZGNC. (N is intersec- 
tion of AG and BC). Thus, if AN and NG are measured and found to be equal, the construction 
is correct. 


The active thrust P, is given by 


P= zr siny, where CG = LG =x 
= y.(ACGL) 


1 
= Pi where n = CM, the altitude on the LG. 


(Incidentally, with the notation of Fig. 13.27 (a), it may be easily understood that W = 
5 ttn, in view of Eq. 13.43). 


Validity of the Method 


The validity of Poncelet construction may be easily demonstrated. 
c? = BG? = BF? = BE? + EF? 
But EF? = BE. ED, from the properties of a circle. 
ie c? = BE? + BE. ED 
= BE (BE + ED) 
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= BE. BD 
or c? = b.d, with the notation of Fig. 13.27 (a). 
This is the Poncelet rule, which implies Rebhann’s condition automatically; hence the 
validity of the construction. 


The validity of the graphical method may be established in a different manner by deriv- 
ing Eq. 13.33 for P, from the geometry of Fig. 13.28 coupled with the notation of Fig. 13.27. 
However, with a view to avoiding confusion, the data required for this are given separately in 
Fig. 13.29. 





Fig. 13.29 Key figure for establishing the validity of Poncelet graphical method 
x sin(0 — p) 











e A ip ... (Eq. 13.47) 
by applying sine rule in the triangle BCG, 
where c = bd (the geometric mean). 
For similar triangles GCD and EAD, 
ra b-c 
"en psg 
From the triangle ABE, 
AE _ sin(ọġ+a) 
AB siny 
a-AE-AB sin( +a) _ H sin(o+a@) 
` siny sina siny 
b- H sin(o+ b- 
poo ee) Wee) (Eq. 13.48) 





T (-d) sina siny ‘®-d) 
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But the ratio an may be transformed as follows: 


(b-c) b-bd _1-vd/b_ 1 
(b-d) b-d  1-d/b 14 VJd/b 
From triangles ABE and ABD, by the application of the sine rule, one may obtain d/b as 
follows: 





...(Eq. 13.49) 





d AB Z sin(o+6) sin(p-—ß) _ sin(o + &).sin(p — B) 















































d/b = — f = ... (Eq. 13.50 
AB b siny  sin(a+f) sin(a—§).sin(@ + f) a 
Hence, substituting this in Eq. 13.49. 
b- 
ee —— (Eq. 13.51) 
(b-d) 14 | Sin@ + 8).sin(o - B) 
sin(a — 6).sin(a + B) 
Substituting this in Eq. 13.48, 
ag a : (Bq. 13.52) 
sina sin(a — ô) sin(d + 6).sin(o — B) 
sin(a — 6).sin(a + B) 
1 . 
Since P, = zr siny from Eq. 13.46, one obtains 
2 
2 n2 
P = laana ô). a ust eZ) l 
2 sin“ a sin“(a-— ô) ig sin( + 6).sin(o — B) 
sin(a — 6).sin(a +B) 
1 in?(a + 
as yH? sin“(a + >) : 
— sin(o + 5).sin( — B) 
i — 61+ 
= oe | | sin(a — 8).sin(o. + B) 
which is the same as Eq. 13.33 obtained previously from Coulomb’s theory. 
Another form for P, is as follows (Taylor, 1948): 
P= ; H? e ..(Eq. 13.53) 





Jina- 5) A =e +õ).sin(¢ — B) 


sin(a + B) 


It is interesting to note that when a = 90° and 6 = p, both Eqs. 13.33 and 13.53 reduce to 
the corresponding value obtained by using Eq. 13.17 of Rankine’s theory. (Also the form for P, 
expressed in Eq. 13.53 may be derived by considering the equality of the side ratios x/a and 
CD/AD, and those in the similar triangles BJC and BCD, JG being parallel to CD, and substi- 
tuting in Eq. 13.46 for P,) 
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Special Cases 

(1) B is nearly equal to 9: 

A special case of Poncelet’s (Rebhann’s) construction arises when £ is nearly equal to © 
so that -line and the backfill surface meet at a large distance from the wall and hence cannot 
be accommodated on the drawing. The following procedure may be adopted in such a case, as 
illustrated in Fig. 13.30. 


| 
RK 









Fig. 13.30 Special case of Poncelet construction when B = o 


(i) Represent the backface of the wall AB and the backfill surface through A. 
(ii) Draw the ọ-line through B inclined at ọ with the horizontal. 
(iii) Draw the w-line BK through B inclined at y with the 6-line. 
(iv) Choose a convenient point D, on the $-line, and draw the semi-circle on BD, as the 
diameter. 
(v) Draw D,A, parallel to the backfill surface to meet the wall in A}. 
(vi) Through A, draw A,E, parallel to the y-line to meet the -line in Æ}. 
(vii) Erect a perpendicular EF’, to the $-line at E, to meet the semi-circle in F}. 
(viii) With B as centre and BF} as radius, draw an arc F',G, to meet the 9-line in G,. 
(ix) Through A draw AG parallel to A,G, to meet the ọ-line in G. 
(x) Through G draw a line parallel to the w-line to meet the backfill surface in C. 
(xi) Join GC and with G as centre and GC as radius, draw an arc to meet the -line in L. 
(xii) Join CL and drop CM perpendicular to GL. 
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As usual, BC is the required rupture surface and P, is given by the weight of the soil in 
the triangle CGL or P, = 1/2yx? sin y = 1/2yx. n. 

The construction is based on the principle that the location of the triangle CGL (whose 
weight equals P_,) gets shifted proportionately to the shift in D, the point of intersection of the 
backfill surface and the $-line. Thus with the arbitrary location D, for D, AG gets shifted to 
A-G; and this gives one the procedure required to locate the correct position of the triangle 
CGL, the rupture surface BC, and the active thrust P, for this situation. 

(2) B equals o: 

When ß exactly equal ọ, the ground line and the 6-line are parallel and will meet only at 
infinity. The points C and D, and the triangle CGL exist at infinity. However, the triangle CGL 
can be constructed any where between the ọ-line and the ground line. The construction is 
shown in Fig. 13.31. 





Fig. 13.31 Special case of Poncelet construction when B = o 


(i) Draw the ground line and the 6-line. 
(ii) Draw the w-line BK through B at an angle y with the 6-line. 
(iii) From any convenient point G on the 9-line, draw a line parallel to y-line to meet the 
ground line in C. 
(iv) With G as centre and GC as radius, draw an arc to cut the line in L. 
(v) Join CL and drop CM perpendicular on to LG. 
The value of P, is given by 


1 A 1 
P = y (CGL) = ae sin y = z” n. 


Poncelet Construction for the Determination of Passive Resistance 


The determination of Coulomb’s passive resistance graphically by the Poncelet construc- 
tion is similar to that in the case of active thrust, except that the signs of the angles of internal 
friction of soil and wall friction have to be reversed. Graphically, this is accomplished by con- 
structing the position line at an angle of — (b + 5) with the wall face, i.e., on to the opposite side 
of the fill, as shown in Fig. 13.32. Likewise, the o-line is to be drawn through the heel B at an 
angle (— 6), i.e., below the horizontal. 
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und line 





Fig. 13.32 Poncelet construction for passive resistance 


(i) Draw the wall face AB and the backfill surface through A. 
(ii) Draw the 6-line through B at below the horizontal. Let the -line produced meet 
the ground line extended backwards in D. 
(iii) Draw the w-line BK through B at y (= a + 8) clockwise from the 6-line. 
(iv) Through A, draw AE parallel to the w-line to meet BD in E. [Alternatively, draw AE 
through A at (b + 6) away from the fill to meet BD in E]. 
(v) Describe a semi-circle on BD as diameter. 
(vi) Erect a perpendicular to BD at E to meet the semi-circle in F. 
(vii) With B as centre and BF as radius draw an arc to meet DB produced in G. 
(viii) Through G, draw a line parallel to the w-line to meet the backfill surface in C. 
(ix) With G as centre and GC as radius draw an arc to cut DB produced beyond G in L; 
join CL and also draw a perpendicular CM from C on to LG. BC is the required rupture surface. 
The passive resistance P,, is given by 
P, =. (ACGL) 


oe x7 sin 
=. y.x".sin y 
=y. xn, as usual. 


13.7.5 Culmann’s Graphical Method 


Karl Culmann (1866) gave his own graphical method to evaluate the earth pressure from 
Coulomb’s theory. Culmann’s method permits one to determine graphically the magnitude of 
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the earth pressure and to locate the most dangerous rupture surface according to Coulomb’s 
wedge theory. This method has more general application than Poncelet’s and is, in fact, a 
simplified version of the more general trial wedge method. It may be conveniently used for 
ground surface of any shape, for different types of surcharge loads, and for layered backfill 
with different unit weights for different layers. 

With reference to Fig. 13.33 (b), the force triangle may be imagined to the rotated clock- 
wise through an angle (90° — 6), so as to bring the vector wW , parallel to the ọ-line; in that case, 


ss 
the reaction, R , will be parallel to the rupture surface, and the active thrust, P, parallel to 
the w-line. 








(90° — 4) 


(a) Culmann curve (b) Force triangle 
Fig. 13.33 Culmann’s graphical method for active thrust 


Hence, if weights of the various sliding wedges arising out of arbitrarily assumed slid- 
ing surface are set off to a convenient force scale on the 6-line from the heel of the wall and if 
lines parallel to the w-line are drawn from the ends of these weight vectors to meet the respec- 
tive assumed rupture lines, the force triangle for each of these sliding wedges will be complete. 
The end points of the active thrust vectors, when joined in a sequence, form what is known as 
the “Culmann-curve”. The maximum value of the active thrust may be obtained from this 
curved by drawing a tangent parallel to the o-line, which represents the desired active thrust, 
P_. The corresponding rupture surface, which represents the most dangerous rupture surface, 
may be obtained by the line joining the heel of the wall to the end of the maximum pressure 
vector. 
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The steps in the construction may be set out as follows: 
(i) Draw the ground line, 6-line, and w-line, and the wall face AB. 
(ii) Choose an arbitrary failure plane BC,. Calculate weight of the wedge ABC and plot 
it as B-1 to a convenient scale on the 6-line. 
(iit) Draw 1 -— 1’ parallel to the w-line through 1 to meet BC, in T. 1’ is a point on the 
Culmann-line. 
(iv) Similarly, take some more failure planes BC,, BCs, ..., and repeat the steps (iz) and 
(iii) to establish points 2’, 3’, ... 
(v) Join B, 1’, 2’, 3’, etc., smoothly to obtain the Culmann curve. 
(vi) Draw a tangent t-t, to the Culmann line parallel to the -line. 
Let the point of the tangency be F” 
(vii) Draw F’F parallel to the w-line to meet the ọ-line in F. 
(viii) Join BF’ and produce it to meet the ground line in C. 


(ix) BF’C represents the failure surface and PF represents P, to the same scale as that 

chosen to represent the weights of wedges. 

If the upper surface of the backfill is a plane, as shown in Fig. 13.33, the weights of 
wedges will be proportional to the distances 1,, l ... (bases), since they have a common-height, 
H. Thus B-1, B-2, etc ..., may be made equal or proportional to /,, /,, etc. The sector scale may 
be easily obtained by comparing BF with the weight of wedge ABC. 

-=> mye 
Thus P, = Erl y(H) i=" = = WH (EF), if the bases themselves are used to repre- 
BF 
sent the weight vector. 


Passive Earth Resistance from Culmann’s Approach 


The determination of the passive earth resistance by Culmann’s method is pursued in a simi- 
lar manner as for the active earth pressure. The method is illustrated in Fig. 13.34. 

Note that the -line is to be drawn through point B at an angle — (6), i.e., it must be 
drawn at an angle below the horizontal. On the line, the weights of the arbitrarily assumed 
sliding wedges are plotted to a convenient force scale. If the ground surface is plane as shown 
in Fig. 13.34, the weights of the wedges are proportional to the sloping distances, /,, lo, ..., and 
these distances or lengths may be plotted proportionally on the -line to represent the weights 
of the wedges. The position line is drawn through A at an angle — ( + 6) (or to the left of the 
backface AB of the wall). The rest of the procedure is very much similar to that for the active 
case, the only difference being that the Culmann’s curve will have a minimum vector which 
represents the passive earth resistance. 
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(b) Force triangle 





(a) Culmann curve 


Fig. 13.34 Culmann’s graphical method for passive resistance 


13.7.6 Break in the Backfill Surface 


Sometimes the surface of the backfill may consist of a combination of two different slopes. The 
treatment of such a situation is illustrated in Fig. 13.35. 

(i) Let the surface of the backfill be ADE with a break at D. Let AB represent the backface 
of the wall. First, ignore the line DE and locate the failure plane BC and obtain the pressure 
distribution AK,B, by means of a Poncelet construction. 
2P, 
H > repre: 


sS 


If P, is the total thrust on the wall obtained from this construction ©} = 


sented by BK,. 

(ii) Draw DG parallel to BC to meet the wall face in G. If AG is considered to be the wall, 
the pressure distribution is AJG; the break in the backfill will have no effect for this since it is 
to the right of the failure plane GD. However, below G the break will result in smaller pres- 
sures than those represented by the line JK,. 
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Fig. 13.35 Break in the backfill surface (After Taylor, 1948) 


(iii) The total thrust on the wall for the actual cross-section with the backfill surface 
ADE is obtained by another Poncelet construction. The irregular shape introduced by the break 
is eliminated by replacing area ADB by the area BA’D as follows: The triangle BAD and BA ’D 
have a common base BD; the altitudes are made equal by drawing AA’ parallel to BD, A’ being 
on the line ED produced. The Poncelet construction with A’B as the wall face and A’E as the 
backfill surface gives the thrust P. 

(iv) AK,B represents the distribution of the thrust P, which is larger than the correct 
thrust by (P, — P). The pressure distribution in the lower portion of the wall also may be 
assumed to be linear without significant loss of accuracy. 

Thus if (6, — ©) is the final value of the pressure at B, 

xH, = (P,-P) 


2(P, -P) 
or o 
2 H, 
Thus, the final pressure distribution is given by the triangle AJG plus the trapezium 
GJKB. 


The moment of the thrust P about point B may be expressed as 
M= p(n, cos 5) - (P, - pd, cos 5) 
If the total thrust alone, and not the distribution of pressure, is of interest, step (iii) is 


. 1 
adequate. The thrust may be taken to act at approximately F H above the base. 


13.7.7 Effect of Uniform Surcharge and Line Load 
Uniform Surcharge 
Let a uniform surcharge q per unit area act on the surface of the backfill as shown in Fig. 13.36. 


The effect of surcharge is to increase the intensity of vertical pressure, thereby increas- 
ing the lateral earth pressure. 
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Differential increase in the weight of any differential soil wedge 
dW = — (ydA + qds cos B) ... (Eq. 13.54) 

where dA = differential area of the differential soil wedge, 

ds = differential length of the surface, and 

B = the angle of surcharge. 

This is under the assumption that q is the intensity of surcharge load per unit horizon- 
tal area. 

The negative sign in Eq. 13.54 indicates that as 0 increases, the weight of the sliding soil 
wedge decreases. 

From the geometry of the figure, 


1 
dA = atte ds ...(Eq. 13.55) 





Gj 


(a) Backfill with surcharge (b) Pressure distribution 





Fig. 13.36 Effect of uniform surcharge on earth pressure (Jumikis, 1962) 


2dA 











or ds = H, ...(Eq. 13.56) 
Substituting this into Eq. 13.54, one gets 
2qdA 2q.cosB 
= = dA + =- dA 
dW £ H, co B) | H, 
=-— y dA ...(Œq. 13.57) 
2q. 

where y= G soot | ... (Eq. 18.58) 


Thus, one can imagine that the effect of uniform surcharge may be taken into account 
by using a modified unit weight y,, which is given by Eq. 13.58, in the computation of the 
weights of trail sliding wedges in the Culmann’s construction, or for yin Eq. 13.46, if Poncelet’s 
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construction is used. It simply means that, in the force triangle, W should be taken as the 
weight of the trial sliding wedge plus qs. cos B. 


Equation 13.58 may also be written as follows: 





_ 2q.cosB 

y= he souk) (Eq. 13.59) 
_ 2q.cosB 

a £ Tsn o..sin(o + 5 ae 


If the intensity of surcharge is specified as q per unit sloping area, Eq. 13.58 gets modi- 
fied as 





H , 


bea) 
y= yt ... (Eq. 13.61) 
S 

It may be shown that the location of the failure plane is not changed, as also the direc- 
tions of the forces on the sliding wedge. When surcharge is added, all forces increase in the 
same ratio. The ratio of the additional thrust due to surcharge to that without surcharge is 
sometimes called the ‘surcharge ratio’. 

Since the expression for the modified unit weight consists of two terms—one of the unit 
weight of soil and the other relating to the surcharge term, the thrust may be looked upon as 
being composed of that without surcharge and the contribution due to the surcharge. The 
weight of the soil wedge and the thrust due to it are proportional to H?, while the weight of 
surcharge is proportional to the surface dimension of the wedge, or to H; hence, the contribu- 
tion of the surcharge to the lateral pressure is proportional to H. Thus, the lateral pressure 
due to surcharge is constant over the height of the wall. The distribution of the lateral pres- 
sure with depth is, therefore, as shown in Fig. 13.36 (b). The pressures 6, and o, may be 
obtained if the thrusts with and without surcharge are determined. 

If the ground surface is surcharged with different intensities q}, q, etc., as shown in Fig. 
13.37, the Culmann-curve may have several maximum P-values. The maximum of the several 
maximum values, the so-called “maximum maximorum”, is then taken as the active thrust: P, 
=P This value also determines the position of the most dangerous rupture surface, 


a max max’ 


BC. 










BL 





Fig. 13.37 Culmann’s method for surcharges of different intensities 
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Line Load 


A railway track or a long wall of building or a loaded wharf near a waterfront structure will 
constitute a line load if it runs parallel to the length of a retaining wall. 


Culmann’s graphical method may be adapted to take into account the effect of such a 
line load on the lateral earth pressure on the retaining wall, as illustrated in Fig. 13.38. 


E 
ly 


Fig. 13.38 Effect of line load on lateral earth pressure 


Ground line 
Up <x 




















Let AB represent the wall face and let the backfill surface or ground line be inclined to 
the horizontal at an angle B. Draw the 9-line and w-line through the heel, B, of the wall as 
shown. Using the Culmann’s graphical method and ignoring the presence of the line load, 
obtain the Culmann’s curve BFF F, the maximum ordinate GF and the failure plane BFC. 
Let the weight of the wedge ABC’ be W’, C’ being the point of application of the line load. This 
is represented by BG, along the $-line. F} is the corresponding point on the Culmann-curve 
ignoring the line load. If the line load is also included, the weight of the wedge ABC’ will be (W’ 
+ qg’). Letting BG’ represent this increased weight, G’F’ is drawn parallel to the w-line to meet 
BC’ in F’. For all other wedges considered to the right of the line load, the load q’ should be 
included and the points on the Culmann-curve obtained. The ‘modified’ Culmann-curve ob- 
tained in this manner includes the effect of the line load. There is an abrupt increase in the 
lateral pressure, the increase being proportional to q’. If G’F’ or any other ordinate of the 
modified Culmann-curve is greater than GF, failure will not occur along BF’C’, but will occur 
along BF’C’ if G’F’ is the maximum ordinate, of the modified Culmann-curve. If GF is still the 
maximum ordinate, it means that there is no influence of the line load on the active thrust, P,- 

If ŒF’ is the maximum ordinate, the increase in thrust is (G’F’ — GF), or say AP, 
(Invariably, the maximum ordinate of the modified Culmann-curve will be G’F’ indicating 
failure along BFF’C’, passing through the line load). 

This increase in thrust AP, may be obtained for several different locations of the line 
load, as illustrated in Fig. 13.39. 

First, the Culmann-curve BFF, is obtained ignoring the line load. Next, the modified 
Culmann-curve BF,F’F, is obtained considering, the line load and adding q’ to the weight of 
every wedge. The intercepts GF and G’F’ are obtained by drawing tangents parallel to the 6- 
line to the Culmann-curve and the modified Culmann-curve, respectively, these giving the 
greatest thrusts without and with the line load. IF the tangent to the Culmann-curve at F is 
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extended to meet the modified Culmann-curve in F,, the intercept G,F, equals GF. This im- 
plies that if the line load is placed beyond C,, there is no effect on the lateral pressure, since 
AP = GF, — GF = 0. For other positions of the line load between A and C,, AP, may be obtained 
as indicated in Fig. 13.38, and plotted as ordinates at the locations of the line load. It will be 
observed that AP, is maximum when the load is at the face of the wall, it remains constant 
with positions of line load up to C}, and then decreased gradually to zero at C. 


Influence line for AP, 












Modified 










win’ 


Fig. 13.39 Influence line for thrust increment due to line load 


This analysis is considered very useful in locating the position of railway line or a long 
wall of a building on the backfill at a safe distance so that the thrust on the wall does not 
increase. 


Alternative Procedure 

An alternative procedure may be adopted in case one is interested in obtaining not only the 
total thrust, but also the distribution of pressure across the height of the wall (Taylor, 1948). 
This is illustrated in Fig. 13.40. 


Approximate distribution 
of additional thrust due 
to the line load. 


(a) Line load on backfill (b) Distribution of lateral 
earth pressure 


Fig. 13.40 Effect of line load on distribution of active earth pressure (After Taylor, 1948) 
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First, the line load is disregarded and Poncelet construction is carried through; the 


failure plane BC is located and the thrust P, is determined. The distribution of pressure ABD 
is obtained, 
wherein BD = 06, = 2 Pa, /H; ...(Eq. 13.62) 
Point A’ is then located on the backfill surface produced, the weight of the triangle of 
soil being equal to q’. The distance AA’ (= a) is given by 
g= aH, ...(Eq. 13.63) 
Now another Poncelet construction, starting from point A’, with unchanged w-line, is 


performed to determine the failure plane AC’ and the total thrust Pa, . The surcharge causes 


an additional thrust of P,, — P,,, which has a distribution that is approximately as shown in 


Fig. 13.40 (6). This is approximated with reasonable accuracy by a broken line. 

Let the lines parallel to the failure planes BC and BC’, and passing through the point 
the action of the line load q’, meet the wall face in E and F’, respectively. It may be assumed 
that at point E, there is no effect of the line load and that the pressure is EF; that at point E’ 
the pressure caused by the line load has its maximum value o,; and, that at point B there is no 
effect of the surcharge and that the pressure is BD. 


Since Žo, is the average pressure added over the height of the wall DE, ©, is defined by 


the equation 


Pa, — Pa, = 203x Hy, 
XP, - Pa) 
whence Sy = —p ... (Eq. 13.64) 


Sı 
The use of this equation allows the completion of the pressure distribution diagram 
AFF'D. 
The moment of this pressure diagram about the heel B of the wall, which may be re- 
quired in the stability computations of the wall, is given by 


M 


1 1 
R= gra x H, cosò + z Pu, - Pa, Hs, + H,,)cos ò .. (Eq. 13.65) 


13.7.8 Lateral Earth Pressure of Cohesive Soil 
The lateral earth pressure of cohesive soil may be obtained from the Coulomb’s wedge theory; 
however, one should take cognisance of the tension zone near the surface of the cohesive backfill 
and consequent loss of contact and loss of adhesion and friction at the back of the wall and 
along the plane of rupture, so as to avoid getting erroneous results. 

The trial wedge method may be applied to this case as illustrated in Fig. 13.41. The 
following five forces act on a trial wedge: 

1. Weight of the wedge including the tension zone, W. 
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2. Cohesion along the wall face or adhesion between the wall and the fill, C,- 
3. Cohesion along the rupture plane, C. 
4. Reaction on the plane of failure, R, acting at ọ to the normal to the plane of failure. 
5. Active thrust, P acting at ô to the normal to the face of the wall. 
The total adhesion force, C, is given by 


C, =c, BF Eq. 13.66) 
where c, is the unit adhesion between the wall and the fill, which cannot be greater than the 
unit cohesion, c, of the soil. c, may be obtained from tests; however, in the absence of data, c, 
may be taken as equal to c for soils with c up to 50 kN/m?, c, may be limited to 50 kN/m? for 
soils with c greater than this value. (Smith, 1974). 


Depth of 
tension zone P 





C 





Ca 
(a) Wall retaining cohesive backfill (b) Force polygon for the forces 
acting on the sliding wedge 


Fig. 13.41 Active earth pressure of cohesive soil— 
trial wedge method—Coulomb’s theory 


The total cohesion force, C, is given by 
—> 
C=c.BC ... (Eq. 13.67) 


— 
c being the unit cohesion of the fill soil and BC is the length of the rupture plane. 


The three forces W, C, and C are fully known and the directions of the other two un- 
known forces R and P, are known; the vector polygon may therefore be completed as shown in 
Fig. 13.41 (b), and the value of P, may be scaled-off. 

A number of such trial wedges may be analysed and the maximum of all P, values 
chosen as the active thrust. The rupture plane may also be located. The final value of the 
thrust on the wall is the resultant of P, and C,. 


Culmann’s method may also be adapted to suit this case, as illustrated in fig. 13.42. 


Passive Earth Pressure of Cohesive Soil 
The procedure adopted to determine the active earth pressure of cohesive soil from Coulomb’s 
theory may also be used to determine the passive earth resistance of cohesive soil. 

The points of difference are that the signs of friction angles, ọ and 6, will be reversed and 
the directions of C, and C also get reversed. 
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Either the trial wedge approach or Culmann’s approach may be used but one has also to 
consider the effect of the tensile zone in reducing C, and C. 


However, it must be noted that the Coulomb theory with plane rupture surfaces is not 
applicable to the case of passive resistance. Analysis must be carried out, strictly speaking, 
using curved rupture surfaces such as logarithmic spirals (Terzaghi, 1943), so as to avoid 
overestimation of passive resistance. 





Fig. 13.42 Culmann’s method adapted to allow for cohesion 


13.7.9 Use of Tables and Charts for Earth Pressure 


To facilitate earth pressure calculations, earth pressure coefficient tables, such as those given 
by Caquot and Kerisel (1956) and Jumikis (1962), may be used. These give K, and K, coeffi- 
cients for various a, B, 5, and , values, in reasonable ranges practically possible for each. 
Linear interpolation may be used satisfactorily for obtaining values not available directly from 
the tables. 

For design purposes, even the use of charts may be considered all right. However, most 
of the charts available may have ọ and 6 as variables and consider standard common values for 
others, such o = 90° and p = 0°. Therefore, these charts may be useful only for certain simple 
situations. 


13.7.10 Comparison of Coulomb’s Theory with Rankine’s Theory 
The following are the important points of comparison: 
(i) Coulomb considers a retaining wall and the backfill as a system; he takes into ac- 
count the friction between the wall and the backfill, while Rankine does not. 
(ii) The backfill surface may be plane or curved in Coulomb’s theory, but Rankine’s 
allows only for a plane surface. 
(iii) In Coulomb’s theory, the total earth thrust is first obtained and its position and 
direction of the earth pressure are assumed to be known; linear variation of pres- 
sure with depth is tacitly assumed and the direction is automatically obtained from 
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the concept of wall friction. In Rankine’s theory, plastic equilibrium inside a semi- 
infinite soil mass is considered, pressures evaluated, a retaining wall is imagined to 
be interposed later, and the location and magnitude of the total earth thrust are 
established mathematically. 

(iv) Coulomb’s theory is more versatile than Rankine’s in that it can take into account 
any shape of the backfill surface, break in the wall face or in the surface of the fill, 
effect of stratification of the backfill, effect of various kinds of surcharge on earth 
pressure, and the effects of cohesion, adhesion and wall friction. it lends itself to 
elegant graphical solutions and gives more reliable results, especially in the deter- 
mination of the passive earth resistance; this is inspite of the fact that static equilib- 
rium condition does not appear to be satisfied in the analysis. 

(v) Rankine’s theory is relatively simple and hence is more commonly used, while Cou- 
lomb’s theory is more rational and versatile although cumbersome at times; there- 
fore, the use of the latter is called for in important situations or problems. 


13.8 STABILITY CONSIDERATIONS FOR RETAINING WALLS 


A retaining wall is one of the most important types of retaining structures. The primary pur- 
pose of a retaining wall is to retain earth or other material at or near a vertical position. It is 
extensively used in a variety of situations in such fields as highway engineering, railway engi- 
neering, bridge engineering, dock and harbour engineering, irrigation engineering, land recla- 
mation and coastal engineering. 

When designing retaining structures, an engineer often needs to ensure only that total 
collapse or failure does not occur. Movements of several centimetres are often of no concern as 
long as there is assurance that larger motions will not suddenly occur. Thus the approach to 
the design of retaining structures generally is to analyse the conditions at collapse and to 
apply suitable safety factors to prevent collapse. This is known as limit design and requires 
analysis of limiting equilibrium conditions such as the active and the passive states, which has 
been the subject matter of this chapter till now. 


13.8.1 Types of Retaining Walls 


The common types of retaining walls have been listed in Section 13.1. Each type will be seen 
now in a little more detail. 


Gravity Retaining Wall 
A gravity retaining wall is typically used to form a permanent wall of an excavation whenever 
space requirements make it impractical to simply slope the side of the excavation. Such condi- 
tions arise, for example, when a roadway is needed immediately adjacent to an excavation. In 
order to construct the wall, a temporary slope is formed at the edge of the excavation, the wall 
is built and then backfill is dumped in to the space between the wall and the temporary slope. 
In earlier days, masonry walls were often used. Today, most such walls are of plain concrete 
(Huntington, 1957). 

The lateral earth pressure is resisted by the this type of wall primarily by its weight; 
hence the name ‘gravity type’. It is, therefore, of thicker section in contrast to a few other 
types. A schematic representation of a gravity retaining wall is shown in Fig. 13.43. 
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Fig. 13.43 Gravity retaining wall 


Semi-Gravity Retaining Wall 


A semi-gravity retaining wall is one which resists the lateral earth pressure partly by its 
weight and partly by the nominal reinforcements that are provided. It is usually thinner in 


section as compared to the gravity type, and is shown in Fig. 13.44. 





"Foundation soil 


Fig. 13.44 Semi-gravity retaining wall 


Cantilever Retaining Wall 


A cantilever type of retaining wall resists the lateral earth pressure by cantilever action of the 
stem, toe slab and heel slab. Necessary reinforcements are provided to take care of flexural 


stresses, as shown in Fig. 13.45. 
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Fig. 13.45 Cantilever retaining wall 
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Fig. 13.46 Counterfort retaining walls 


It is usually constructed in reinforced concrete and the thickness of the stem and base 
slab will be small in view of the reinforcements provided to take care of flexural stresses. 


Counterfort Retaining Wall 

This type of wall, as shown in Fig. 13.46 resists the lateral earth pressure by beam action 
between counterforts, which are wedge-shaped slabs. The base slab in the heel portion also 
resists the upward pressure of the foundation soil by beam action. This type also is constructed 
in reinforced concrete and is used for greater heights of the backfill. 
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Buttress Retaining Wall 

This type is similar to the Counterfort type with the difference, that the counterforts, called 
‘buttresses’ in this case, are provided on the side opposite to the fill. They are thus exposed to 
view and may not contribute to the elegance or aesthetic appearance. This is also constructed 
in reinforced concrete and may appear somewhat as shown in Fig. 13.47. 





Base slab 


Fig. 13.47 Buttress retaining wall 


Crib Retaining Wall 

This is a box-like structure or crib made up of usually wood members with fill in between the 
members. The fabricated precast concrete or steel members may also form cribs. This type 
occupies too much of space and is used only under certain special circumstances. It appears 
somewhat as shown in Fig. 13.48. 






































Fig. 13.48 Crib retaining wall 


13.8.2 Stability Considerations for Gravity Retaining Walls 


Figure 13.49 shows in a general way the forces that act upon a gravity retaining wall. The 
bearing force or the reaction from the base of the wall resists the weight of the wall plus the 
vertical components of other forces. 
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Fig. 13.49 Forces acting on a gravity retaining wall 


The active thrust acts to push the wall outward. This outward motion is resisted by 
sliding or shear resistance along the base of the wall and by the passive resistance of the soil 
lying above the toe of the wall. The active thrust also tends to overturn the wall around the toe. 
The overturning is resisted by the weight of the wall and the vertical component of the active 
thrust. The weight of the wall thus acts in two ways: it resists overturning and it causes fric- 
tional sliding resistance at the base of the wall. This is the reason for calling the wall a ‘gravity’ 
retaining wall. 

A gravity retaining wall, together with the retained backfill and the supporting soil, is a 
highly ‘indeterminate’ system (Lambe and Whitman, 1969). The magnitudes of the forces that 
act upon the wall cannot be determined from statics alone and these will be affected by the 
sequence of construction and backfilling operations. Hence, the design of such a wall is based 
on an analysis of expected forces that would exist if the wall started to fail, that is, to overturn 
or to slide outwards. 

Considering the patterns of deformations observed from experiments, an approach to 
the design of gravity retaining walls may be stated. First, trial dimensions for the wall are 
chosen; next, the active thrust on the wall is determined under the assumption that the active 
pressure is fully mobilised; then the resistance offered by the weight of wall, the frictional 
resistance at the base of the wall, and the passive resistance, if any, at the toe of the wall, are 
determined. Finally, the active thrust and total resistance are compared and it is ensured that 
the resistance exceeds the thrust by a suitable safety factor. Consider a gravity retaining wall 
as shown in Fig. 13.50. 

Let W represent the weight of the wall per unit length perpendicular to the plane of the 
figure, acting through the centre of gravity of the cross-section of the wall. Let the active 
thrust on the wall be P, acting at an angle 6 with the normal to the back face of the wall. For 
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convenience in design, however, P, is resolved into its horizontal component, P, and its verti- 
cal component, P „ Let R represent the reaction from the foundation soil acting on the base of 
the wall, which is also for convenience taken to be resolved into its horizontal component T 
and its vertical component N. A passive resistance P, which is usually small, may exist on the 
side of the wall remote from the backfill as shown. Let its horizontal and vertical components 
be Pon and By respectively. P, is often neglected in view of its relatively small magnitude. 
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(a) Forces acting on a gravity retaining well (b) Force diagram 


Fig. 13.50 Force system on a gravity retaining wall 


For equilibrium of the wall under these forces, one may write 


N=W+P.,-P,, ...(Eq. 13.68) 
and T=P,,-P., ...(Eq. 13.69) 


For any arbitrarily chosen section of the wall, W, P, and P, may be obtained and there- 
fore N and T may be computed. 
The eccentricity e of the force N relative to the centre of the base of the wall may be 
computed by taking moments about B. 
N. X =W. x + Pap + Panzi- Ppob — Poy Zo ...(Eq. 13.70) 
(Note: If P, strikes the body of the wall and not the base slab, the appropriate lever arm 
for P „ with respect to B must be used). 
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x =(We, + Pte +P 21 - P yO — P r2d/N = = ...(Eq. 13.71) 
*e = (x ~b/2) ... (Eq. 13.72) 

Here £M = Algebraic sum of the moments of all the actuating forces, other than that of 
reaction N. 

xV = Algebraic sum of all the vertical forces, other than T. 

This simply means that the resultant of W, P, and P, must be just equal and opposite to 
the resultant of N and T, and must have the same line of action, for equilibrium of the wall. 

The problem becomes essentially one of trial; the necessary width of the base usually 
falls between 30% and 60% of the height of the wall. 

The criteria for a satisfactory design of a gravity retaining wall may be enunciated as 
follows: 

(a) The base width of the wall must be such that the maximum pressure exerted on the 
foundation soil does not exceed the safe bearing capacity of the soil. 

(b) Tension should not develop anywhere in the wall. 

(c) The wall must be safe against sliding; that is, the factor of safety against sliding 
should be adequate. 

(d) The wall must be safe against overturning ; that is, the factor of safety against 
overturning should be adequate. 

For any trial value of the base width these criteria are investigated as follows: 

(a) The pressure exerted by the force N on the base of the wall is a combination of direct 
and bending stresses owing to the eccentricity of this force with respect to the centroid of the 
rectangular area b x 1 on which it acts. Assuming linear variation of pressure, the intensities 
of pressure at the toe and the heel are given by: 


N 6e 
sii 
Onax = F | b ) ..(Eq. 13.73) 
N 6e 
= E ...(Eq. 13. 
Oain b ( b (Eq 13 74) 


respectively. 


b b b 
Three different cases arise depending upon the value of e : —e < 6” = g and e > 6° 


These correspond to the situations where the resultant force (or N) strikes the base within the 
‘middle-third’ of the base, at the outer third-point of the base, and out of the middle-third of 
the base, respectively. The corresponding pressure diagrams for the base are shown in Fig. 13.51. 





*If x > b/2, the maximum normal pressure occurs at the toe; and, if x < 6/2, the maximum value 
occurs at the heel. 
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(iii) e > b/6 (iv) b reduced to 3b' for case (iii) 


Fig. 13.51 Distributions of base pressure for different values of eccentricity 
of the resultant force on the base 


b 
Equations 13.73 and 13.74 apply for the first case—e < g: For case (ii) e = b/6, 


2 
eL Eq. 13.75) 


and © _. is zero. 


min 

For case (iii) e > b/6, tension is supposed to have developed as shown. 

Since soil is considered incapable of resisting any tension, the pressure is taken to be 
redistributed along the intact base of width 3b’, where b’ is the distance of the line of action of 
R (or N) from the toe. Onax is then given by: 
2N 





= ... (Eq. 13. 
O nax 3b’ ( q 3 76) 
or O nax = -N ...(Eq. 13.77) 
b 
3] —-e 
c ) 
. b 
since b’ = $- e) ...(Eq. 13.78) 


Omax Should not be greater than the allowable bearing capacity of the soil. (More of the concept 
of bearing capacity will be seen in Chapter 14). 

(b) The condition of no tension is also easily verified. If tension occurs, there are two 
choices, one is to increase the trial base width and go through the calculations again. Another 
is to consider that only that part of the base width equal to 3b’ (called the ‘effective’ base width) 
is useful in resisting the pressure and recompute O pax as given by Eqs. 13.76 and 13.78 and 
verify if criterion (a) is now satisfied. 
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(c) If the friction angle between the material of the base of the wall and the foundation 
soil is 6’, the requirement of safety against sliding is that the obliquity of the reaction R be less 
than 6’. This may be expressed: 


T 

WN < tan 3’ ...(Eq. 13.79) 
or T <N tan 
or T<u.N ...(Eq. 13.80) 


where ų is the coefficient of friction (= tan 5’) between the base of the wall and the foundation 
soil. Further, one may insist on a margin of safety by demanding a certain minimum factor of 
safety against sliding, n, (greater than unity), expressed as follows: 
uN 
n= 
This means that the frictional resistance to sliding is compared with the horizontal 
component of the thrust, which tends to cause sliding of the wall over its base. 


...(Eq. 13.81) 


If passive resistance is considered, the factor of safety against sliding should be greater 
than two. However, more commonly, the passive resistance is ignored and it is required that 
the factor of safety against sliding be 1.5 or more. 

(d) For the wall to be safe against overturning, the reaction R must cross the base of the 
wall (that is x ¥ b). If the requirement of no tension is satisfied, complete safety against over- 
turning is automatically assured. 

The factor of safety against over turning, Nọ, is expressed: 


Restoring moment 





= ...(Eq. 13.82 
No Overturing moment (Eq ) 


These moments are taken about the toe of the wall. The force P_, causes an overturning 
moment for the wall about the toe, while the forces W, P, and P n cause a restoring moment. 
In this case nọ is given by: 


av’ 


W(b — x1) + Pay (b =- x2) + P nZ2 
n = 
0 Pun-21 
It is recommended that this value be not less than 1.5 for granular soils and 2.0 for 
cohesive soils, if passive pressure is ignored. However, if passive pressure is also considered, 
this should be more than these specified values. 





(Eq. 13.83) 


13.8.3 Influence of Yield of Wall on Design 

The strain conditions within the failure wedge depend upon the nature of the yield of the wall. 
The distribution of lateral earth pressure with depth may be shown to be highly dependent on 
the strain conditions within the failure wedge and hence on the nature and extent of the yield 
of the wall. 

Figure 13.52 (a) represents the case where a wall is prevented from yielding. It is then 
subjected to ‘earth pressure at rest’. The light gridwork represents planes that are initially 
horizontal and planes on which slip may occur, if an active case is reached. This gridwork is 
used to illustrate strains that occur in cases discussed later. The earth pressure distribution in 
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this case is known to be triangular as shown by the straight line AF in Fig. 13.52 (b), the total 
thrust on the wall per unit length being represented by P, which acts at a height of H/3 above 
the base. 

The wall can yield in one of two ways: either by rotation about its lower edge 
[Fig. 13.52 (c)], or by sliding forward or translating away from the backfill [Fig. 13.52 l]. If 
the wall yields sufficiently, a state of active earth pressure is reached and the thrust on the 
wall in both cases is about the same (P_,). However, the pressure distribution that gives this 
total thrust can be very different in each instance, as will be seen from the following discus- 
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(d) Pressure for totally (e) Force triangle (f) Arching-active (g) Pressure for (h) Pressure diagrams 
active case condition (wall yields arching-active case superimposed 


by horizontal translation) 
Fig. 13.52 At rest, totally active and arching—active cases (wall friction neglected) (Taylor, 1948) 


Let it be assumed that the wall yields by rotation about the heel B by an amount suffi- 
cient to create the active pressure conditions. During this rotation, the wedge ABC distorts in 
an essentially uniform manner throughout to the shape A’BC of Fig. 13.52 (c). The uniform 
distribution leads to a -obliquity condition throughout and active pressures occur on the wall 
over its entire height. Neglecting wall friction, the pressure distribution will appear as shown 
by the straight line AG, in Fig. 13.52 (d), in a triangular shape, the pressure at any depth being 
less than the at-rest value. The total thrust P, acts at H/3 above the base. The revised positions 
of the grid lines of Fig. 13.52 (a) are shown in (c). Although the explanation is somewhat 
idealised in some respects, the general concept is essentially correct. This case is referred to as 
the totally active case which is the same as the active Rankine state. 
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Suppose, however, that the wall, starting from the at-rest condition, yields outward by 
horizontal translation, the face of the wall remaining vertical, until active thrust conditions 
are achieved. This is illustrated in Fig. 13.52 (f). In this case the wedge collapses somewhat as 
shown in (f), are failure and the -obliquity condition occur only in a thin zone in the vicinity of 
line BC. The major portion of the wedge is not appreciably distorted and, therefore, the lateral 
pressure on the upper portion of the wall remains very much similar to that in the at-rest 
condition. In spite of this the total thrust on the wall in (f) is approximately the same as it was 
in (c). This is evident from a consideration of the force triangle shown in Fig. 13.52 (e). In both 
cases the weight of the wedge ABC is W, which must be in equilibrium with intergranular 
reaction, R, on the sliding surface and the wall thrust P. Force W has the same magnitude and 
direction in (c) and (f), and the other two forces have orientations that are same in (c) and (f). 
Thus the thrust P, representing the equilibrant of W and R, shall be essentially the same in 
both cases. If follows that the pressure distribution on the wall in (f) must be roughly as shown 
by the curved line AJ, approximating to a parabolic shape in Fig. 13.52 (g). The high pressures 
that occur near the top of the wall and on the upper portion of the surface BC constitute an 
‘arching action’ and has been referred to as the ‘arching-active’ case by Terzaghi (1936) and is 
described in detail by him; the conditions are described briefly, but excellently by Taylor (1948). 
This type of yield condition leads to a situation approximating to the wedge theory, the centre 
of pressure moving up to 0.45 to 0.55 H above the base. 


The differences between the pressure distributions may be observed better by superim- 
posing all in one figure as in Fig. 13.52 (h); line AF represents the at-rest pressure, line AG 
represents the totally active pressure, and curve AJ the arching-active pressure. The total 
thrust in the second and third cases is the same, but is somewhat smaller than that in the first 
case. 


Terzaghi Observes: 

(i) If the mid-height point of the wall moves outward to a distance roughly equal to 
0.05% of the wall height, an arching-active case is attained. (According to another school of 
through, the top of the wall must yield about 0.10% of the wall height for this purpose). It is 
immaterial, whether the wall rotates or translates; however, the exact pressure distribution 
depends considerably on the amount of tilting of the wall. 

(ii) If the top of the wall moves outward to a distance roughly equal to 0.50% of the wall 
height, the totally active case is attained. This criterion holds if the base of the wall either 
remains fixed or moves outward slightly. 

Based on these concepts, the principles of design for different conditions of yield of the 
wall are summarised by Taylor (1948) as follows: 

I. If a retaining wall with a cohesionless backfill is held rigidly in place by adjacent 
restraints (e.g., if it is joined to an adjacent structure), it must be designed to resist 
a thrust larger than the active value; for the completely restrained case it must be 
designed to resist the thrust relating to the at-rest condition. However, this case 
will not occur often, in view of the relatively small yield required to give the case 
given in II. 

II. If a retaining wall with a cohesionless backfill is so restrained that only a small 
amount of yield takes place, it is likely that this movement will be sufficient to give 
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the arching active case but not the totally active case. In this case, the assumption of 
a triangular pressure distribution is incorrect; the actual pressure distribution is 
statically indeterminate to a high degree, but is roughly parabolic. 

A common example of the arching-active case is the pressure distribution on the 
sheeting of trenches. 

II. If a retaining wall with a cohesionless backfill is not attached to any adjacent struc- 
ture, it can yield considerably without harm to the structure; in such a case the 
totally active case is attained. (In fact, even a yield of 0.5% of the wall height is 
adequate for this condition). The design of such a wall on the basis of active pressure 
and triangular distribution of pressure is rational. 

IV. In the case of a retaining wall with a cohesive backfill, the totally active case is 
reached as soon as the wall yields but, due to plastic flow within the clay, there is a 
tendency for a continuous increase in the pressure on the wall, unless the wall is 
permitted to yield continuously. The continuous yield, although slow, may lead to a 
large movement over a period of years. In such cases, one can either design for a 
higher pressure or design for a totally active pressure if the wall is considered capa- 
ble of withstanding any movement without harmful effects; for this latter basis, 
which is a commonly used basis for design, the probable life of a wall with a cohesive 
backfill may be relatively short. 

According to these principles any wall capable of yielding without detrimental results 
may be designed on the basis of active thrust and triangular distribution of pressure; however, 
the actual thrust on the wall may be more and the pressure distribution may not be triangular. 
This need not cause alarm to the geotechnical engineer, since any wall must have a margin of 
safety and will be designed to withstand thrusts greater than the calculated values. This mar- 
gin of strength may prevent the wall from ever yielding sufficiently to give active conditions. 
Furthermore, the moment the wall is subjected to an increased thrust it merely yields a small 
amount, which immediately reduces the pressure. This interdependency of yield and pressure 
is thus a saving factor which partly takes care of any uncertainties in the theory. 


13.8.4 Choice of Appropriate Earth Pressure Theory 

The choice of appropriate earth pressure theory for a given situation will become easy if one 
remembers the various assumptions in the development of the earth pressure theories dealt 
with. 

For example, if the retaining wall has a vertical back and is smooth, Rankine’s theory 
may be considered appropriate. One may use Rankine’s theory even for an inclined back of the 
wall with a slight wall friction, provided the resultant thrust obtained by combining the thrust 
on an imaginary vertical plane through the heel of the wall and the weight of the additional 
wedge of soil standing on the back of the wall, does not have an obliquity greater than the wall 
friction angle. 

If the backface of the wall is plane and the wall friction is not inconsiderable and the soil 
shows a tendency of slide along the back of the wall, the use of Coulomb’s theory is appropriate. 

Coulomb’s wedge theory with plane rupture faces should not be used for the estimation 
of passive resistance, especially in the case of structures such as sheet pile walls, wherein 
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passive earth resistance plays a major role. Coulomb’s theory with curved rupture surfaces, 
such as the logarithmic spiral, should be used. 


For cantilever and counterfort walls, Rankine’s theory is used; for gravity and semi- 
gravity walls, Coulmb’s theory is preferred. 


13.9 ILLUSTRATIVE EXAMPLES 


Example 13.1: A retaining wall, 6 m high, retains dry sand with an angle of friction of 30° and 
unit weight of 16.2 kN/m®. Determine the earth pressure at rest. If the water table rises to the 
top of the wall, determine the increase in the thrust on the wall. Assume the submerged unit 
weight of sand as 10 kN/m®. 


(a) Dry backfill: 
6=30° H=6m 
K, = 1- sin 30° = 0.5 
(Also K, = 0.5 for medium dense sand) 
© = Koy.H 
7 0.5 x 16.2 x 600 


1000 
= 48.6 kN/m? 


N/cm? 


1 
Thrust per metre length of the wall = 48.6 x 2% 6 = 145.8 kN 
(b) Water level at the top of the wall 
The total lateral thrust will be the sum of effective and neutral lateral thrusts. 


1 
Effective lateral earth thrust, P, = 3" oy-H? 


= 5% 05x 10x6x6KN/m.run 
= 90 kN/m. run 


1 
Neutral lateral pressure P, = glu ° 


= Žx10x6x6kN/m.run 


= 180 kN/m. run 

Total lateral thrust = 270 kN/m. run 

Increase in thrust = 124.2 kN/m. run 

This represents an increase of about 85.2% over that of dry fill. 
Example 13.2: What are the limiting values of the lateral earth pressure at a depth of 3 
metres in a uniform sand fill with a unit weight of 20 kN/m? and a friction angle of 35°? The 
ground surface is level. (S.V.U.—B.E. (R.R.)—Feb., 1976) 

If a retaining wall with a vertical back face is interposed, determine the total active 
thrust and the total passive resistance which will act on the wall. 


LATERAL EARTH PRESSURE AND STABILITY OF RETAINING WALLS 515 





Depth, H=3m 


z 3 
; 7 ~ ae for sand fill with level surface. 
Limiting values of lateral earth pressure: 
1-sin35° 
i = = ———— x 20x38 
Active pressure K Y 1+sin35° 
= 0.271 x 60 
= 16.26 kN/m? 
pee ere 1+sin35° 0x3 
assive pressure =K, Y= Jain 95° 
= 3.690 x 60 
= 221.4 kN/m? 


Total active thrust per metre run of the wall 
P= HH’K, =16.26 x 5 x3 = 24.39 kN 
Total passive resistance per metre run of the wall 
1 2 = 1 
P; = gti K, SARLAT VP = 332.1 kN 


Example 13.3: A gravity retaining wall retains 12 m of a backfill, y = 17.7 kN/m? ọ = 25° with 
a uniform horizontal surface. Assume the wall interface to be vertical, determine the magni- 
tude and point of application of the total active pressure. If the water table is a height of 6 m, 
how far do the magnitude and the point of application of active pressure changed? 


(S.V.U.—Four-year B.Tech—Oct., 1982) 





Wall 








l¢—86.2—>| k—| | — 58.9—>| 
43.1 24.4 


(a) (b) (c) 
Fig. 13.53 Retaining wall and pressure distribution (Ex. 13.3) 


(a) Dry cohesionless fill: 
H=12m =25° y=17.7kN/m3 
1-sin 25° 


= ——— = 0.406 
a  1+4sin 25° 
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i 1~ sin 25” 177 x12 
Active pressure at base of wall = K,. yH = 14sin 25° . 
= 86.2 kN/m? 


The distribution of pressure is triangular as shown in Fig. 13.53 (b). 


1 1 
Total active thrust per metre run of wall = gti 2K a= 5 x12 x 86.2 = 517.2 kN 


This acts at (1/3)H or 4 m above the base of the wall. 
(b) Water table at 6 m from surface: 
Active pressure at 6 m depth = 0.406 x 17.7 x 6 = 43.1 kN/m? 
Active pressure at the base of the wall = K,(y. 6 + y’. 6) + y, 6 
= 0.406 (17.7 x 6 + 10 x 6) + 9.81 x 6 = 67.5 + 58.9 = 126.4 kN/m? 


(This is obtained by assuming y above the water table to be 17.7 kN/m? and the sub- 
merged unit weight y’, in the bottom 6 m zone, to be 10 kN/m?. 


The pressure distribution is shown in Fig. 13.53 (c). 
Total active thrust per metre run = Area of the pressure distribution diagram 


= $X6X43.146 x 43.14 5x6 x244 + 2x6 x589 


= 129.3 + 258.6 + 73.2 + 176.7 = 637.8 KN 
The height of its point of application above the base is obtained by taking moments. 


_ (129.3 x 8+ 2586 x 3 + 73.2 x 2 + 176.7 x 2) 
= 637.8 
Total thrust increase by 120.6 KN and the point of application gets lowered by 0.38 m. 
Example 13.4: A wall, 5.4 m high, retains sand. In the loose state the sand has void ratio of 0.63 
and ¢ = 27°, while in the dense state, the corresponding values of void ratio and are 0.36 and 
45° respectively. Compare the ratio of active and passive earth pressure in the two cases, 
assuming G = 2.64. 
(a) Loose State: 





= 3.62 m 


G=2.64 e=0.63 





_ GYw _ 264x1 =e n 
a= Gee) +063) 104 ANm 
6 =27° 

ziemt see ees 
a  1+sin27° P 1-—sin27° 


Active pressure at depth H m = K,.7.H = 0.376 x 16.2 H = 6.09. H kN/m? 
Passive pressure at depth H m = K, YH = 2.663 x 16.2 H = 43.14 H kN/m? 
(b) Dense State: 
G=2.64 e=0.36 
2.64 x 10 


- 2" =194kN/m? 
Ya = (+036) m 
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o = 45° 
_ eee =017% K = Lakme) _ 
a  1+sin45° P 1-sin 45° 
Active pressure at depth H m = 0.172 x 19.4H = 3.34 H kN/m? 
Passive pressure at depth H m = 5.828 x 19.4 H = 113.06 H kN/m? 


5.828 


0.334 
Ratio of active pressure in the dense state of that in the loose state = 


0.609 7 055 





Ratio of passive resistance in the dense state to that in the loose state = — 
Example 13.5: A smooth backed vertical wall is 6.3 m high and retains a soil with a bulk unit 
weight of 18 kN/mê and p = 18°. The top of the soil is level with the top of the wall and is 
horizontal. If the soil surface carries a uniformly distributed load of 4.5 kN/m?, determine the 
total active thrust on the wall per lineal metre of the wall and its point of application. 

H=63m y=18 kN/m? 0=18° 
q = 45 kN/m? 
s enS 6808 
a 1+sin18° 
Active pressure due to weight of soil at the base of wall = K yH 
= 0.528 x 18 x 6.3 
= 59.9 kN/m? 


2 
q = 45 kN/m 23.8 kN/m? 





Wall 











(a) 


Fig. 13.54 Retaining wall and pressure distribution (Ex. 13.5) 
Active pressure due to uniform surcharge = K,.q 
= 0.528 x 45 
= 23.8 kN/m? 


The former will have triangular distribution while the later will have rectangular dis- 


tribution with depth. The resultant pressure distribution diagram will be as shown in 
Fig. 13.54 (b). 
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Total active thrust per lineal metre of wall, 


1 
P, = Area of pressure distribution diagram = a K ,yH* + K,qH 


= Z x 59.9 x 6.3 + 23.8 x 6.3 = 188.7 + 149.9 = 338.6 kN 


The height of its point of application above the base may be obtained by taking mo- 
ments: 


[1887 x : x 63 +149.9 x 5 x 63) 


25 3386 m = 2.56 m 


Example 13.6: A vertical wall with a smooth face is 7.2 m high and retains soil with a uniform 
surcharge angle of 9°. If the angle of internal friction of soil is 27°, compute the active earth 
pressure and passive earth resistance assuming y = 20 kN/m? 





H=72m B=9° 
6=27° y=20kN/m3 





Fig. 13.55 Retaining wall with inclined surcharge 
and pressure distribution (Ex. 13.6) 


According to Rankine’s theory, 





K = on 


cosB — y cos? B -— cos? o 
cosB + y cos? B — cos? o 


cos 9° — cos? 9° — cos” 27° 
cos 9° 
cos 9° + cos? 9° — cos” 27° 


= 0.988 x 0.397 = 0.392 


f = + cos” B- cos? 3 


cosB — cos” B- cos” ọ 











= 0.988 x a = 2.488 


i 0.397 


P 








Total active thrust per metre run of the wall 


P, = Z H*.K, = Z x 20 x (7.2)? x 0.392 = 203.2 kN 
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Total passive resistance per metre run of the wall 


1 
=x 
2 

The pressure is considered to act parallel to the surface of the backfill soil and the 
distribution is triangular for both cases. This resultant thrust thus acts at a height of (1/3) H or 
2.4 m above the base at 9° to horizontal, as shown in Fig. 13.55. 


P = SK, = — x 20 x (7.2)? x 2.488 = 1289.8 kN 


Example 13.7: The Rankine formula of active earth pressure for a vertical wall and a level fill 
is much better known than the general form and sometimes it is used even when it does not 
apply. Determine the percentage error introduced by assuming a level fill when the angle of 
surcharge actually equals 20°. Assume a friction angle of 35° and the wall vertical. Comment 
of the use of the erroneous result. (S.V.U.—B.E. (R.R.)—Nov., 1974) 


o = 35° 
Active pressure coefficient of Rankine for inclined surcharge: 


san cosB — cos” B — cos” ọ 
cosB + cos” B — cos” ọ 


when B = 0° for horizontal surface of the backfill, 





ai 


1-sing 
a` 1+sing 


K; for B = 20° and 6 = 35° is given by 





cos 20° — cos” 20° — cos” 35° 
cos 20° + cos” 20° — cos” 35° 





= 0.322 





K „= ©08 20° 


K, for B = 0° and ọ = 35° is given by 
= Teama = 0.271 
a 1+sin35° 


Percentage error in the computed active thrust by assuming a level fill when it is actu- 
ally inclined at 20° to horizontal 


_ (0.322 - 0.271 
~ 0.322 


Jx 100 = 15.84 


The thrust is understimated by assuming a level fill, obviously. 
Example 13.8: A retaining wall 9 m high retains a cohesionless soil, with an angle of internal 
friction 33°. The surface is level with the top of the wall. The unit weight of the top 3 m of the 
fill is 21 kN/m? and that of the rest is 27 kN/m?. Find the magnitude and point of application of 
the resultant active thrust. 

It is assumed that = 33° for both the strata of the backfill. 
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(a) l (b) 
Fig. 13.56 Lateral pressure due to stratified backfill (Ex. 13.8) 
1- sin33° 
a` 14+sin33° 


= 0.295, for both the strata of the backfill. 


Active pressure at 3 m depth 
K,. 6, = 0.295 (21 x 3) = 18.6 kN/m 
Active pressure at the base of the wall 
K,. 6, = 0.295 (21 x 3 + 27 x 6) = 66.4 kN/m? 
The variation of pressure is linear, with a break in the slope at 3 m depth, as shown in 
Fig. 13.56 (b). The total active thrust per metre run, P, is given by the area of the pressure 
distribution diagram. 


P= 5X 3X186 +6 x 186+ =x6 x 478 = 283 kN 


The height, above the base, of the point of application of this thrust is obtained by tak- 
ing moments about the base 
_  (279x7+1116x3+143.4 x 2) 
Tn 283 
Example 13.9: A retaining wall, 7.5 m high, retains a cohsionless backfill. The top 3 m of the fill 
has a unit weight of 18 kN/m? and ọ = 30° and the rest has unit weight of 24 kN/m? and = 20°. 
Determine the pressure distribution on the wall. 


m = 2.89 m 




















3m y=18 kN/m" 
b = 30° 
Wall 3 
y = 24 kN/m 
45m $ = 20° ETS P; 
Z = 2.244 m 
Wee eee ee E EE 
18.6 
(a) 
|I¢—— 79.38 kN/m? —>| 


(b) 
Fig. 13.57 Stratified backfill with different K,-values for different layers (Ex. 13.9) 
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E orini l-sin30° 1 
a tOr NOP ayer = 14 singo 3 
1- sin 20° 
= ———— =0.49 
K, for bottom layer 1+sin 20° 


Active pressure at 3 m depth — considering first layer 
Ka-0% = ; x3x18 = 18 kN/m? 

Active pressure at 3 m depth — considering second layer 
Ky, -0, =0.49x3x18 = 26.46 kN/m? 


Active pressure at the base of the wall : 
Ka, X3x18+ Ky, x 45x24 = 26.46 + 0.49 x 4.5 x 24 = 79.38 kN/m? 
The pressure distribution with depth is shown in Fig. 13.57 (b). 
Total active thrust, P, per metre run of the wall 
= Area of the pressure distribution diagram 


= 5X 3X 18+ 45x 26.46 + © x 4.5 x 52.92 


= 27+ 119.07 + 119.07 = 265.14 kN 
The height of the point of application of this thrust above the base of the wall is obtained 
by taking moments, as usual. 
_ (27x55 +119.07 x 2.25 + 11907 x 15) 
— 265.14 
Example 13.10: Excavation was being carried out for a foundation is plastic clay with a unit 


weight of 22.5 kN/m. Failure occurred when a depth of 8.10 m was reached. What is the value 
of cohesion if ọ = 0° ? 





m = 2.244 m 


6=0° y= 22.5 kN/m? 
: De .,.. 4e : 
Failure occurs when the critical depth, H,, which is —. JN is reached. 
y 
Since o = 0, N, = tan? (45° + 9/2) = 1 
4c 


22.5 x1 
z. Cohesion, c = 45.6 kN/m? 


Example 13.11: A sandy loam backfill has a cohesion of 12 kN/m? and 6 = 20°. The unit weight 
is 17.0 kN/m?. What is the depth of the tension cracks ? 


Depth of tension cracks, z,, is given by 


2 
ce EAR, gna 


VN» = tan (45° + 6/2) = tan 55° = 1.428 





x1 = 8.10 
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c = 12 kN/m? 
y= 17.0 kN/m? 
2x12 





z= x 1.428 m 
e 17.0 
= 2.00 m 

Example 13.12: A retaining wall with a smooth vertical back retains a purely cohesive fill. 
Height of wall is 12 m. Unit weight of fill is 20 kN/m?. Cohesion is 1 N/em?. What is the total 
active Rankine thrust on the wall? At what depth is the intensity of pressure zero and where 
does the resultant thrust act? 

H=12m y=20kN/m? ġ=0° 

N,= tan? (45° + 6/2) =1 

c = 1 N/cm? = 10 kN/m? 


_ 2 _2x10 1 




















c€ y 20 
20 kN/m? 
Wall 
le— 220 ——>| 
l¢ ——. 240 —>] 
(a) (b) 


Fig. 13.58 Retaining wall with purely cohesive fill (Ex. 13.12) 


<. The intensity of pressure is zero at a depth of 1 m from the surface. 
yH _ 20x12 
Ny 1 
2c 2x10 
N vi 


The net pressure diagram is shown in Fig. 13.58 (b). 


= 240 kN/m? 





= 20 kN/m? 








The total active thrust may be found by ignoring the tensile stresses, as the area of the 
positive part of the pressure diagram. 


1 
P = 3 x 220 x11 = 1,210 kN/metre run 


This acts at a height of 11/3 m or 3.67 m from the base of the wall. 
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Example 13.13: A smooth vertical wall 5 m high retains a soil with c = 2.5 N/cm?, ọ = 30°, and 
y = 18 kN/m®. Show the Rankine passive pressure distribution and determine the magnitude 
and point of application of the passive resistance. 


H=5m 6=80° c=2.5 kN/em? = 25 kN/m? 
y= 18 kN/m? 


2( 450 4 30°) _ 
N,= tan (45 + 5 )-3 


Pressure at the base: 
yH. N,= 18 x 5 x 3 = 270 kN/m? 


2c |N, =2x 25x J3 = 86.6 kN/m? 





86.6 kN/m? 
— 
A 
5m 
Wall 
y 

















(a) 
Fig. 13.59 Passive pressure of a c — ọ soil (Ex. 13.13) 


The distribution of the first component is triangular and that of the second component 
is rectangular with depth and the pressure distribution is as shown in Fig. 13.59 (b). 

The total passive resistance, P, on the wall per metre run is obtained as the area of the 
pressure distribution diagram. 


P, = 5x 86.6 + Z x270x5 = 433.0 + 675.0 = 1,108 KN 


The height of the point of application above the base is obtained by taking moments as 
usual. 


_ (433x5/2+675x5/3) 

a 1108 
Example 13.14: A retaining wall 9 m high retains granular fill weighing 18 kN/m? with level 
surface. The active thrust on the wall is 180 kN per metre length of the wall. The height of the 
wall is to be increased and to keep the force on the wall within allowable limits, the backfill in 
the top-half of the depth is removed and replaced by cinders. If cinders are used as backfill 
even in the additional height, what additional height may be allowed if the thrust on the wall 
is to be limited to its initial value? The unit weight of the cinders is 9 kN/m*. Assume the 
friction angle for cinders the same as that for the soil. 





m = 2.00 m 
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H=9m 
y= 18 kN/m? 
P = 180 kN/m. run 
Initially, 
1 


5 H’.K, 


Y 
l 


180 = 5 X18x 9° x Ky 


2x180 
K = 2 
* 18x9 





= 0.247 








J Nn 


Backfill 


1 
| 
a i ot a 





Cinders y = 9 kN/m? 














4 
h 
4.5m 
X = 2.223(h + 4.5) 
Wall i 4 ` 
j Granular backfill 
4 n y= 18 kN/m? 
1 
¢— x > z >| 
(a) (b) 


Fig. 13.60 Retaining wall with backfill partly of cinders (Ex. 13.14) 


Let the increase in the height of wall be h m. 

The depth of cinders backfill will be (A + 4.5) m and bottom 4.5 m is granular backfill 
with K, = 0.247. Since the friction angles for cinders is taken to be the same as that for the 
granular soil, K, for cinders is also 0.247, but y for cinders is 9 kN/m®. 

The intensity of pressure at (A + 4.5)m depth = 0.247 x 9 (h + 4.5) kN/m? 

= 2.223 (h + 4.5) kN/m? 

Intensity of pressure at the base = 0.247 [9 (h + 4.5) + 18 x 4.5] kN/m? 

= 2.223 (h + 4.5) + 20 kN/m? 


1 
Total thrust Pý = 1.112 (h + 4.5)? + 2.223 x 4.5 (h + 4.5) + a” 4.5 x 20 


Equating this to the initial value P, or 180 KN, the following equation is obtained: 
1.112 h? + 20h — 67.5 = 0 

Solving, h = 2.90 m 

Thus, the height of the wall may be increased by 2.90 m without increasing the thrust. 
Example 13.15: A gravity retaining wall retains 12 m of a backfill. y = 18 kN/m, = 30° with 
a uniform horizontal backfill. Assuming the wall interface to be vertical, determine the magni- 
tude of active and passive earth pressure. Assume the angle of wall friction to be 20°. Deter- 
mine the point of action also. (S.V.U.—Four-year B.Tech.—Dec., 1982) 
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Since wall friction is to be accounted for, Coulomh’s theory is to be applied. 
y=18kN/m? and H = 12 m 


sin?(a + ) 
2 
: ; i 5).sin(o — B) 
oe -l1 sin( + 
Seno) j 2e — §).sin(a + B) 
a = 90° and ß = 0° in this case. = 30° and 6 = 20° 


K = 


a 











cos” (0) 


cosl 1+ /sin(o + &).sin i 
cos ð 


2 
30° 
= “ > = 0.132 


cos 20°! 1 + [sin 50°.sin 30° 
cos 20° 
sin?(a — 0) 


2 
sin osina sja (2s + 5).sin(@ + B) | 


K,= 








K,= 











sin(a + 6).sin(a + B) 
Putting a = 90° and B = 0°, 


cos” (0) 


K, a - 5) si 2 
eas f Isin( + ae | 
cos“ 6 


cos” 30° 
= = 2.713 


2 
sin 50°.sin 30° 
20°} 1 | 
= cos 20° | 














T LHK, =Żx18 x12? x 0.132 = 171 kN/m 
1 2 1 2 
P, = 5YH?.K, => x18 x12 x2713 = 3.516 kN/m. 


Both P, and P, act at a height of (1/3)H or 4 m above the base of the wall and are 

inclined at 20° above and below the horizontal, respectively. 
Example 13.16: A retaining wall is battered away from the fill from bottom to top at an angle 
of 15° with the vertical. Height of the wall is 6 m. The fill slopes upwards at an angle 15° away 
from the rest of the wall. The friction angle is 30° and wall friction angle is 15°. Using Cou- 
lomb’s wedge theory, determined the total active and passive thrusts on the wall, per lineal 
metre assuming y = 20 kN/m. 

H=6m 

B = 15° 

a = 75° from Fig. 13.61 
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go = 30° 
6= 15° 
y = 20 kN/m? 





Fig. 13.61 Battered wall with inclined surcharge (Ex. 13.15) 
sin?(a + ) 


aloe male B) | 


sin(a — 5).sin(a + B) 





K = 








sin? a.sin(a — sja + | 


sin? 105° 
= z = 0.542 


sin? 75°.sin 60°| 1 + poa 
sin 60°.sin 90° 
sin?(a — o) 


sin(b + 5).sin( + B) | 


sin(a + 5).sin(a + B) 














sin? o.sin(o + sja | 


+ 2 o 
7 sin^ 45 -6.247 


7 fe} T o 2 
sints singo i- 22 mnd 
sin 90°. sin 90° 
Total active thrust, P per lineal metre of the wall 


= Z H?.K, = =x 20x6? x 0542 = 195 kN 


Total passive resistance, P, per lineal metre of the wall 








= SW, = 5x 20x 6? x 6.247 = 2,249 kN 


Example 13.17: A vertical retaining wall 10 m high supports a cohesionless fill with y = 18 
kN/m. The upper surface of the fill rises from the crest of the wall at an angle of 20° with 
the horizontal. Assuming = 30° and 6 = 20°, determine the total active earth pressure using 
the analytical approach of Coulomb. (S.V.U.—U.Tech. (Part-time)—Sep., 1982) 
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y=18kN/m H=10m. 6=30° 6=20° B=20° a=90° 
y = a — ô = 90° — 20° = 70° 
+5 = 30° + 20° = 50° 











Fig. 13.62 Coulomb’s analytical approach (Ex. 13.17) 





AB =H= 10 m a= .sin 60° = 9.216 m 








sin 70° 
10 : 
d= . sin 50° (from AABE) = 8.152 m 
sin 70° 
10 
b= = .sin110° (from AABD) = 54.115 m 
sin 10° 





c = vbd = /8152x54115 m = 21.003 m 


ab _ 9216 x 54.115 
~=(b+ce) 75118 





m = 6.639 m 


P= 5? sin y = i x 18 x (6.639)? sin 70° KN / m. run 


= 373 KN/m. run 
Example 13.18: A retaining wall, 3.6 m high, supports a dry cohesionless backfill with a plane 
ground surface sloping upwards at a surcharge angle of 10° from the top of the wall. The back 
of the wall is inclined to the vertical at a positive batter angle of 9°. The unit weight of the 
backfill is 18.9 kN/m? and = 30°. Assuming wall friction angle of 12°, determine the total 
active thrust by Rebhann’s method. 
H=36m 6=80° 6=12° B=10° a=81° y=18.9kN/m? 


w=a—-8=69° P = 5 sin y= x189x 2”.40 xin 69° 


= 51 kN/m. run 
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Fig. 13.63 Rebhann’s construction for active thrust (Ex. 13.18) 


Example 13.19: A retaining wall with a vertical back 5 m high supports a cohesionless backfill 
of unit weight of 19 kN/m®. The upper surface of the backfill rises at an angle of 10° with the 
horizontal from the crest of the wall. The angle of internal friction for the soil is 30°, and the 
angle of wall friction is 20°. Determine the total active pressure per lineal metre of the wall 
and mark the direction and point of application of the thrust. Use Rebhann’s graphical method. 


(S.V.U.—B.E. (Part-time)—Apr., 1982) 


Ground line 











W=a—d=90°—20°= 70° 


Fig. 13.64 Rebhann’s construction for active thrust (Ex. 13.19) 
H=5m 6=80° 8=20° B=10° a=90° y=19kN/m? 
w=a-6=70° 
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P= 5? siny = 5x19x3 x sin 70° 
= 80.34 kN/m. 
Example 13.20: A retaining wall 8 m high is battered at a positive angle of 15° and retains a 
cohesionless backfill rising at 20° with the horizontal from the crest of the wall. ọ = 30° and 6 
= 20°. Bulk density of the fill is 17.1 kN/m®*. Determine the active thrust, its direction and point 
of action on the wall by Rebhann’s method. (S.V.U.—B.E. (N.R.)—Sep., 1967) 
H=8m oa=90°-15°=75° B=20° »=380° 56=20° w=a-—6=55° 

Since the ¢-line does not meet the ground surface within the drawing, the special case 
when $ = 9 is applied, the construction being performed with an arbitrary location, D, for D. 
AG is drawn parallel to A-G}, G being on the 9-line. Triangle CGL, the weight of which gives 


P is completed, with |CGL = y. 


poe yw? sin y = Z x171 x (7.0)? sin 55° = 343 kN/m run 


a 9 
The location of P, is at (1/3) H or 2.67 m above the base and the direction is at 6 or 20° 
with the horizontal. 





Fig. 13.65 Special case of Rebhann’s construction when B = (Ex. 13.20) 


Example 13.21: A retaining wall 3.6 m high supports a dry cohesionless backfill with a plane 
ground surface sloping upwards at a surcharge angle of 20° from the top of the wall. The back 
of the wall is inclined to the vertical at a positive batter angle of 9°. The unit weight of the 
backfill is 18.9 kN/m? and 6 = 20°. Assuming a wall friction angle of 12°, determine the total 
active thrust by Rebhann’s method. 
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H=36m 0=20° B=20° a=81° 6=12° yw=a-—6=69° 
Since B = ọ, the special case of Rebhann’s construction for this condition is applied. The 
triangle CGL is constructed from any arbitrary point C. 


P = Z w?siny = Z x 18.9 x (3.85)? sin69° = 131 kN/m. run 


The rupture surface cannot be located in this case. 








a = 81° 


Fig. 13.66 Special case of Rebhann’s construction when B = @ (Ex. 13.21) 
Example 13.22: A masonry wall with vertical back has a backfill 5 m behind it. The ground 


level is horizontal at the top and the ground water table is at ground level. Calculated the 
horizontal pressure on the wall using Coulomb’s earth pressure theory. Assume the unit weight 
of saturated soil is 15.3 kN/m. Cohesion = 0. ọ = 30°. Friction between wall and earth = 20°. 
(S.V.U.—B.E., (N.R.)—Sep., 1968) 
H=5m c=0 6=30° 5=20° y= 15.3 kN/m? 
sin?(a + 6) 


2 
sintasa -d 1 [Ene Dsm- 


sin(a — 6).sin(a + B) 


a 











since & = 90° and ß = 0° in this case, 





K, = cos” (0) : 
cond i jsin(o + 6).sin o | 
cos6 
cos” 30° 





= = = 0132 


cos 20°! 1+ [sin 50°.sin 30° 
cos 20° 
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Fig. 13.67 Horizontal thrust on wall from submerged fill 
from Coulomb's theory (Ex. 13.22) 


P, = —yH?.K, = : x (15.30 — 9.8) x 5” x 0.132 kN/m = 9.06 kN/m 
(since Y’ = Yat — Yu) 


This is inclined at 20° with the horizontal. 
~. Its horizontal component, Pa, = 9.06 x cos 20° = 8.50 kN/m 


Qin 


1 1 
Water pressure, P, = zH” z x 9.81x5°kN/m = 122.6 kN/m 


Total horizontal thrust, P,, = Pa,, + Pw = 8.5 + 122.6 = 131.1 kN/m. 


Aih 
This will act at (1/3) H or 2.67 m above the base of the wall, as shown in Fig. 13.67. 


Example 13.23: A retaining wall 4.5 m high with a vertical back supports a horizontal fill 
weighing 18.60 kN/m? and having ọ = 32°, ô = 20°, and c = 0. Determine the total active thrust 
on the wall by Culmann’s method. (S.V.U.—B.E. (R.R.).—Sep., 1978) 


y=18.6kN/m? p=32° c=0 ô= 20° for the fill 
Active thrust, P, = FF 





= 51.5 kN/m. run 
Check: 
cos? 32° 
K, from Coulomb’s formula = 7 
cox" /sin 52 .sin 32 | 
cos 20° 
= 0.2755 
ee 1 2 
P= a k= 2 x 18.6 x 4° x 5x 0.2755 = 51.9 kN/m 


The Culmann value agrees excellently with this value. 
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t-t : tangent parallel to Q-line 










Fig. 13.68 Culmann’s method (Ex. 13.23) 


Example 13.24: A retaining wall with its face inclined at 75° with horizontal is 10 m high and 
retains soil inclined at a uniform surcharge angle of 10°. If the angle of internal friction of the 
soil is 36°, wall friction angle 18°, unit weight of soil 15 kN/m?, and a line load of intensity 90 
KN per metre run of the wall acts at a horizontal distance of 5 m from the crest, determine the 
active thrust on the wall by Culmann’s method. 





90 kN/m 





Modified 
culmann line 





Culmann line 
without line load 








Fig. 13.69 Culmann’s method for line load on backfill (Ex. 13.24) 
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t’ t’: Tangent to the modified Culmann line, parallel to ọ-line. 

a=75° o=36° 6=18° B=10° y=15 kN/m? 

Active thrust, P, on the wall per metre run = Vector F'G = 360 KN. 

Example 13.25: A retaining wall 4.5 m high with vertical back supports a backfill with hori- 
zontal surface. The unit weight of the fill is 18 kKN/m? and the angle of internal friction is 36°. 
The angle of wall friction may be taken as 18°. A footing running parallel to the retaining wall 
and carrying a load of 18 kN/m is to be constructed. Find the safe distance of the footing from 
the face of the wall so that there is no increase in lateral pressure on the wall due to the load 
of the footing. tt: tangent to the Culmann-curve without line load, parallel to the -line. 

The safe distance beyond which the line load does not increase the lateral pressure is 
3.5 m in this case. 

The Culmann-curve without the line load is drawn as usual. Now the modified Culmann- 
curve, with the line load included at C,, C,, C, ..., the borders of each of the wedges such as 
ABC, ABC,, ABC,, ..., is drawn. A tangent tt to the Culmann-curve without the line load is 
drawn parallel to o-line to meet the modified curve with line load in F’. BF’ is joined and 
produced to meet the surface in C, which gives the critical position of the line load, beyond 
which location, it does not affect the lateral pressure. 





je 3.5m di 
A Č Cy C, CYC, C; D(C,) 









Culmann curve 
with line load 





Culmann curve 
without line load 








Fig. 13.70 Location of critical position of line load Culmann’s method (Ex. 13.25) 


Example 13.26: A masonry retaining wall is 1.5 m wide at the top, 3.5 m wide at the base and 6 
m high. It is trapezoidal in section and has a vertical face on the earth side. The backfill is level 
with top. The unit weight of the fill is 16 kN/m? for the top 3 m and 23 kN/m? for the rest of the 
depth. The unit weight of masonary is 23 kN/m. Determine the total lateral pressure on the 
wall per metre run and the maximum and minimum pressure intensities of normal pressure at 
the base. Assume 6 = 30° for both grades of soil. (S.V.U.—Four-year B.Tech.—July, 1984) 
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1-sin 30° _ 


apra m ijs 
=a RS Tan ae 


Horizontal pressure of soil at 3 m depth = K,y,H, = ix 16x3 = 16 kN/m? 
Lateral earth pressure at 6 m depth = K,(y,H, + YH) 

= 5 (16 x3 +18 x3)=34 KN/m® 
Total active thrust per metre run of the wall, 


P= 5X 3x16+3X16+ 5x3 x18= 24+ 48427 =99kN 





IO 







3m y=16kN/m° 







3m 5 
y = 18 kN/m 


Fig. 13.71 Retaining wall (Ex. 13.26) 


Let z metres be the height of the point of action above its base. 


24 x 4+ 48x1.5+27x1 
By taking moments about the base, z = 99 =1.97m 





1 
Weight of wall per metre run, W = 6 x 1.5 x 23 + z” 2 x 6 x 23 


= 207 + 138 = 345 KN 
Let the distance of its point of action from the vertical face be x m. 


(207 x 0.75 +138 x 13 


B x = =1317m 
y moments, x 345 


Let x metres be the distance from the line of action of W to the point where the resultant 
strikes the base. 





Xo 


_ 197x99 


Fa. he. = 0.565 m 
197 W 345 
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Eccentricity, e = (1.3817 + 0.565 — 1.750) = 0.132 m 
Since this is less than (1/6) b or (1/6) x 3.5 m, no tension occurs at the base. 





W 6 345 6 x 0.132 
Vertical pressure intensity at the base, o = 5 [1 +28 = [1 +2% ) 


b 3.5 3.5 
or Omax = 120.88 kN/m? at the toe 
and Omin = 76.26 kN/m, at the heel. 


Example 13.27: A trapezoidal masonry retaining wall 1 m wide at top and 3 m wide at its 
bottom is 4 m high. The vertical face is retaining soil (b = 30°) at a surcharge angle of 20° with 
the horizontal. Determine the maximum and minimum intensities of pressure at the base of 
the retaining wall. Unit weights of soil and masonary are 20 kN/m? and 24 kN/m? respectively. 
Assuming the coefficient of friction at the base of the wall as 0.45, determine the factor of 
safety against sliding. Also determine the factor of safety against overturning. 


(S.V.U.—B.E., (Part-time)—Dec.,1981) 









y = 24 kN/m? 








Fig. 13.72 Retaining wall (Ex. 13.27) 
For backfill, 


y=20kN/m? 6=30° ß=20° 
(cosB — y cos? B — cos” 6) 
os B. 
(cosp + y cos? B — cos? ) 


0° (cos 20° — cos? 20° — cos? 30° ) 
(cos 20° + cos? 20° — cos? 30° ) 








= cos2 








= 0.414 


yH?.K i = Z x 20 x 4” x 0.414 = 66.24 KN / m 


g 
N|. 
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This acts at 1.33 m above the base, at an angle of 20° with the horizontal. 
Pin = Pa; COS B = 66.24 cos 20° = 62.25 kN/m 
P œ = Pa; sin B = 66.24 sin 20° = 22.66 kN/m 

W, wt of the rectangular portion of the wall = 1 x 4 x 24 = 96 kN 


1 
W,, wt of the triangular portion of the wall = a 2x4x24 = 96 kN 


W, acts at 0.50 m and W, at 1.67 m from the vertical face. 
ZV = W, + W, + P „ = 96 + 96 + 22.66 = 214.66 kN 
The distance of the point where the resultant strikes the base from the heel, 


_ 3M _ (96x 0.50+ 96 x 167 + 62.25 x 133) 
ee =1357 m 
2V 214.66 





e= ” —x = 1.500 - 1357 = 0.143 m 


EV 6 214.66 6 x 0.143 
o at the heel = 5 (1+ 2)- (1+ Z ) = 92 kN/m? 





max b 3 3 


xV 1- 6e \ 214.66 1- 6 x 0.143 
b b 3 3 
These are intensities of normal pressures at the base. 


Check for sliding: 





o at the toe = 


min’ 


) = 51 kN/m? 


N 
Factor of safety against sliding, n, = autail 


_ 045x21466 | 
~ 162.25 ~~ 
This is O.K. 
Check for overturning: 


Factor of safety against overturning, ng 


Restoring moment about the toe 





= Overturning moment about the toe 


_ (96 x 2.5 + 96 x 1.83 + 22.66 x 3) 
7 62.25 x 1.33 





= 5.25 
This is excellent. 


SUMMARY OF MAIN POINTS 


1. The property of soil by virtue of which it exerts lateral pressure influences the design of earth- 
retaining structures, the most common of them being a retaining wall. 
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2. The limiting values of lateral pressure occur when the wall yields away from the backfill (or 
moves toward the fill); these are known as the ‘active’ and the ‘passive’ states. The pressure 
exerted when there is no movement is called the ‘at-rest’ pressure, which is intermediate be- 
tween the active and the passive values. 

Very little yield is adequate to cause active conditions, but relatively greater movement is neces- 
sary to mobilised passive resistance. 

3. The classical earth pressure theories of Rankine (1857) and Coulomb (1776) stood the test of 
time. Rankine considered the plastic equilibrium of a soil when there is stretching and compres- 
sion of the mass, and applied the relationships between the principal stresses so derived for 
determining the pressure on the wall. Coulomb considered straightaway a wall and a backfill 
and the equilibrium of the sliding wedge for deriving the total thrust on the wall. The former 
neglected wall friction, while the latter considered it. 

The distribution of pressure is considered to be triangular with depth; in the case of uniform 
surcharge, however, it will be rectangular. 

4. Rankine assumes a conjugate relationship between stresses in the case of an inclined backfill 
surface. 


5. There will exist a ‘tensile’ zone near the surface of a cohesive fill. The depth of this zone is given 
by ae IN b: and the ‘critical’ depth or the depth up to which the soil may stand unsupported is 
Y 


4c 
z 


in the active case. 


N, - Tension cracks occur in the tension zone and these may cause some relief of pressure 


6. The Coulomb wedge theory which assumes a plane rupture surface introduces significant errors 
in the estimation of passive earth resistance, although the error is small in the estimation of 
active thrust. Thus, it is generally recomemended that analysis based on curved rupture surface 
(for example, Terzaghi’s logarithmic spiral method) be used for passive resistance. 

7. The Poncelet construction based on Rebhann’s condition and Poncelet rule, and the Culmann’s 
graphical approach are versatile graphical solutions to Coulomb’s wedge theory and are popu- 
larly used in view of the complexity of the analytical expressions derived by Coulomb. The charts 
and tables prepared by Caquot and Kerisel, and Jumikis are also relevant in this context. 


8. The angle of wall friction will usually range between 5 o and žy Terzaghi recommends (=) o 


in the absence of data. 
9. The stability considerations for gravity retaining walls are: 
(a) The maximum pressure on the base should be less than the safe bearing power of the founda- 
tion soil; 
(b) no tension should develop anywhere in the wall; 
(c) the factor of safety against sliding must be adequate; and 
(d) the factor of safety against overturing must be adequate . 


The nature of yield of the wall influences the wall design very much; for example, the yield at the 
bottom of a sheeting supporting a trench causes arching-active conditions, in which the distribu- 
tion of pressure varies significantly from the active case, although the total thrust value remains 
the same. 
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QUESTIONS AND PROBLEMS 


13.1 


13.2 


13.3 


13.4 


13.5 


13.6 


13.7 


13.8 


13.9 


13.10 


13.11 


13.12 


13.13 


13.14 


Write notes on: 
(a) Rankine earth pressure theory. 


(6) Rebhann’s construction. (S.V.U.—Four year B.Tech.—Sept.,1983, 

B.E.(R.R.)—Sep., 1978) 
(c) Culmann method. (S.V.U.—Four-year B.Tech.—Dec., 1982) 
(d) Coefficient of passive earth pressure. (S.V.U.—B.Tech., (Part-time)—June, 1982) 


(a) Distinguish between ‘active’ and ‘passive’ earth pressure. 

(b) Explain clearly Rebhann’s graphical construction method to evaluate the earth pressure on a 
retaining wall. What are the advantages or disdvantages of Culmann’s graphical method as 
compared to Rebhann’s graphical method? Illustrate your answer by working out an exam- 


ple, assuming suitable data. (S.V.U.—B.Tech., (Part-time)—Sept., 1983) 
What are the design criteria to be satisfied for the stability of a gravity retaining wall ? Indicate 
briefly how you will ensure the same. (S.V.U.—B.Tech., (Part-time)—Sept., 1983) 


Differentiate critically between Rankine and Coulomb theories of earth pressure. 
(S.V.U.—Four-year B.Tech.—Apr., 1983, B.E., (R.R.)—Feb., 1976, Nov., 1973) 
Explain (i) active, (ii) passive and (iii) at rest conditions in earth pressure against a retaining 
wall. (S.V.U.—Four-year B.Tech.—Dec., 1982, B.E., (Part-time)—Dec., 1981) 
With the aid of Mohr’s circle diagram explain what is means by active and passive Rankine 
states in a cohesionless soil with a horizontal surface. Hence obtain an expression for the inten- 
sity of active earth pressure behind a vertical wall and explain why for this condition there is an 
implied assumption of smooth wall. (S.V.U.—B.E., (R.R.)—Sept., 1978) 
Describe Culmann’s graphical method of finding earth pressure and explain the classical theory 
of earth pressure on which this procedure is based. Explain how surcharge will affect earth 
pressure in active and passive states. (S.V.U.—B.E., (R.R.)—Nov., 1975) 
Describe the wedge theory for determining active earth pressure and evaluate the assumptions. 





Discus the advantages. (S.V.U.—B.E., (R.R.)—May., 1975, Nov., 1974, May, 1971, Nov., 1969) 
Explain Rankine’s theory of earth pressure. For what types of retaining walls and soils may this 
theory be used? (S.V.U.—B.E., (R.R.)—May, 1970) 
Indicate an analytical or graphical method to calculate the active earth pressure due to a cohe- 
sive soil (c = soil) against a rigid retaining well. (S.V.U.—B.E., (R.R.)—May, 1969) 
Derive a general expression for active earth pressure by the wedge theory behind a vertical wall 
due to a cohesionless soil with a level surface. (S.V.U.—B.E., (N.R.)—May, 1969) 


A wall with a smooth vertical back and 9 metres high retains a moist cohesionless soil with a 
horizontal surface. The soil weighs 15 kN/m? and has an angle of internal friction of 30°. Deter- 
mine the total earth pressure at rest and its location. If, subsequently, the water table rises to 
the ground surface, determine the increase in earth pressure at rest. Assume effective unit weight 
of soil as 9 KN/m?. 
Determine the active and passive earth pressure given the following data: Height of retaining 
wall = 10 m; ọ = 25°; y, = 17 kN/m?. Ground water table is at the top of the retaining wall. 
(S.V.U.—Four-year B.Tech.—Dec., 1982) 
A retaining wall 12 metres high is proposed to hold sand. The values of void ratio and in the 
loose state are 0.63 and 30° while they are 0.42 and 40° in the dense state. Assuming the sand to 
be dry and that its grain specific gravity is 2.67, compare the values of active and passive earth 
pressures in both the loose and dense states. 
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13.15 


13.16 


13.17 


13.18 


13.19 


13.20 


13.21 


A retaining wall with a smooth vertical back, 4.5 m high, retains a dry cohesionless backfill level 
with the top of the wall. y = 18.6 kN/m? and 6 = 30°. The backfill carries a uniformly distributed 
surcharge of 20.6 kN/m?. Determine the magnitude and point of application of the total active 
thrust per lineal metre of the wall. 

A 9 metre high retaining wall retains a soil with the following properties: ọ = 36°; y = 18 kN/m. 
What will be the increase in horizontal thrust if the soil slopes up from the top of the wall at an 
angle of 36° to the horizontal than when it has a horizontal surface? 

A wall with a smooth vertical back 9 m high supports a purely cohesive soil with c = 10 kN/m? 
and y= 18 kN/m®. Determine the total Rankine active thrust per metre run, the position of zero 
pressure and the distance of the centre of pressure from the base. 

A retaining wall, 4.5 m high, retains a soil with c = 2 N/cm?, b = 30° and g = 20 kN/m, with 
horizontal surface level with the top of the wall. The backfill carries a surcharge of 20 kN/m?. 
Compute the total passive earth resistance on the wall and its point of application. 

A R.C. retaining wall holds dry sand fill 6 m in height. The unit weight of sand is 19.3 kN/m? and 
= 32°. Assuming the back of the wall to be vertical, calculate the earth pressure on the wall by 
Rebhann’s construction 6 = 16°. (S.V.U.—B.E., (R.R.)—Dec., 1968) 
A gravity retaining wall retains 12 m of a backfill. y = 18 kN/m’, ọ = 25° and wall friction = 0°. 
Using Culmann’s method, determine the active earth thrust. IF the water-table is 6 m from the 
top, determine how the earth pressure gets affected. (S.V.U.—Four-year B.Tech.—Apr., 1983) 
A masonry retaining wall of trapezoidal section with the vertical face on the earth side is 1.5 m 
wide at the top and 3.5 m wide at the base and is 5.0 m high. It retains a sand fill sloping at 2 
horizontal to 1 vertical. The unit weight of sand is 18 kN/m? and ọ = 30°. Find the maximum and 
minimum pressure at the base of the wall assuming the unit weight of masonry as 23 kN/m. 


(S.V.U.—B.E., (Part-time)—Apr., 1982) 


Chapter l 4 


BEARING CAPACITY 


14.1 INTRODUCTION AND DEFINITIONS 


The subject of bearing capacity is perhaps the most important of all the aspects of geotechnical 
engineering. Loads from buildings are transmitted to the foundation by columns, by load- 
bearing walls or by such other load-bearing components of the structures. Sometimes the ma- 
terial on which the foundation rests is ledge, very hard soil or bed-rock, which is known to be 
much stronger than is necessary to transmit the loads from the structure. Such a ledge, or 
rock, or other stiff material may not be available at reasonable depth and it becomes invari- 
ably necessary to allow the structure to bear directly on soil, which will furnish a satisfactory 
foundation, if the bearing members are properly designed. It is here that the subject of bearing 
capacity assumes significance. A scientific treatment of the subject of bearing capacity is nec- 
essary to enable one to understand the factors upon which it depends. 
A number of definitions are relevant in this context: 


Foundation: The lowest part of a structure which is in contact with soil and transmits 
loads to it. 

Foundation soil or bed: The soil or bed to which loads are transmitted from the base of 
the structure. 

Footing: The portion of the foundation of the structure, which transmits loads directly 
to the foundation soil. 

Bearing capacity: The load-carrying capacity of foundation soil or rock which enables it 
to bear and transmit loads from a structure. 

Ultimate bearing capacity: Maximum pressure which a foundation can withstand with- 
out the occurrence of shear failure of the foundation. 

Gross bearing capacity: The bearing capacity inclusive of the pressure exerted by the 
weight of the soil standing on the foundation, or the ‘surcharge’ pressure, as it is sometimes 
called. 

Net bearing capacity: Gross bearing capacity minus the original overburden pressure or 
surcharge pressure at the foundation level; obviously, this will be the same as the gross capac- 
ity when the depth of foundation is zero, i.e., the structure is founded at ground level. 
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Safe bearing capacity: Ultimate bearing capacity divided by the factor of safety. The 
factor of safety in foundation may range from 2 to 5, depending upon the importance of the 
structure, and the soil profile at the site. The factor of safety should be applied to the net 
ultimate bearing capacity and the surcharge pressure due to depth of the foundation should 
then be added to get the safe bearing capacity. 

It is thus the maximum intensity of loading which can be transmitted to the soil without 
the risk of shear failure, irrespective of the settlement that may occur. 

Allowable bearing pressure: The maximum allowable net loading intensity on the soil at 
which the soil neither fails in shear nor undergoes excessive or intolerable settlement, detri- 
mental to the structure. 


14.2 BEARING CAPACITY 


The conventional design of a foundation is based on the concept of bearing capacity or allow- 
able bearing pressure. 


14.2.1 Criteria for the Determination of Bearing Capacity 
The criteria for the determination of bearing capacity of a foundation are based on the require- 
ments for the stability of the foundation. These are stated as follows: 

(i) Shear failure of the foundation or bearing capacity failure, as it is sometimes called, 
shall not occur. (This is associated with plastic flow of the soil material underneath the foun- 
dation, and lateral expulsion of the soil from underneath the footing of the foundation); and, 

(ii) The probable settlements, differential as well as total, of the foundation must be 
limited to safe, tolerable or acceptable magnitudes. In other words, the anticipated settlement 
under the applied pressure on the foundation should not be detrimental to the stability of the 
structure. 

These two criteria are known as the shear strength criterion, and settlement criterion, 
respectively. These are independent criteria and hence require independent investigation. 
The design value of the safe bearing capacity, obviously, would be the smaller of the two values, 
obtained from these two criteria. This has already been defined as the allowable bearing 
pressure. 


14.2.2 Factors Affecting Bearing Capacity 
Bearing capacity is governed by a number of factors. The following are some of the more 
important ones which affect bearing capacity: 
(i) Nature of soil and its physical and engineering properites; 
(ii) Nature of the foundation and other details such as the size, shape, depth below the 
ground surface and rigidity of the structure; 
(iii) Total and differential settlements that the structure can withstand without func- 
tional failure; 
(iv) Location of the ground water table relative to the level of the foundation; and 
(v) Initial stresses, if any. 
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In view of the wide variety of factors that affect bearing capacity, a systematic study of 
the factors involved in a logical sequence is necessary for proper understanding. 


14.3 METHODS OF DETERMINING BEARING CAPACITY 


The following methods are available for the determination of bearing capacity of a foundation: 
(i) Bearing capacity tables in various building codes 

(ii) Analytical methods 

(iii) Plate bearing tests 

(tv) Penetration tests 

(v) Model tests and prototype tests 

(vi) Laboratory tests 

Bearing capacity tables have been evolved by certain agencies and incorporated in build- 
ing codes. They are mostly based on past experience and some investigations. 

A number of analytical approaches, based on the work of Rankine, Fellenius, Housel, 
Prandtl, Terzaghi, Meyerhof, Skempton, Hansen and Bella may be used. Some of these would 
be dealt with in later sections. 

Plate bearing tests are load tests conducted in the field on a plate. These involve effort 
and expense. There are also certain limitations to their use. 

Penetration tests are conducted with devices known as ‘Penetrometers’, which measure 
the resistance of soil to penetration. This is correlated to bearing capacity. 

Model and prototype tests are very cumbersome and costly and are not usually practica- 
ble. Housel’s approach is based on model tests. 

Laboratory tests which are simple, may be useful in arriving at bearing capacity, espe- 
cially of pure clays. 


14.4 BEARING CAPACITY FROM BUILDING CODES 


The traditional approach to the bearing capacity problems is illustrated by the building codes 
of many large cities, such as New York and Boston. Practically, all codes give lists of soil types 
and the respective safe or allowable bearing capacity. Some values may be subject to modifica- 
tions under designated conditions. It is presumed that the soil can support the indicated pres- 
sure with safety against shear failure and without undue settlement. This is perhaps the basis 
for the widespread but incorrect notion that the bearing capacity depends mainly on the char- 
acteristics of the soil in question. 

Actually the bearing capacity depends on a number of factors as stated in a previous 
section and this should never be lost sight of. Thus, the value stated for the bearing capacity is, 
at best, a rough estimate, based on past experience of construction in the area, rather than a 
sound basis for design. For the general use of buildings, perhaps the tabular values, which are 
valid under a definite set of simple and easily defined conditions, may be modified for known 
departures from the specified conditions. 

The tabular values of bearing capacity are also known as “Presumptive bearing capaci- 
ties” and are included in several Civil Engineering Handbooks. The ISI have specified these 
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values in their code of practice “IS: 1904—1986 Code of practice for structural safety of Build- 
ing Foundations—Second Revision”. Excerpts of these recommendations are given below: 


Table 14.1 Safe bearing capacity (IS: 1904-1986 revised) 




















S. No. Type of rock or soil Safe bearing capacity Remarks 
kN/m? (t/m?) 
I. ROCKS 
1. Rocks without laminations and 3240 (330) 
defects—e.g., granite, trap, 
diorite 
2; Laminated rocks, e.g., sand- 1620 (165) 
stone and limestone, in sound 
condition 
3. Residual deposits of shattered 880 (90) 
and broken bed rock and hard 
shale, cemented material 
4. Soft Rock 440 (45) 
II. COHESIONLESS SOILS 
5. Gravel, sand and gravel, com- 440 (45) See note 2 
pact and offering high resist- 
ance to penetration when exca- 
vated by tools 
6. Coarse sand, compact and dry 440 (45) Dry means that the 
GWL is at a depth not 
less than width of the 
foundation below the 
base of the foundation. 
7. Medium sand, compact and dry 245 (25) 
8. Fine sand, silt (dry lumps eas- 150 (15) 
ily pulverised by fingers) 
9. Loose gravel or sand-gravel mix- 245 (25) See note 2 
ture; loose coarse to medium 
sand, dry 
10. Fine sand, loose and dry 100 (10) 
Ill. COHESIVE SOILS 
11. Soft shale, hard or stiff clay, dry 440 (45) Susceptible to long- 
term consolidation set- 
tlement 








(Contd.)... 
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12; Medium clay, readily indented 245 (25) 
with a thumb nail 


13; Moist clay and sand-clay mix- 150 (15) 
ture which can be indented with 
strong thumb pressure 


14. Soft-clay indented with moder- 100 (10) 
ate thumb pressure 
15. Very soft clay which can be pen- 50 (5) 
etrated easily with the thumb 
16. Black cotten soil or other — See note 3. To be deter- 
shrinkable or expansive clay in mined after investiga- 
dry condition (50% saturation) tion 
IV. PEAT 
17. Peat — See note 3 and note 4 
To be determined after 
investigation 


V. MADE-UP GROUND 


18. Fills or made-up ground — See note 2 and note 4 
To be determined after 
investigation. 




















Note 1. Values listed in the table are from shear consideration only. 

Note 2. Values are very much rough for the following reasons: 

(a) Effect of characteristics of foundations (that is, effect of depth, width, shape, roughness, 
etc...) has not been considered. 

(b) Effect of range of soil properties (that is, angle of internal friction, cohesion, water table, 
density, etc.) has not been considered. 

(c) Effect of eccentricity and inclination of loads has not been considered. 


Note 3. For non-cohesive soils, the values listed in the table shall be reduced by 50 per cent, if 
the water table is above or near the base of foooting. 


Note 4. Compactness or looseness of non-cohesive soils may be determined by driving the cone of 
65 mm dia and 60° apex angle by a hammer of 65 kg falling from 75 cm. If corrected number of blows (N) 
for 30 cm penetration is less than 10, the soil is called loose, if N lies between 10 and 30, it is medium, 
if more than 30, the soil is called dense. 

Limitations of Bearing Capacity values for building codes 

The following are the limitations of the bearing capacity values specified in building 
codes: 

(i) By specifying a value or a range for bearing capacity, the concept is unduly oversim- 

plified. 

(ii) The codes tacitly assume that the allowable bearing capacity is dependent only on 
the soil type. 
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(iii) The effects of many soil characteristics which are likely to influence the bearing 
capacity are ignored. 


(iv) The codes do not indicate the method used to obtain the bearing capacity values. 


(v) The codes assume that the bearing capacity is independent of the size, shape and 
depth of foundation. All these factors are known to have significant bearing on the values. 


(vi) Building codes are usually not up-to-date. 
However, the values given in codes are used in the preliminary design of foundations. 


14.5 ANALYTICAL METHODS OF DETERMINING BEARING CAPACITY 


The following analytical approaches are available: 

1. The theory of elasticity—Schleicher’s method. 

2. The classifical earth pressure theory—Rankine’s method, Pauker’s method and Bell’s 
method. 

3. The theory of plasticity—Fellenius’ method, Prandtl’s method, Terzaghi’s method, 
Meyerhof’s method, Skempton’s method, Hansen’s method and Balla’s method. 

Some of these methods will be discussed in the following subsections. 


14.5.1 The Theory of Elasticity—Schleicher’s Method 


Based on the theory of elasticity and Boussinesq’s stress distribution, Schleicher (1926) inte- 
grated the vertical stresses caused by a uniformly distributed surface load and obtained an 
expression for the elastic settlement, s, of soil directly underneath a perfectly elastic bearing 
slab as follows: 
2 
s=K-q: JAS ) 
where K = shape coefficient or influence value which depends upon the degree of stiff- 
ness of the slab, shape of bearing area, mode of distribution of the total load and the position of 
the point on the slab where the settlement is sought; 





... (Eq. 14.1) 


q = net pressure applied from the slab on to the soil; 

A = area of the bearing slab; 

E = moduls of elasticity of soil; and 

v = Poisson’s ratio for the soil. 

It may be noted that settlements are not the same at all points under an elastic slab, 





while settlements are the same under all points of a rigid slab. If, in Eq. 14.1, A 7 2) is 
-v 
designated as a constant, C, Schleicher’s equation reduces to: 
s=K- ava ..(Eq. 14.2) 


The maximum settlement occurs at the centre of circular and rectangular bearing areas 
and the minimum value occurs at the periphery of the circle or at corners of the rectangle. 


Schelicher’s shape coefficients, K, are given in Table 14.2. 
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Table 14.2 Schleicher’s shape coefficients or influence factors (Jumikis, 1962) 




















Shape of Side ratio Center point Free corner Mid-point  Mid-point K (average) 
bearing area = a/b M, K nax point A, K,,,, of short side of long side 
=u = Ay b, Kp C, Ko 
| A ` 
COE EH Et 
\ i 
\ Pi 
e—— b——_ eee a A B 
Circle — 1.13 0.72 0.72 0.72 0.96 
Square 1.0 1.12 0.56 0.76 0.76 0.95 
Rectangle 1.5 1.11 0.55 0.73 0.79 0.94 
Rectangle 2 1.08 0.54 0.69 0.79 0.92 
Rectangle 3 1.03 0.51 0.64 0.78 0.88 
Rectangle 5 0.94 0.47 0.57 0.75 0.82 
Rectangle 10 0.80 0.40 0.47 0.67 0.71 
Rectangle 100 0.40 0.20 0.22 0.36 0.37 
Rectangle 1000 0.173 0.087 0.093 0.159 0.163 
Rectangle 10000 0.069 0.035 0.037 0.065 0.066 











If, in the Schleicher’s equation 14.2 above, the tolerable settlement, s, the shape coeffi- 
cient K, the size A of the loading area and the soil properties included under C, are known, the 
bearing capacity q can be calculated as, 





s-C 
= .. (Eq. 14.3 
1m an ae 
The elastic settlement equation also permits deriving the following rule: 
A 
Sy 1 
— = .. (Eq. 14.4 
So Ay A 


where s, and s, are settlements brought about by two bearing areas of similar shape but of 
different sizes, A, and A, respectively, with equal contact pressures. 

This rule, expressing a model law, is useful in calculating the settlement of a prototype 
foundation, if the settlement attained by a model with the same contact pressure has been 
measured. 


14.5.2 The Classical Earth Pressure Theory—Rankine’s, Pauker’s, and Bell’s 
Methods 

The classical earth pressure theory assumes that on exceeding a certain stress condition, rup- 

ture surfaces are formed in the soil mass. The stress developed upon the formation of the 

rupture surfaces is treated as the ultimate bearing capacity of the soil. 
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The bearing capacity may be determined from the relation between the principal stresses 
at failure. The pertinent methods are those of Rankine, Pauker and Bell. 


Rankine’s Method 


This method, based on Rankine’s earth pressure theory, is too approximate and conservative 
for practical use. However, it is given just as a matter of academic interest. 

Rankine uses the relationship between principal stresses at limiting equilibrium condi- 
tions of soil elements, one located just beneath the footing and the other just outside it as 
shown in Fig. 14.1. 




















Quit 
I I 


Fig. 14.1 Rankine’s method for bearing capacity of a footing 


In element J, just beneath the footing, at the base level of the foundation, the applied 
pressure q „ų is the major principal stress; under its influence, the soil adjacent to the element 
tends get pushed out, creating active conditions. The active pressure is o on the vertical faces 
to the element. From the relationship between the principal stresses at limiting equilibrium 
relating to the active state, we have: 


5 = Ka = Vor (Ese) ...(Eq. 14.5) 
1+sin 6 

In element II, just outside the footing, at the base level of the foundation, the tendency 
of the soil adjacent to the element is to compress, creating passive conditions. The pressure o 
on the vertical faces of the element will thus be the passive resistance. This will thus be the 
major principal stress and the corresponding minor principal stress is q(= yD}, the vertical 
stress caused by the weight of a soil column on it, or the surcharge dut to the depth of the 
foundation. From the relationship between the principal stresses at limiting equilibrium re- 
lating to the passive state, we have, 


ising) Eq. 14.6) 


o =q: K, = yD; K, -p (1m 
The two values ofo may be equated from Eqs. 14.5 and 14.6 to get a relationship for q w 
B 1+sin ọ j 
da= Del Tsing 
This gives the bearing capacity of the footing. It does not appear to take into account the 


size of the footing. Further the bearing capacity reduces to zero for D, = 0 or for a footing 
founded at the surface. This is contrary to facts. 


...(Eq. 14.7) 
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Equation 14.7 is rewritten sometimes, to give D,, which is termed the minimum depth 
required for a foundation: 


2 
aa 
H5 y (t) ...(Eq. 14.8) 


An alternative approach based on Rankine’s earth pressure theory which takes into 
account the size b of the footing is as follows (Fig. 14.2). 

It is assumed that rupture in the soil takes place along CBD and CFG symmetrically. 
The failure zones are made of two wedges as shown. It is sufficient to consider the equilibrium 
of one half. 

Wedge I is Rankine’s active wedge, pushed downwards by q,,, on CA; consequently the 
vertical face AB will be pushed outward. 


Wedge I is Rankine’s passive wedge. The pressure P on face AB of wedge J will be the 
same as that which acts on face AB of wedge IJ; consequently, the soil wedge JJ is pushed up. 
The surcharge, q = yD, due to the depth of footing resists this. 


A 


b/2 | b/2 















Gt, = 45° + /2 
a, = 45° — p/2 





Fig. 14.2 Rankine’s method taking into account the size of the footing 


From wedge II, 


— b b 
AB = 3 tan a, = 5 tan (45° + ọ/2) = 3 JN, 
1 b? b 
m Nọ +r. A (Eq. 14.9) 


from Rankine’s theory for the case with surcharge. From Wedge J, similarly, 





1 a N, b 1 1 b? b 1 
P=.. —. = +q SNo EY H Gut - = ...(Eq. 14.10) 
e N, 24 2° IN, 
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Equating the two values of P, we get 
1 b 


2 2 
Qa = 3 Yg VNo Ne - D+ DNS (Eq. 14.11) 
1 
This is written as qu = 5 Y-ONy + yD, Nj (Eq. 14.12) 
1 
where NEG Ny (NS -D ... (Eq. 14.13) 
and NaN (Eq. 14.14) 


Both are known as “bearing capacity factors”. 


Pauker’s Method 


Colonel Pauker, a Russian military engineer, is credited to have derived one of the oldest 
formulae for the bearing capacity of a foundation in cohesionless soil and the minimum depth 
of foundation. He was supposed to have used his formula in the 1850’s during the construction 
of fortifications and sea-batteries for the Czarist Naval base of Kronstadt (Pauker, 1889— 
reported by Jumikis, 1962). His theory was once very popular and was extensively used in 
Czarist Russia, before the revolution. The theory is set out below (Fig. 14.3): 


C Fo B 












Depth of 


foundation (45° — $/2) 





45° + ọ/2 
| (45° — o/2 
Og ri¢ Sp 


< 





Fig. 14.3 Pauker’s method of determination of bearing capacity 


Pauker considered the equilibrium of a point say, G, in the soil mass underneath the 
base of the footing, as shown, at a depth A below the base, the dpeth of foundation being D; 
below the ground surface. The strip foundation is assumed to transmit a pressure of q „y to the 
soil at its base. 

The classical earth pressure theory for an ideal soil is used under the following assump- 
tions: 


(i) The soil is cohesionless. 


(ii) The contact pressure, q p is replaced by an equivalent height, H,, of soil of unit 
weight, y, the same as that of the foundation soil: 


H, = F (Eq. 14.15) 
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(iii) At imminent failure, it is assumed that a part AEFB, obtained by drawing GE at 
(45° — 6/2) with respect to GA (G being chosen vertically below A), tears off from the rest of the 
soil mass. 
(iv) Under the influence of the weight of the equivalent layer of height H,, the soil to the 
left of the vertical section GA tends to be pushed out, inducing active earth pressure on GA. 
(v) The soil to be right of GA tends to get compressed, thus offering passive earth resist- 
ance against the active pressure. 
(vi) The equilibrium condition at G is determined by that of soil prisms GEA and GHJK. 
The friction of the soil on the imaginary vertical section, GA, is ignored. In other words, the 
earth pressures act normal to GA, i.e., horizontally. 
(vii) If sliding of soil from underneath the footing is to be avoided, the condition stated by 
Pauker is 


G2 0, ... (Eq. 14.16) 

By Rankine’s earth pressure theory, 
o, =y (D;+ h) tan? (45° + $/2) ...(Eq. 14.17) 
o, = y (H, + h) tan? (45° — 0/2) ...(Eq. 14.18) 


where ọ is the angle of internal friction of the soil. 
Equation 14.16 now reduces to 

(Dy + h) 

(H, +h) 

[by dividing by (H, + h) tan? (45° + 9/2) and noting that 

tan” (45° — o/2) 

tan” (45° + 6/2) 


> tant (45° — 6/2) ...(Eq. 14.19) 





= tant (45° — /2).] 


(Dy +h) 
+h) 
By inspection, one can see that this is minimum when A = 0; that is to say, the critical 
point is A itself. 
Eq. 14.19 reduces to the form: 
D 


The most dangerous point G is that for which is a minimum. 


e 


f 
H 2 tan‘ (45° — 0/2) ...(Eq. 14.20) 
This is known as Pauker’s equation and is written as: 
D,= H, tan*(45° — 0/2) ... (Eq. 14.21) 
or, noting, H, = L D,= 7 _ tan? (45° — 4/2) (Eq. 14.22) 
This may be written in the following form also: 
qun = WD, tant (45° + 9/2) (Eq. 14.23) 


In the first form it may be used to determine the minimum depth of foundation and in 
the second, to determine the ultimate bearing capacity. 

It is interesting to observe that Eqs. 14.22 and 14.23 are identical to Eqs. 14.8 and 14.7 
respectively of Rankine, except for the difference in their trigonometric form. 
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Thus, the limitations and deficiencies of Rankine’s approach in respect of Eqs. 14.7 and 
14.8 apply equally to Pauker’s equations. 


Bell’s Method 


Bell (1915) modified Pauker-Rankine formula to be applicable for cohesive soils; both friction 
and cohesion are considered in this equation. With reference to Fig. 14.1, from, the stresses, on 
element J, 


© = q „ų tan? (45° — 9/2) — 2c tan (45° — 6/2) ... (Eq. 14.24) 
Ault 2c 
or o= 5- ...(Eq. 14.25) 
Ny JN, 


with the usual notation, N, = tan? (45° + 9/2). 

This is from the relationship between the principal stresses in the active Rankine state 
of plastic equilibrium. 

From the stresses on element JI, 


c= yD, tan? (45° + /2) + 2c tan (45° + 6/2) ...(Eq. 14.26) 

or o = 7D,N, + 2c MWe ...(Eq. 14.27) 
Equating the two values of o for equilibrium, we have: 

dar = YD; tant (45° + 0/2) + 2c tan (45° + ¢/2)[1 + tan? (45° + 6/2)] ... (Eq. 14.28) 

or dui, = YD, N,2 + 2c [No (1+ N,) (Eg. 14.29) 


This is Bell’s equation for the ultimate bearing capacity of a c — soil at a depth D, 

If c = 0, this reduces to Eq. 14.23 or 14.7. For pure clay, with ọ = 0, Bell’s equation 
reduces to 

dar = YD, + 4c ... (Eq. 14.30) 

FD, is also zero, quy = 4C ...(Eq. 14.31) 

This value of considered to be too conservative as will be shown later on. 

The limitation of Bell’s equation that the size of the foundation is not considered may be 
overcome as in the case of Rankine’s equation by considering soil wedges instead of elements. 

Figure 14.2 may be employed for this purpose. Proceeding on exactly similar lines as in 
the Rankine approach, one gets: 


1. b 
Que = 5 Vg: VNo No — D+ Wy Ne + 2c JN, (Ny +D (Eq. 14.32) 
1 
or G g TON PYON g PiN ...(Eq. 14.33) 
1 2 
where N,= 3 Vy LNG -D ... (Eq. 14.34) 
N =N; ...(Eiq. 14.35) 
and N, =2 N; (N, +1 ...(Eq. 14.36) 


Equations 14.34 and 14.35 are identical to Eqs. 14.13 and 14.14, already given. N N, 
and N, are known as ‘bearing capacity factors. 
Ifc = 0, Eq. 14.32 reduces to Eq. 14.11 of Rankine. 
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If = 0, we have q u = 4c + yD,, the same as Eq. 14.30, for pure clay. 
In other words, for pure clay, the size of foundation does not affect bearing capacity. 


14.5.3 Fellenius’ Method 


The Fellenius method of circular failure surfaces (Fellenius, 1939) may be used to determine 
the ultimate bearing capacity of highly cohesive soils. The failure is assumed to take place by 
slip and the consequent heaving of a mass of soil is on one side only as shown in Fig. 14.4. 
Model tests and observation of failure surfaces confirm this; the possible reasons being lack of 
homogeneity of soil and a slight unintended eccentricity of loading. 


Assumed centre 
E of rotation 




















Assumed circular 
failure surface 


a 


Fig. 14.4 Fellenius’ method of determining bearing capacity 


A trial cylindrical failure surface is chosen with centre O, the co-ordinates of which are 
x and y with respect to B, the outer edge of the base of the footing. The weight W of the soil 
mass within the slip surface for unit length of the footing and its line of action are determined. 


S 
The total cohesive force C, resisting the slip surface is determined (C =c. BF). Q © dut- b - 
L, since unit length of the footing is considered). It will tend to cause slip, and W and C will tend 
to resist slip. 


At imminent failure, their moments about the centre of rotation must balance: 





Qu =W-L+C.R (Eq. 14.37) 
or Qu=W. ha C. L ...(Eq. 14.38) 
lo lo 
W.l, C.R (Wl, +CR) 
gi eya (Eq. 14.39 
fut Bi, bh blo ed 


This procedure is repeated for several possible slip surfaces and the minimum value of 
q 80 obtained is the bearing capacity of the footing. 

The method is considered most suitable and satisfactory for cohesive soils, although it 
can be extended to allow for friction. Wilson (1941) extended it by preparing a chart for locat- 
ing the centre of the most critical circle, applicable only for cohesive soils and for footings 
founded below the ground surface. The co-ordinates of the centre of the most critical circle, x 
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and y, with respect to the outer edge, B, of the footing may be obtained from Wilson’s chart, 
shown in Fig. 14.5. 












































1.5 
x/b 
t 1.0 
> y/b 
Oo 
a 
a 05 
x 
0 0.5 1.0 1:5 1:75 
D/b —> 


Fig. 14.5 Wilson’s chart for location of centre of critical 
circular arc for use with Fellenius’ method 


Wilson found that the net ultimate bearing capacity by this method has an almost ex- 
actly linear variation with the depth to breadth ratio upto a value of 1.5 for this ratio. Wilson’s 
results lead to the following equation for the net ultimate bearing capacity of long footings 
below the surface of highly cohesive soils: 

Inet ult = 9-5¢ (1 + 0.38D,-/b) ... (Eq. 14.40) 


It can be demonstrated that the critical circle for a surface footing is as shown in Fig. 
14.6 and that the ultimate bearing capacity is given by: 
qay = 55c ...(Eq. 14.41) 
The method is particular useful when properties of soil vary in the failure zone ; in this 
case Wilson’s critical circle may be tried first and other circles nearby may be analysed later to 
arrive at a reasonably quick solution. 





Fig. 14.6 Location of critical circle for surface footing in Fellenius’ method 


14.5.4 Prandtl’s Method 


Prandtl analysed the plastic failure in metals when punched by hard metal punchers (Prandtl, 
1920). This analysis has been adapted to soil when loaded to shear failure by a relatively rigid 
foundation (Prandtl, 1921). The bearing capacity of a long strip footing on the ground surface 
may be determined by this theory, illustrated in Fig. 14.7. 
The assumptions in Prandtl’s theory are: 
(i) The soil is homogeneous, isotropic and weightless. 
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(ii) The Mohr-Coulomb equation for failure envelope t = c + o tan ọ is valid for the soil, 
as shown in Fig. 14.7 (b). 

(iii) Wedges I and III act as rigid bodies. The zones in Sectors IT deform plastically. In 
the plastic zones all radius vectors or planes through A and B are failure planes and the curved 
boundary is a logarithmic spiral. 

(iv) Wedge I is elastically pushed down, tending to push zones II upward and outward, 
which is resisted by the passive resistance of soil in these zones. 

(v) The stress in the elastic zone J is transmitted hydrostatically in all directions. 












F A E 
IROKK ~~) aU- ROR 
S mo 
Ss Je 
ge gale Tangent to the spiral 
Gey II y = 45° +6/2 
hy a = 45° — 4/2 
Beare tn tan ọ 
a ry =e 
C m ee ste ' @tan 6 
Tangent to the spiral (90°-) Logarithmic/spiral (r =re  ) 


(a) Prandtl’s system 


xan 0 
+O 
s= 








kt 0,(= c cot ) plq Oa >| 20 = 90° + b 








Aut p| 


(b) Mohr’s circle for active zone 
Fig. 14.7 Prandtl’s method of determining bearing capacity of ac — ọ soil 
It may be noted that the section is symmetrical up to the point of failure, with an equal 
chance of failure occurring to either side. (That is why the section to one side, say to the left, is 
shown by dashed lines). The equilibrium of the plastic sector is considered by Prandtl. 
Let BC be rọ. The equation to a logarithmic spiral is: 
r=r,e°™"® where 0 is the spiral angle. 
Then BD = r, e™”) tan ¢, since ZCBD = 90° = n/2 rad. 
From the Mohr’s circle for c — ọ soil, Fig. 14.7 (b), the normal stress corresponding to the 
cohesion intercept is: 
6, =c cot > (Eq. 14.42) 
This is termed the ‘initial stress’, which acts normally to BC in view of assumption (v); 


also qp the applied pressure is assumed to be transferred normally on to BC. Thus the force 
on BC is 
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-5 
(O; + qup BC or ro; + Qui) 
Moment, M), of this force about B is 
ri 
ro (O; + Quit) * z 
Substituting for o,, 


2 
M, = a (c cot > + q p, counterclockwise .. (Eq. 14.48) 
The passive resistance P, on the face BD is given by 
—> 
P,=06;'N,° BD ...(Eq. 14.44) 
1+sin ọ 


= 2 o -= — 
where N, = tan* (45° + 9/2) = 7a b 
This is because o,, due to cohesion alone is transmitted by the wedge BDE. 


Its moment about B, M is, 


=3 — 
BD (BD)? 





1 
M, =P, z = 6,N, 3 = cot 0: Ny’ 3 r2 ertan o ...(Eq. 14.45) 
For equilibrium of the plastic zone, equating M, and M, and rearranging, 
Fut =€ cot > CV, e7? 1) ...(Eq. 14.46) 


This is Prandtl’s expression for ultimate bearing capacity of ac — ọ soil. 

Apparently this leads one to the conclusion that if c = 0, q „ų = 0. This is ridiculous since 
it is well known that even cohesionless soils have bearing capcity. This anomaly arises chiefly 
owing to the assumption that the soil is weightless. This was later rectified by Terzaghi and 
Taylor. 

For purely cohesive soils, ọ = 0 and the logarithmic spiral becomes a circle and Prandtl’s 
analysis for this special case leads to an indeterminate quantity. But, by applying L’ Hospital’s 
rule, for taking limit one finds that 

Aut = (T + 2)c = 5.14c ...(Eiq. 14.47) 


Interestingly, this agrees reasonably with the Fellenius’ solution for this case. 


Terzaghi’s correction 


Terzaghi proposed a correction to the bearing capacity expression of Prandtl with a view to 
removing the anomaly that the bearing capacity is zero when cohesion is zero. He suggested 
that the weight of the soil involved be considered by adding a factor c’ to the original quantity 
c in Prandtl’s equation. 


c’ = YH, tan 6 ... (Eq. 14.48) 
where H, = equivalent height of soil material 
_ Area of wedges and sector 
7 length CDE 
and y = unit weight of soil. 





The area of wedges and sector obviously means one-half of the system; the idea is that a 
soil mass of equivalent height, H, moves during shear and offers frictional resistance. 
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Thus, the corrected expression for bearing capacity is 
Fut = (€ + c’) cot ọ Ve" * — 1) (Eq. 14.49) 
or Aut = € cot > + YH DN e" tan$ _ 1) .. (Eq. 14.50) 
Taylor’s Correction 
Taylor (1948) suggested a correction factor for c cot ọ as follows: 


1 
ult = (e conte AN, | (Net n> — 1) Eq. 14.51) 


Taylor’s correction is simple and easy to apply, while Terzaghi’s correction is more logi- 
cal but more difficult to calculate. However, nothing was said as to how Taylor’s correction 
factor was derived. 

Taylor has also attempted to include the effect of overburden pressure in the case of a 
footing founded at a depth D, below the ground surface, proceeding in an exactly similar way 
as is done in deriving Prandtl’s equation (Eq. 14.46). The additional value, q’_,,, of the bearing 
capacity in this case is 

0 at = YD; Ny- e" tan > ... (Eq. 14.52) 

The general equation for the bearing capacity of a footing founded at a depth D; below 

the ground surface is then given by, 


ult? 


1 T tan mT tan 
a= (e cot 9+ 31N, | Nye tang 1)+ WD, Nye tan ọ ...(Eq. 14.53) 


according to Taylor. 
However, Jumikis (1962) prefers Terzaghi’s correction in the final expression as fol- 
lows: 
Tur = (C + c’) cot > We =1)+ yz Ne tang ...(Eq. 14.54) 
where yz is considered to be the surcharge at the base level of the footing, either because of the 
depth of the footing below the ground or because of any externally applied surcharge load. 


Discussion of Prandtl’s Theory 
(i) Prandtl’s theory is based on an assumed compound rupture surface, consisting of an 
arc of a logarithmic spiral and tangents to the spiral. 

(ii) It is developed for a smooth and long strip footing, resting on the ground surface. 

(iii) Prandtl’s compound rupture surface corresponds fairly well with the mode of failure 
along curvilinear rupture surfaces observed from experiments. 

In fact, for ọ = 0°, Prandtl’s rupture surface agrees very closely with Fellenius’ 
rupture surface (Taylor, 1948). 

(iv) Although the theory is developed for a c — ọ soil, the original Prandtl expression for 
bearing capacity reduces to zero when c = 0, contradicting common observations in 
reality. This anomaly arises from the fact that the weight of the soil wedge directly 
beneath the base of the footing is ignored in Prandtl’s analysis. 

This anomaly is sought to be rectified by the Terzagthi/Taylor correction. 

(v) For a purely cohesive soil, 6 = 0, and Prandtl’s equation, at first glance, leads to an 
indeterminate quantity; however this difficulty is overcome by the mathematical 
technique of evaluating a limit under such circumstances. 
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Then, for > = 0, q u = (2+ mc = 5.14 c 
(vi) Prandtl’s expression, as originally derived, does not include the size of the footing. 


14.5.5 Terzaghi’s Method 


Terzaghi’s method is, in fact, an extension and improved modification of Pandtl’s (Terzaghi, 
1943). Terzaghi considered the base of the footing to be rough, which is nearer facts, and that 
it is located at a depth D; below the ground surface (Des b, where b is the width of the footing). 


The analysis for a strip footing is based on Fig. 14.8. 





















b Qut 
a | ; 
ROR 
F D; Ca | Ny A Ca 
/ + 
45° — a A C g 
- a ' p o\ 
Gs~. p P 
(a) Terzaghi system for ideal al soil, rough base and surcharge (b) Forces on the elastic wedge 


Fig. 14.8 Terzaghi’s method for bearing capacity of strip footing 


The soil above the base of the footing is replaced by an equilvalent surcharge, q(= yD,). 
This substitution simplifies the computations very considerably, the error being unimportant 
and on the safe side. This, in effect, means that the shearing resistance of the soil located 
above the base is neglected. (For deep foundations, where D,> b, this aspect becomes impor- 
tant and cannot be ignored). 

The zone of plastic equilibrium, CDEFG, can be subdivided into J a wedge-shaped zone 
located beneath the loaded strip, in which the major principal stresses are vertical, IJ two 
zones of radial shear, BCD and ACG, emanating from the outer edges of the loaded strip, with 
their boundaries making angles (45° — 6/2) and ọ with the horizontal, and ZII two passive 
Rankine zones, AGF and BDE, with their boundaries making angles (45° — /2) with the hori- 
zontal. 


The soil located in zone J is in a state of elastic equilibrium and behaves as if it were a 
part of the sinking footing, since its tendency to spread laterally is resisted by the friction and 
adhesion between the soil and the base of the footing. This leads one to the logical conclusion 
that the tangent to the surface of sliding at C will be vertical. Also AC and BC are surfaces of 
sliding and hence, they must intersect at an angle of (90° — ©); therefore, the boundaries AC 
and BC must rise at an angle ọ to the horizontal. The footing cannot sink into the ground until 
the pressure exerted onto the soil adjoining the inclined boundaries of zone J becomes equal to 
the passive earth pressure. This pressure P , acts at an angle 0(@ = 6 = wall friction angle) to 
the normal on the contact face; that is, vertically, in this case. 

The adhesion force C, on the faces AC and BC is given by 

b 
C, = Jos l ...(Eq. 14.55) 
where c is a unit cohesion of the soil, with shearing resistance of the soil being defined by 
Coulomb’s equation s = c + o tan ọ. 
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Considering a unit length of the footing and the equilibrium of wedge ABC, the vertical 
components of all forces must sum up to zero. 


The weight of the soil in the wedge is given by 





2 
wt ng (Œq. 14.56) 
Hence, for xV =0, 
be” =e 2P, — be tan 6 = 0 (Eq. 14.57) 
bt 
or Quy =" +e tan - aun __(Eiq. 14.58) 


This equation represents the solution to the problem if P, is known. 
For the simpler case of D,=0 and c = 0, q = 0—that is, if the base of the footing rests on 
the horizontal surface of a mass of cohesionless sand, we have 
1 2 
P 2cosésina ? 


b 
In this case, H = z tan ġ, ò= b, K, = Kpy and æ = 180 — 9. 


1 %° tano 
P~2 4 cos? ġ “py 
Here K,,, is the coefficient of passive earth pressure for c = 0, a = 180° — 9, and ò= 9; that 
is, it is the value purely due to the weight of the soil. 
Substituting Eq. 14.59 into Eq. 14.58, and putting c = 0, 





... (Eq. 14.59) 








1 Koy 1 
Qude-0 = g tan >| oos? 0 ...(Eq. 14.60) 
1 
on Qude-0 = 5 N, ..(Eq. 14.61) 
1 Koy 
wherein N,= 2 tan @ cos? 6 = ...(Eq. 14.62) 


The value of K „is obtained by means of the spiral or the friction circle method. Since 
the angle of well friction 5 and the slope angle o of the contact face are equal to ọ and to 
(180° — ) respectively, the value of K, and hence of N, depend only on 4; thus, the values of N, 
for various values of b may be established once for all. 

N, is called the “bearing-capacity factor” expressing the effect of the weight of the soil 
wedge, ABC, of a cohesionless soil. 

For the calculation of the bearing capacity of a cohesive soil, the computation of Da 
involves a considerable amount of labour. Terzaghi, therefore, advocated a simplified approach, 
which is based on the equation 


K py 
oor .. (Eq. 14.63) 
sin a 


H 1 
Pin = sin, Kpe + T 2 ut 
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where Pan = normal component of the passive earth pressure on a plane contact face with a 
height H, 
œ = slope angle of the contact face, and 


Bg Kpg and K oy coefficients whose values are indpendent of H and y. In the present case, 


= " tan 6, œ = 180° —6, ò= ọ. 


P 
Also the total passive earth pressure P,on the contact face is equal to ——— 
c 


os 
P P b 


pn pn b? tan (0) 


1 

P= > = K K =y. —. : 
P` cos cosh  2cos?ọ CE aoa t 2" 4 cos? ™ 

where (cK, + 9K.) = Pn is the normal component of the passive earth pressure comprehend- 

ing the effect of cohesion and surcharge. 








.. (Eq. 14.64) 


Combining this equation with Eq. 14.58, we have 











K K K 
dy, =¢ | —2-+tan | +a —2 + É tang | —2-1] (Eq. 14.65) 
cos“ coso 4 cos“ b 
wherein Kjo K, e and K py are pure numbers whose values are independent of b. 


If the soil wedge, ABC, is assumed weightless (y = 0) (Prandtl, 1920), Eq. (14.65) takes 
the form 





Gut, + Qut, =€ Ae tan | Lee are 
° ‘ cos” > cos” o 
=ch, +0 . N; ...(Eq. 14.66) 
The factors N, and N, are pure numbers whose values depend only on the value ọ in 


Coulomb’s equation. The value qut, represents the bearing capacity of the weightless soil, if 
the surcharge q were equal to zero (y= 0 and q = 0), and @uit, is the bearing capacity exclusively 


due to the surcharge q(y = 0 and c = 0). 


On the other hand, if c = 0 and q = 0, y being greater than zero, the bearing capacity is 
given by Eqs. 14.61 and 14.62: 


1 1 K 
da= PON, - Fv tan9| py 1) 





cos” o 
(However, it should be noted that the failure surface for this condition is somewhat 
above that for y = 0, and also the exact mathematical shape is not known). 
If the values c, D; and y are greater than zero, 


1 
Ault = Zult, + Zut, + Zult, = cN, + WDN; + 2 yb N, ...(Eq. 14.67) 


This is called “Terzaghi’s general bearing capacity formula”. (The discrepancy arising 
out of the difference in failure surfaces for the two conditions—y = 0 and y > 0—is considered 
inconsequential). 

The coefficients N „ N a and N, are called “bearing capacity factors” for shallow continu- 
ous footings. Since their values depend only on the angle of shearing resistance ọ they can be 
computed once and for all. 
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The problem of N, and N, has been rigorously solved by means of Airy’s stress function 
(Prandtl 1920, Reissner, 1924), for the condition y = 0: 
2 








a 
N, = cot $| 55003 is war) (Eg. 14.68) 
ag 
and N,= 2 cos? (45° + 6/2) ...(Eq. 14.69) 
wherein a, me SWEN taig ..(Eq. 14.70) 
The values N, and N ; depend only on the value of 9. 
The critical load per unit length of the strip footing is given by 
Qn=5- Vr (Eq. 14.71) 
Also, N, = cot o N,- 1) ... (Eq. 14.72) 
For a purely cohesive soil, ọ = 0 
= z n+ 1 = 5.7 (obtained by applying L’ Hospital’s rule, since 
N, = œ x 0 for = 0) ...(Eq. 14.73) 
N,=1 ... (Eq. 14.74) 
and N,=0 .. (Eq. 14.75) 


Thus, the bearing capacity of a strip footing with a rough base on the ground surface is 

given by 
Aut = 5-7C ...(Eq. 14.76) 

This compares very well with the corresponding value from Prandtl’s equation for a 
continuous footing with a smooth base. 

For strip footing at a depth D; in a purely cohesive soil 

Fut = 9-7 + yp (Eq. 14.77) 

Equation 14.67, along with the bearing capacity factors N, N, and N, are valid for 
‘general shear failure’. An explanation of ‘general shear failure’ and ‘local shear failure’, as 
given by Terzaghi, is set out below: 

Before the load is applied, the soil beneath the base of the footing is in a state of elastic 
equilibrium. When the load is increased beyond a certain critical value, the soil gradually 
passes into a state of plastic equilibrium. During this process of transition both the distribu- 
tion of soil reactions over the base of the footing and the orientation of the principal stresses in 
the soil beneath the footing change. The transition starts at the outer edges of the base and 
spreads outwards. If the mechanical properties of the soil are such that the strain which pre- 
cedes the failure of the soil by plastic flow is very small, the footing does not sink into the 
ground until a state of plastic equilibrium indicated in Fig. 14.8 (a) has been reached. The 
failure occurs by sliding in the two outward directions. The corresponding relation between 
load and settlement is shown by the solid curve C, in Fig. 14.9. This type of failure is called 
‘general shear failure’. This is applicable to dense and stiff soils. 

On the other hand, if the mechanical properties of the soil are such that the plastic flow 
is preceded by a very important strain, the approach to general shear failure is associated with 
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a rapidly increasing settlement and the relation between stress and settlement is approxi- 
mately as indicated by dashed curve C, in Fig. 14.9. The criterion that the slope of the settle- 
ment curve should increase steeply for failure of soil is satisfied even before the failure spreads 
to the surface. Hence, this type of failure will be called ‘local shear failure’. This is applicable 
for very loose or very compressible soils. 


Pressure —» 
O Quit Quit 





+ Settlement 


Oi C, : dense soil 
ae C, : loose soil 


Fig. 14.9 Relation between pressure and settlement 
for dense (C,) and loose (C,) soil 








The curve C, may be idealised as Ocd, a broken line, which represents are stress-strain 
relation of an ideal plastic material whose shear parameters c’ and ’ are smaller then values 
c and ọ for curve C}. Based on available data on stress-strain relations, Terzaghi suggests the 
following values for c’ and @’. 


= (2/3)c .. (Eq. 14.78) 
and tan @’ = (2/3) tan o ...(Eq. 14.79) 
The corresponding values of the bearing capacity factors are designated N’ „N a and N. Y 
which are less than the corresponding values for general shear failure. Also c’ and ’ must be 
used wherever c and occur in the computation for bearing capacity. 
Hence, for local shear failure, 


aie = (2/3) eN, + WD/Nj + 5 L BN! ...(Eq. 14.80) 
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Fig. 14.10 Terzaghi’s bearing capacity factors (Terzaghi, 1943) 
(Full lines for general shear and dashed lines for local shear) 
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If the stress-strain relations are intermediate between C, and C, in Fig. 14.9, the bear- 
ing capacity is intermediate between qu and qr- 

Terzaghi’s bearing capacity factors are plotted in Fig. 14.10 for general shear as well as 
for local shear. As a general guideline, if failure occurs at less than 5% strain and if density 
index is greater than 70%, general shear failure may be assumed, if the strain at failure is 10% 
to 20% and if the density index is less than 20%, local shear failure may be assumed, and, for 
intermediate situations, linear interpolation of the factors may be employed. 

The bearing capacity factors of Terzaghi are tabulated in Table 14.3 for certain values 











of 6: 
Table 14.3 Terzaghi’s bearing capacity factors 
Terzaghi’s bearing capacity factors 
Angle of shearing N, NG Ny 
resistance ° 

5.7 1.0 0.0 

7.3 1.6 1.5 
10 9.6 2.7 1.2 
15 12.9 4.4 2.5 
20 17.7 7.4 5.0 
25 25.1 12.7 9.7 
30 37.2 22.5 19.7 
35 57.8 41.4 42.4 
40 95.7 81.3 100.4 
45 172.3 173.3 297.5 
50 347.5 415.1 1153.0 











Bearing capacity of shallow circular and square footings 

By repeating the reasoning which led to Eq. 14.67, the bearing capacity of circular footings 

has been proposed by Terzaghi as follows, from the analysis of experimental data available. 
Quit, = 1.3 cN, + YD,N, + 0.3 yd N, ...(Eq. 14.81) 


where d = diameter of the circular footing. 
The critical load for the footing is given by 


nd? 
Quit, =| g |- Quit, ...(Eq. 14.82) 
Similarly, the bearing capacity of a square footing of side b is: 
quit,= 1.3 cN, + YD N, + 0.4 yb N, ...(Eq. 14.83) 


The critical load for the footing is given by 
Quit, = b?) . dut, ...(Eq. 14.84) 
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For a continuous footing of width b, it is already seen that, 
Fur = CN, + YON, + 0.5 yb N, 

Thus, the bearing capacity of a circular footing of diameter equal to the width of a con- 
tinuous footing is 1.3 times that of the continuous footing, or at least nearly so, if the footings 
are founded in a purely cohesive soil (ọ = 0); the bearing capacity of a square footing of side 
equal to the width of a continuous footing also bears a similar relation to that of the continuous 
footing under similar conditions just cited. 

Further, the corresponding ratios are 0.6 and 0.8 in the case of circular footing and 
square footing, respectively, when the footings are founded in a purely cohesionless soil (c = 0). 

The “benefit” of surcharge or depth of foundation, as it is called, is only marginal in the 
case of footings on purely cohesive soils, since N is just equal to 1; in fact, the increase in 
bearing capacity due to depth is just equal to the surcharge yD, and it is only the difference 
between the gross and net values of bearing capacities. However, this benefit or increase in 
bearing capacity is significant in the case of cohesionless soils or c — 6 soils (ọ > 0), especially 
when the angle of shearing resistance and hence N -value are very high as for dense sands. 

While the bearing capacity of a footing in pure sand may be increased either by increas- 
ing the width or depth below ground at a given density index, the value may be increased by 
densification. However, these avenues are not useful in the case of footings in pure clays. 

The differences in the bearing capacity values arising out of differences in the size of the 
footing and in the shape of the footing are termed ‘size effects’ and ‘shape-effects’, respectively. 


14.5.6 Meyerhof’s Method 


The important difference between Terzaghi’s and Meyerhof’s approaches is that the latter 
considers the shearing resistance of the soil above the base of the foundation, while the former 
ignores it. Thus, Meyerhof allows the failure zones to extend up to the ground surface (Meyerhof, 
1951). The typical failure surface assumed by Meyerhof is shown in Fig. 14.11. 





The significant zones are: Zone I ABC ... elastic 
Zone II BCD ... radial shear 
Zone III] BDEF ... mixed shear 
N 




















Radial shear zone 


Logarithmic spiral Elastic zone 


Fig. 14.11 Meyerhof’s method for the bearing capacity of shallow foundation 
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Meyerhof ’s equation for the bearing capacity of a strip footing is of the same general 
form as that of Terzaghi: 


1 
ut = CN, + WN, + 5 YON, ...(Eq. 14.85) 


wherein N, N P and N „are “Meyerhof’s bearing capacity factors”, which depend not only on ọ, 
but also on the depth and shape of the foundation and roughness of the base. 

Meyerhof’s factors are more difficult to obtain than Terzaghi’s, and have been presented 
in the form of charts by Meyerhof. 

The nature of the failure surface assumed by Meyerhof implies the occurrence of a sub- 
stantial downward movement of the footing before the full value of the shearing resistance is 
mobilised. This may be more probable in the case of purely cohesive soils as indicated by the 
available experimental evidence. 

Hence, the values of N, from Meyerhofs theory for cohesive soils are given as follows: 


For strip footings: N, = 5.5(1 + 0.25 D,/b) ...(Eq. 14.86) 
with a limiting value of 8.25 for N, for D,/b > 2.5. 
For square or circular footings: N, = 6.2 (1 + 0.32 D,/b) ... (Eq. 14.87) 


with a limiting value of 9.0 for N, for D,/b > 2.5. 
(b is the side of a square or diameter of circular footing). 


14.5.7 Skempton’s Method 


Skempton proposed equations for bearing capacity of footings founded in purely cohesive soils 
based on extensive investigations (Skempton, 1951). He found that the factor N, is a function 
of the depth of foundation and also of its shape. His equations may be summarised as follows: 
The net ultimate bearing capacity is given by: 
Inet ult = €- Ne ...(Eq. 14.88) 
wherein N, is given as follows: 
Strip footings: 
N, = 5 (1 + 0.2 D,/b) .. (Eq. 14.89) 
with a limiting value of N, of 7.5 for D ,/b > 2.5. 
square or circular footings: 
N, = 6(1 + 0.2D;/b) .. (Eq. 14.90) 
with a limiting value of N, of 9.0 for D,/b >2.5. 
(b is the side of square or diameter of circular footing). 
Rectangular footings: 


b Dr 
N,=5 1+0.2 L 1+0.2 T ... (Eq. 14.91) 


for D,/b < 2.5, and N, = 7.5 (1 + 0.2 b/L) ... (Eq. 14.92) 
for D,lb > 2.5, 
wherein b = width of the rectangular footing, and 

L = length of the rectangular footing. 


566 GEOTECHNICAL ENGINEERING 





In fact, the experimental relationships deduced by Skempton are not exactly linear 
with respect to D,/b, but straight lines are fitted for the sake of simplicity. 


For a surface footing of square or circular shape on purely cohesive soil 
Q net ult = 6C ... (Eq. 14.93) 
as against 7.4c from Terzaghi’s theory. 


It must be noted that Terzaghi’s theory is limited to shallow foundations wherein 
D,lb < 1, but Skempton’s equations do not suffer from such a limitation. 


14.5.8 Brinch Hansen’s Method 
Brinch Hansen (1961) has proposed the following semi-empirical equation for the bearing ca- 


pacity of a footing, as a generalisation of the Terzaghi equation: 


Quit ; . 1 : 
d= A = NSA, + INS Agi + 5 YON SB}, ...(Eig. 14.94) 





where Q = vertical component of the total load (= V), 


A = effective area of the footing (this will arise for inclined and eccentric loads, when 
the area A is transformed to an estimated equivalent rectangle with sides b and L, such that 
the load is central to the area), 


q = overburden pressure at the foundation level (= y. D}, 
No N; and N, = bearing capacity factors of Hansen, given as follows: 


N =N e" tan > .. (Eq. 14.95) 
N, =N,- 1) cot > ... (Eq. 14.96) 
N,=1.8(N,— D tan 6 .. (Eq. 14.97) 


(N, = tan? (45° + ọ/2), with the usual notation.) 
s’s = shape factors 

d’: = depth factors, and 

is = inclination factors. 


The bearing capacity factors of Hansen, shape factors, depth factors, and inclination 
factors are given in Table 14.4 to 14.7. 


It has been found that Hansen’s theory gives a better correlation for cohesive soils than 
the Terzaghi theory, although it may not give good results for cohesionless soils. 


Table 14.4 Brinch Hansen’s bearing capacity factors 





Hansen’s Bearing Capacity Factors 





Angle of shearing N, N, N, 
Resistance ° 











0 5.14 1.00 0 

5 6.49 1.57 0.09 
10 8.34 2.47 0.47 
15 10.98 3.94 1.42 
20 14.83 6.40 3.54 


(Contd.)... 
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25 20.72 10.66 8.11 
30 30.14 18.40 18.08 
35 46.13 33.29 40.69 
40 95.41 75.32 64.18 
45 133.89 134.85 240.85 
50 266.89 318.96 681.84 
Table 14.5 Brinch Hansen’s shape factors 
Type of footing Hansen’s shape factors 
S, 8, s, 
Continuous (Width b) 1.0 1.0 1.0 
b b b 
Rectangular (b x L) 1+0.2 T 1+0.2 — 1-0.4 L 
Square (Size b) 1.3 1.2 0.8 
Circular (Diameter b) 1.3 1.2 0.6 
Table 14.6 Brinch Hansen’s depth factors 
d, d, d, 
1+ 0.35 D-/b 1+ 0.35 D-/b 1.0 
d, =d, for ọ > 25° 
d, = 1.0 for ọ = 0° 
Table 14.7 Brinch Hansen’s inclination factors 
i. i, i 
H H i 
1- 2c,bL 1-0.5 y i) 
Limitation: H < V tan ô + c, bL. 
where H and V = horizontal and vertical components of total load 
ô = angle of friction between base of footing and soil 
c, = adhesion between footing and soil 
L = length of footing parallel to H 
Revised values of inclination factors: 
2 
H 
i=i, =| 1-———_ ... (Eq. 14.98) 
_ “8 | wees] i. 
ly = i? ...(Eq. 14.99) 
be = H 
But, for ọ = 0°, i, =i, = 0.5 + 0.5 1- da ...(Eq. 14.100) 
c 
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14.5.9 Balla’s Method 


Balla has proposed a theory for the bearing capacity of continuous footings (Balla 1962). The 
theory appears to give values which are in good agreement with field test results for footings 
founded in cohesionless soils. 


The form of the bearing capacity equation is the same as that of Terzaghi: 
1 
du =C. N, + YN, + z yb N, 


But the equations for the bearing capacity factors are cumbersome to solve without the 
aid of a digital computer. Therefore, it is generally recommended that Balla’s charts be used 
for the determination of these factors. 


The charts are shown in Figs. 14.12 and 14.13: 
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Fig. 14.12 Balla’s charts for the parameter p 

















































































































N, Na N, 
400 ~a 600 600 
p= 
300 
li t 
zZ zZ zZ 
100 
. 0.5 
0 | 0.5 0 0.5 0 
10° 20° 30° 40° 50° 10° 20° 30° 40° 50° 0° 10° 20° 30° 40° 50° 
>— bp — > — 


Fig. 14.13 Balla’s charts for the bearing capacity factors 
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The steps involved are as follows : 
(i) The ratios D,/b and - are determined. 
¥ 
(ii) The parameter p is found from Fig. 14.12, the appropriate chart for the particular 


value of D,/b being picked, since the value of ọ is known and is also known. 
¥ 


fp = £ , Where R is the radius of the rupture surface), 


(iii) The bearing capacity factors of Balla N, N 2 and N, are determined from the charts 
of Fig. 14.13, for the particular value ofp determined in (ii) above and for the known value of 0. 


(iv) The ultimate bearing capacity is determined by using these factors and other relevant 
quantities in Balla’s formula. 


D 
The limitations are that it should be used when = < 1.5 and that it is applicable to 


continuous footings only. 


14.6 EFFECT OF WATER TABLE ON BEARING CAPACITY 


The Terzaghi equation for bearing capacity, 
1 
Fur = CN, + YN, + z yo N, 


contains the unit weight, y, and the cohesion, c, of the soil directly, and its angle of shearing 
resistance, , indirectly, since the bearing capacity factors, N, N, and N, depend upon the 
value of ọ. 

Water in soil is known to affect its unit weight and also the shear parameters c and 9. 
When the soil is submerged under water, the effective unit weight y’ is to be used in the 
computation of bearing capacity. Similarly, the effective stress parameters, c’ and 6’, obtained 
from an appropriate test in the laboratory, on saturated sample of the soil, are to be used. 

However, the effect of water table on the shear parameters of the foundation soil is 
usually considered small and hence, ignored. But the effective unit weight y’ is roughly half 
the saturated unit weight; consequently there will be about 50% reduction in the value of the 
corresponding term in the bearing capacity formula. 

It should be now obvious that the location of the ground water table and its seasonal 
fluctuations have a bearing on the capacity of a foundation. There will be no effect or reduction 
in the bearing capacity if the water table is located at a sufficient depth below the base of the 
footing . In fact, this minimum depth below the base of the footing is set at a value equal to the 
width of the footing since the maximum depth of the zone of shear failure below the base is not 
expected to exceed this value ordinarily. If the water table is above this level, there will be a 
reduction in the bearing capacity. If the water table is at the level of the base of the footing, y’ 
is to be used for y in the third term, which indicates the contribution of the weight of the soil in 
the elastic wedge beneath the base of the footing, since the entire wedge is submerged; that is 
to say, a reduction factor of 0.5 is to be applied to the third term. For any location of the water 
table intermediate between the base of the footing and a depth equal to the width of the foot- 
ing below its base, a suitable linear interpolation of the necessary reduction is suggested. 
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If the water table is above the base of the footing, the reduction factor for the third term 
is obviously limited to the maximum of 0.5. Further, in such a case, reduction will be indicated 
for the second term, which indicates the contribution to the bearing capacity of the surcharge 
due to the depth of the foundation. Proceeding with a similar logic, one comes to the conclusion 
that the maximum reduction of 0.5 is indicated for the second term when the water table is at 
the ground level itself (or above it), since y’ is to be used for y in the second term. While no 
reduction in the second term is required when the water table is at or below the base of the 
footing, a proportionate reduction, with a suitable linear interpolation, is indicated when the 
water table is at a level intermediate between the ground level and the base of the footing. 
Thus, both the second and third terms will be modified in this case. 

The first term, cN „ does not get affected significantly by the location of the water table; 
except for the slight change due to the small reduction in the value of cohesion in the presence 
of water. 

In the case of purely cohesive soils, since ọ ~ 0°, N = 1 and N, = 0, the net ultimate 
bearing capacity is given byc . N „ which is virtually unaffected by the water table, if it is below 
the base of the footing. Even if the water table is at the ground level, only the gross bearing 
capacity is reduced by 50% of the surcharge term yD (N= 1), while the net value is again only 
Gia dN 

In the case of purely cohesionless soils, since c = 0, and ọ > 0, and N and N, are signifi- 
cantly high, there is a substantial reduction in both the gross and net values of the bearing 
capacity if the water table is at or near the base of the footing and more so if it is at or near the 
ground surface. 

For locations of ground water table within a depth of the width of the foundation below 
the base and the ground level, the equation for the ultimate bearing capacity may be modified 
as follows: 


Iu = *c’N, + YD-N A, + ee yo N, R; ...(Eq. 14.101) 
where c’ = effective cohesion (may be taken as c itself, in the absence of suffi- 
cient data). 
N; Ng and N, = bearing capacity factors based on the effective value of friction angle 
o’ and, 
R, and R, = reduction factors for the terms involving N, and N, owing to the 
effect of water table. 
R, and R, may be obtained as follows, from Fig. 14.14: 
2, =0..R, = 0.5 2, = 0...R, = 0.5 
z,=D,.R,= 1.0 2,=b..R,= 1.0 
These conditions and the linear relationship of the chart are also expressed by the 
following equations: 


zZ 
- 1+ 
R,=0.5 i) ...(Eq. 14.102) 
Zy 
R,=0.5 |1+>- ...(Eq. 14.103) 





*appropriate multiplying factor should be used for isolated footings. 
** Appropriate shape factor. 
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Fig. 14.14 Effect of water table on bearing capacity 


Note. For z 1> D; (the water table is below the base of the footing), R 7 is limited to 1.0. For 0 <z : 
< D; (the water table is above the base of the footing), R, is limited to 0.5. for z> D; +b)or z> b, R 7 as 
well as R, are limited to 1.0. For z= 0, R, as well as R, are limited to 0.5. 


14.7 SAFE BEARING CAPACITY 


Safe bearing capacity, as already defined in Sec. 14.1, is the maximum pressure intensity that 
the soil will safely transmit without the risk of shear failure irrespective of settlement that 
may occur. 

The value of the safe bearing capacity is determined by applying a suitable factor of 
safety to the ultimate bearing capacity, determined by any one of the methods available. The 
ultimate value is composed of three terms—one due to the cohesion of the soil, another due to 
the weight of the soil in the elastic zone, and a third due to the depth of foundation or sur- 
charge. The contribution due to this third term is a factor N, times the surcharge or original 
overburden pressure, yD, 

Since the soil has already been subjected to this original overburden pressure, there is 
no need to apply a factor of safety greater than unity to this component of the ultimate bearing 
capacity. 

It has also been seen that the gross bearing capacity minus the original overburden 
pressure or surcharge pressure at the level of the base of the foundation is called the net 
bearing capacity (Sec. 14.1). 

Thus, the following procedure may be specified for arriving at the safe bearing capacity: 

(i) The surcharge pressure, yD» is deducted from the gross ultimate bearing capacity 
dup to give the net ultimate bearing capacity, qaet ult 

(ii) The net ultimate bearing capacity is divided by the chosen factor of safety n, to give 

the net safe bearing capacity, q „s 

(iii) Finally, the surcharge pressure is added to the net safe bearing capacity, to give the 

safe bearing capacity, q,, against shear failure. 
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That is to say, 





Anet ult = Zut — Pr ...(Eq. 14.104) 
tu E ...(Eq. 14.105) 
ds = dns + y= = +D, 
or q; = ep + YD; ...(Eq. 14.106) 
or q, = = Ma - = (Eq. 14.107) 


An expression for qnet ut 1S Sometimes written by combining yD; terms, somewhat as 
follows: 


1 
d net ult = dalt z yD, = cN, + yD KN, ~ 1) + 2 yb Ny .. (Eq. 14.108) 


However, the procedure involved in Eqs. 14.104 to 14.106 is advocated to avoid possible 
confusion. 
In the case of a surface footing founded on a purely cohesive soil, (D; =0,6=0°,N a=b 


and N, = 9), the safe bearing capacity is obviously Ne |- aa) itself, it is Galt for a surface 
n n n 
footing founded on any soil, for that matter. 


The factor of safety generally chosen is 3. However, it may sometimes be as high as 5. 
Apparently this may appear to be high, but is not so high when one remembers the innumer- 
able factors and imponderables involved in the determination of the bearing capacity. It can be 
easily demonstrated that, even with a small variation of ọ, the value of q „ may change consid- 
erably. This justifies the statement made above. 

The allowable bearing pressure (Sec. 14.1) is the smaller of the two values—the safe 
bearing capacity to avoid the risk of shear failure and the maximum net allowable pressure 
that will produce settlements of the structure within tolerable limits. 


More of this will be seen in Sec. 14.13 since the bearing capacity of sands is governed 
invariably by settlement rather than shear failure. 


14.8 FOUNDATION SETTLEMENTS 


Settlement—total settlement and differential settlement of foundations and consequently of 
the structures above the foundations—and its determination has been presented in detail in 
Chapter 11 on “Settlement Analysis”. 


Some of the important aspects related to the bearing capacity of footings will be summa- 
rised in the subsections to follow. 


14.8.1 Source of Settlement 


Foundation settlements may be caused due to some or a combination of the following factors: 


(i) Elastic compression of the foundation and the underlying soil, giving rise to what is 
known as ‘immediate’, ‘contact’, ‘initial’, or ‘distortion’ settlement, 
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(ii) Plastic compression of the underlying soil, giving rise to consolidation, settlement of 
fine grained soils, both primary and secondary, 
(iii) Ground water lowering, especially repeated lowering and raising of ground water 
level in loose granular soils and drainage without adequate filter protection, 
(iv) Vibration due to pile driving, blasting and oscillating machinery in granular soils, 
(v) Seasonal swelling and shrinkage of expansive clays, 
(vi) Surface erosion, creep or landslides in earth slopes, 
(vii) Miscellaneous sources such as adjacent excavation, mining subsidence and under- 
ground erosion. 
The settlements from the first two sources alone may be predicted with a fair degree of 
confidence. 


14.8.2 Bearing Capacity Based on Tolerable Settlement 


As discussed in Sec. 14.2, the bearing capacity of a foundation is based on two criteria—the 
pressure that might cause shear failure of the foundation soil and the maximum allowable 
pressure such that the settlements produced are not more than the tolerable values. 


The first criterion has already been discussed in detail. For the second criterion, the 
tolerable values of the total and differential settlements which a particular structure, on a 
particular type of foundation in a given soil, can undergo without sustaining any harmful 
effects are to be decided upon. These values have already been specified, basing on experience 
and judgement (Chapter 11). Once the limiting values of settlement are fixed, the procedure 
involves determining that pressure which causes settlements just equal to the limiting values. 
This is the allowable bearing capacity on the basis of the settlement criterion. (It is to be noted 
that there is no need to apply a further factor of safety to this pressure, since it would have 
been applied even at the stage of fixing up tolerable settlement values). 

The smaller pressure of the values obtained from the two criteria is termed the ‘allow- 
able bearing pressure’, which is used for design of the foundation. 

The bearing capacity based on the settlement criterion may be determined from the 
field load tests or plate load tests (dealt with in the next section), standard penetration tests or 
from the charts prepared by authorities like Terzaghi and Peck, based on extensive investiga- 
tions. More of this will be seen in the section on bearing capacity of sands. 


14.8.3 Construction Practices to Avoid Differential Settlement 
A few construction practices are recommended, based on experience, to avoid or minimise 
detrimental differential settlements. 
(i) Suitable design of the structure and foundation ... desired degree of flexibility of the 
various component parts of a large structure may be introduced in the construction. 


(ii) Choice of a suitable type of foundation for the structure and the foundation soil 
conditions...e.g., large, heavily loaded structures on relatively weak and non-uniform 
soils may be founded on ‘mat’ or ‘raft’ foundations. Sometimes, piles and pile 
foundations may be used to bypass weak strata. 
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(iii) Treatment of the foundation soil...to encourage the occurrence of settlement even 
before the construction of the structure, e.g., (a) Dewatering and drainage, (b) Sand 
drains and (c) Preloading. 

(iv) Provision of plinth beams and lintel beams at plinth level and lintel level in the case 
of residential buildings to be founded on weak and compressible strata. 


14.9 PLATE LOAD TESTS 


Perhaps the most direct approach to obtain information on the bearing capacity and the settle- 
ment characteristics at a site is to conduct a load test. As tests on prototype foundation are not 
practicable in view of the large loading required, the time factor involved and the high cost of 
a full-scale test, a short-term model loading test, called the ‘plate load test’ or ‘plate bearing 
test’, is usually conducted. This is a semi-direct method since the differences in size between 
the test and the structure are to be properly accounted for in arriving at meaningful interpre- 
tation of the test results. 

The test essentially consists in loading a rigid plate at the foundation level, increasing 
the load in arbitrary increments, and determining the settlements corresponding to each load 
after the settlement has nearly ceased each time a load increment is applied. 

The nature of the load applied may be gravity loading or dead weights on an improvised 
platform or reaction loading by using a hydraulic jack. The reaction of the jack load is taken by 
a cross beam or a steel truss anchored suitably at both ends. The test set-up with a jack is 
shown in Fig. 14.15. 


Test plates are usually square or circular, the size ranging from 300 to 750 mm (side or 
diameter); the minimum thickness recommended is 25 mm for providing sufficient rigidity. If 
the loading set-up is a platform with dead weights, the kentledge may be in the form of sand 
bage, scrap iron or ingots or any other convenient heavy material. Jack-loading is superior in 
terms of accuracy and uniformity of loading. Settlement of the test plate is measured by means 
of at least two or three dial gauges with a least count of 0.02 mm. 
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Fig. 14.15 Set-up for plate load test 


The test pit should be at least five times as wide as the test plate and the bottom of the 
test plate should correspond to the proposed foundation level. At the centre of the pit, a small 
square hole is made the size being that of the test plate and the depth being such that, 


2 Ue 


b b 
P 
where D; and b are the depth and width of the proposed foundation. 


...Eq. (14.109) 


Bigger size plates are preferred in cohesive soils. The test procedure is given in IS: 
1888-1982 (Revised). The procedure, in brief, is as follows: 

(i) After excavating the pit of required size and levelling the base, the test plate is 
seated over the ground. A little sand may be spread below the plate for even sup- 
port. If ground water is encountered, it should be lowered slightly below the base by 
means of pumping. 

(ii) A seating pressure of 7.0 kN/m? (70 g/cm?) is applied and released before actual 
loading is commenced. 

(iii) The first increment of load, say about one-tenth of the anticipated ultimate bearing 
capacity, is applied. Settlements are recorded with the aid of the dial gauges after 1 
min., 4 min., 10 min., 20 min., 40 min., and 60 min., and later on at hourly intervals 
until the rate of settlement is less than 0.02 mm/hour, or at least for 24 hours. 


(iv) The test is continued until a load of about 14 times the anticipated ultimate load is 


applied. According to another school of thought, a settlement at which failure occurs 
or at least 2.5 cms should be reached. 

(v) From the results of the test, a plot should be made between pressure and settle- 
ment, which is usually referred to as the “load-settlement curve”, rather loosely. 
The bearing capacity is determined from this plot, which is dealt with in the next 
subsection. 


14.9.1 Load-Settlement Curves 


Load-Settlement curves or pressure-settlement curves to be more precise, are obtained as a 
result of loading tests either in the laboratory or in the field, oedometer tests being an example 
in the laboratory and plate bearing test, in the field. 
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Information regarding the bearing capacity may be obtained from the pressure-settle- 
ment curves obtained as a result of plate bearing test in the field; however, great care should 
be exercised in the interpretation of the results. Typical curves are shown in Fig. 14.16. 

Curve I is typical of dense sand or gravel or stiff clay, wherein general shear failure 
occurs. The point corresponding to failure is obtained by extrapolating backwards (as shown in 
the figure), as a pronounced departure from the straight line relationship that applies to the 
initial stages of loading is observed. (This coincides approximately with the point up to which 
the range of proportionality extends). 

Curve JI is typical of loose sand or soft clay, wherein local shear failure occurs. Continu- 
ous steepening of the curve is observed and it is rather difficult to pinpoint failure; however, 
the point where the curve becomes suddenly steep is located and treated as that corresponding 
to failure. 

Curve III is typical of many c — p soils which exhibit characteristics intermediate be- 
tween the above two. Here also the failure point is not easy to locate and the same criterion as 
in the case of Curve JI is applied. 

Thus, it is seen that, except in a few cases, arbitrary location of failure point becomes 
inevitable in the interpretation of load test results. 
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Fig. 14.16 Typical load-settlement curves from plate load tests 


Determination of bearing capacity from plate load test 


The size effect has been empirically evolved in the form of the following equation (Terzaghi 
and Peck, 1948): 





2 
bb, + 0.3) 
a -| P | .. (Eq. 14.110) 


S, |, +03) 


P 
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where S = settlement of the proposed foundation (mm), ; 
S p= settlement of the test plate (mm), (same units) 


b = size of the proposed foundation (m), and 
b p = Size of the test plate (m). 


This is applicable for sands. 
However, the relationship is simpler for clays, since the modulus value E., for clays is 
reasonably constant: 
S b (Eq. 14.111) 
mT ... (iq. 14. 
Equation 14.110 may be put in a slightly simplified form as follows: 





eag Eq. 14.112 
=S, 15303 ... (Eq. 14.112) 


where S p= Settlement of a test plate of 300 mm square size, 
and S = Settlement of a footing of width b. 

The method for the determination of the bearing capacity of a footing of width b should 
be apparent now. The permissible settlement value, such as 25 mm, should be substituted in 
the equation that is applicable (Eq. 14.110 to 14.112) ; and the S, the settlement of the plate 
must be calculated. From the load-settlement curve, the pressure corresponding to the com- 
puted settlement S is the required value of the ultimate bearing capacity, q „y for the footing. 


14.9.2 Abbet’s Improved Method of Plotting 


Abbet recommends an improved method of plotting the results of the plate load test which is 
shown in Fig. 14.17. 
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Fig. 14.17 Improved method of plotting of plate load test results (After Abbet) 
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The results of the load test are first plotted to natural scale and the early straight por- 
tion is extended backwards to cut the settlement axis; the settlement at zero loading is known 
as the “zero correction” (possibly due to uneven seating of the plate). The zero correction is 
applied to all settlement values to get the corrected values of the settlements. 

The corrected settlements are plotted on log-log graph against the corresponding pres- 
sures. The plot usually consists of two straight lines as shown in Fig. 14.17. The point corre- 
sponding to the break gives the failure point and the pressure corresponding to it is taken as 
the bearing capacity. 

IS: 1888-1971 also recommends this method for use with plate load tests. 


14.9.3 Limitations of Plate Load Tests 


Although the plate load test is considered to be an excellent approach to the problem of deter- 
mining the bearing capacity by some engineers, it suffers from the following limitations: 

(i) Size effects are very important. Since the size of the test plate and the size of the 
prototype foundation are very different, the results of a plate load test do not directly reflect 
the bearing capacity of the foundation. 

The bearing capacity of footings in sands varies with the size of footing; thus, the scale 
effect gives rather misleading results in this case. However, this effect is not pronounced in 
cohesive soils as the bearing capacity is essentially independent of the size of footing in such 
soils. 

The settlement versus size relationship is rather complex in the case of cohesionless 
soils (Terzaghi and Peck, 1948); however, in the case of cohesive soils, this relation is rather 
simple, the settlement being proportional to the size. This should be considered appropriately 
in arriving at the bearing capacity based on the settlement criterion. 

(ii) Consolidation settlements in cohesive soils, which may take years, cannot be pre- 
dicted, as the plate load test is essentially a short-term test. Thus, load tests do not have much 
significance in the determination of allowable bearing pressure based on settlement criterion 
with respect to cohesive soils. 


(iii) Results from plate load test are not recommended to be used for the design of strip 
footings, since the test is conducted on a square or circular plate and shape effects enter. 


(iv) The load test results reflect the characteristics of the soil located only within a depth 
of about twice the width of the plate. This zone of influence in the case of a prototype footing 
will be much larger and unless the soil is essentially homogeneous for such a depth and more, 
the results could be terribly misleading. For example, if a weak or compressible stratum exists 
below the zone of influence of the test plate, but within the zone of influence of the prototype 
foundation, the plate test may not record settlements which are sure to occur in the case of the 
prototype foundation. This aspect has also been explained in Chapter 11 on “Settlement Analy- 
sis”, with the aid of the pressure bulb concept. 

Perhaps the plate load test is the only good method for the determination of bearing 
capacity of gravel deposits; in such cases, bigger size plates are used to minimise the effect of 
grain size. 

Thus, it may be seen that interpretation and use of the plate load test results requires 
great care and judgement, on the part of the foundation engineer. 
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*14.10 BEARING CAPACITY FROM PENETRATION TESTS 


Penetration tests are those in which the resistance to penetration of a soil for a standard value 
of penetration is determined in a standard or specified manner. Devices known as 
‘penetrometers’ are used for this purpose. A wide variety of these tests has become available, 
but the more important are the ‘Standard Penetration Test’ and the ‘Dutch Cone Penetration 
Test’. These are more commonly employed for cohesionless soils. More detailed information on 
these devices and test will be provided in Chapter 18 on “Soil Exploration”. 

At this juncture, it is sufficient to know that the standard penetration test results are 
commonly in the form of ‘Penetration Number’, N, which indicates the number of blows re- 
quired to cause 300 mm penetration of a split-spoon sampler into the soil under test by means 
of a 65 kg hammer falling through 750 mm. 

This value has been correlated to Terzaghi’s bearing capacity factors, density index and 
angle of shearing resistance, ọ (Peck, Hansen and Thornburn, 1953). Terzaghi and Peck have 
prepared charts for allowable bearing pressure, based on a standard allowable settlement, for 
footings of known widths on sand, whose N-values are known. (Terzaghi and Peck, 1948). 
These correlations and charts will be presented in Sec. 14.13. 


*14,11 BEARING CAPACITY FROM MODEL TESTS—HOUSEL’S 
APPROACH 


Housel (1929) has suggested, based on extensive experimental investigations, a practical method 
of determining the bearing capacity of a prototype foundation in a foundation soil which is 
reasonably homogeneous in depth by means of two or more small-scale model tests. It is as- 
sumed that the load-carrying capacity of a foundation for a predetermined allowable settle- 
ment consists of two distinct components—one which is carried by the soil column directly 
beneath the foundation, and the other which is carried by the soil around the perimeter of the 
foundation. The first component is a function of the area and the second, a function of the 
perimeter of the foundation. 


This concept is expressed by the formula 
W=q,.A=o0.A+mP ... (Eq. 14.113) 
where W = total ultimate load which the foundation can carry (KN), 
q, = bearing capacity of the foundation (kN/m?) for a specified settlement, 


© = contact pressure developed under the bearing area of the foundation (or an experi- 
mental constant) (kN/m2), 


m = perimeter shear (or an empirical experimental constant) (kN/m) 
A = bearing area of the foundation (m?), and 
P = perimeter of the foundation (m). 
Equation 14.109 may be modified as 
P 
q,.=O+m. | .. (Eq. 14.114) 
or q,=Mx+o ...(Eq. 14.115) 
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wherein x represents the perimeter-area ratio, P/A. Housel assumes that o and m are con- 
stant for different loading tests on the same soil for a specific settlement, which would be 
tolerated by the prototype foundation. Hence, he suggested that o and m be determined by 
conducting small-scale model tests by loading two or more test plates or model footings which 
have different areas and different perimeters and measuring the total load required to pro- 
duce the specified allowable settlement in each case, at the proposed level of the foundation. 


This gives two or more simultaneous equations from which o and m may be determined. 
Then the bearing capacity of the proposed prototype foundation may be calculated from 
Eq. 14.115, by substituting for x, the perimeter-area ratio of the proposed foundation. Thus 
this procedure involves a kind of extrapolation from models to the prototype. 

The method is commonly known as “Housel’s Perimeter Shear method” or “Housel’s 
Perimeter-Area Ratio method”. 


14.12 BEARING CAPACITY FROM LABORATORY TESTS 


The bearing capacity of a cohesive soil can also be evaluated from the unconfined compression 
strength. From the concept of shearing strength, the bearing capacity of a cohesive soil is the 
value of the major principal stress at failure in shear. This stress at failure is called the 
unconfined compression strength, q: 


0, = q, = 2c tan (45° + 6/2) ... (Eq. 14.116) 
When ọ = 0°, for a purely cohesive soil, 
q,, = 2c ...(Eq. 14.117) 


This applies at the ground surface, i.e., when D,= 0. The ultimate bearing capacity may 
be divided by a suitable factor of safety, say 3, to give the safe bearing capacity. 


Casagrande and Fadum, (1944) suggest this procedure as an indirect check of the ulti- 
mate bearing capacity of cohesive soil, since the allowable soil pressures commonly specified 
in building codes are conservative from the standpoint of safety against rupture of the clay. 


Further, bearing capacity problems may be studied experimentally from the shape of 
the rupture surface developed in the soil at failure. Experimental results may be translated to 
prototype structures by means of the theory of similitude, or modelling. (Jumikis, 1956 and 
1961). 


14.13 BEARING CAPACITY OF SANDS 


The net ultimate bearing capacity of a footing in sand which is required in the proportioning of 
the size, is given by: 
Anetut = % YO. N+ YAN, - 1) ... (Eq. 14.118) 
where œ = Shape factor, which is given as 
0.5 for continuous footing of width b, 
0.4 for square footing of side b, and 
0.3 for circular footing of diameter b. 
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Thus, the net ultimate bearing capacity depends upon 
(i) the unit weight of soil, y, and 

(ii) the angle of shearing resistance, (since N, and N . depend upon 6), besides the size, 
b, and depth, D,, of the footing. 

An appropriate value of y must be used depending upon the condition of the soil with 
regard to water content and its location relative to ground water table. 

The angle of shearing resistance of a cohesionless soil or sand is known to be dependent 
upon the density index ; the density index is correlated to the penetration resistance value, or 
the standard penetration number, N. Peck, Hanson and Thornburn (1953) have provided a 
chart for evaluating , and the bearing capacity factors of Terzaghi, N f and Ny from the 
standard penetration number, N. They have also given a simple chart relating N to . This is 
shown in Fig. 14.18 and the former in Fig. 14.19. If settlement is of no consequence, it is 
possible to think in terms of ultimate bearing capacity according to Terzaghi’s formula by 
using these charts. But this procedure is not popular. 

The necessary corrections for the observed value of N are to be applied before use in 
conjunction with these charts. These corrections, required for the grained soils like silts below 
the water table and for the effect of overburden pressure, are dealt with in Chapter 18. 

The charts of Figs. 14.18 and 14.19 do not apply to gravels or those soils containing a 
large percentage of gravels. 
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Fig. 14.18 Approximate correlation between N-value and ọ for 
granular soils (After Peck, Hanson and Thornburn). 


If settlement criterion governs the allowable bearing pressure, as it invariably does in 
the case of footings in sands, the design charts given by Terzaghi and Peck (1948) or that given 
by Peck, Hanson and Thornburn (1953) may be used for the determination of allowable bear- 
ing pressure for a specific allowable settlement of 25 mm or 40 mm, as the case may be. These 
are shown in Figs. 14.20 to 14.22. 
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Fig. 14.19 Correlation between N-value, ọ, and the bearing capacity 
factors (Ny and N.) (After Peck, Hanson, and Thornburn, 1953) 
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Fig. 14.20 Allowable bearing pressure for 25 mm settlement from 
SPT values (After Terzaghi and Peck, 1948) 


These charts have been prepared on the assumption that the water table is at a depth 
greater than the width of the footing below the base of the footing. If the water table is located 
at the base of the footing, the allowable pressure is taken as half that obtained from the charts. 
For any intermediate position of the water table, linear interpolation may be made. Similarly, 
if the allowable bearing pressure is required for any settlement other than the one for which 
the charts are prepared, linear interpolation is suggested. 
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Fig. 14.21 Allowable bearing pressure for 40 mm settlement from SPT values 


After Terzaghi and Peck, 1948) 
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Fig. 14.22 Allowable soil pressure for 40 mm settlement from SPT values 


(After Peck, Hanson, and Thornburn) 
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Teng (1969) has proposed the following equation for the graphical relationship of Terzaghi 
and Peck (Fig. 14.20) for a settlement of 25 mm: 


b+03) 
Inq = 34.3 N - 3) í ) R. Ri ...(Eq. 14.119) 


where q„a = net allowable soil pressure in kN/m? for a settlement of 25 mm, 


N = Standard penetration value corrected for overburden pressure and other applica- 
ble factors, 


b = width of footing in metres, 
R, = correction factor for location of water table, defined in Fig. 14.102, 
and R&, = Depth factor (= 1 + D,/b) < 2. where D,= depth of footing in metres. 
The modified equation of Teng is as follows: 


b+0.3\? 
Ina = 51.45(N - 3) =a | Ry. Ry (Eq. 14.120) 


The notation is the same as that of Eq. 14.119. 
Meyerhof (1956) has proposed slightly different equations for a settlement of 25 mm, 
but these yield almost the same results as Teng’s equation: 


q,a = 12.25 NR, . R4, for b < 1.2m (Eq. 14.121 a) 
b +0.3 
dna = 8-17 N 5 -R -Ra forb > 1.2m ... (Eq. 14.121 b) 


The notation is the same as those of Eqs. 14.119 and 14.120. 
Modified equation of Meyerhof is as follows: 


dna = 18.36 NR, . Ry, for b < 1.2 m ...(Eq. 14.122 a) 
b+0.3 
dna = 12.25 N > R,- Ra» for b > 1.2 m ... (Eq. 14.122 b) 


The modified equations of Teng and Meyerhof are based on the recommendation of 
Bowles (1968). 

The I.S. code of practice gives Eq. 14.122 for a settlement of 40 mm; but, it does not 
consider the depth effect. 

Teng (1969) also gives the following equations for bearing capacity of sands based on the 
criterion of shear failure: 


daet ult = 1/6[3N?.b R, + 5(100 + N*)D, -Rq ...(Eq. 14.123) 
(for continuous footings) 
dact ut = 1/6[2N? b R, + 6 (100 + N*)D,. R4 ...(Eq. 14.124) 


(for square or circular footings) 
Here again, 
dact ut = Det ultimate soil pressure in kN/m?., 
N = Standard penetration value, after applying the necessary corrections, 
b = width of continuous footing (side, if square, and diameter, if circular in metres), 


D, = depth of footing in metres, and 
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R and R, = correction factors for the position of the ground water table, defined in Eqs. 
14.102 and 14.103. 


With a factor of safety of 3, the net safe bearing capacity q,,. , is given by 


1 2 
Ins= Tg BN R, + 5(100 + NDR, — 5 y. Dy „Œq. 14.125) 


(for continuous footings) 


1 2 
Ins = g (2N% R, + 6(100 + NDD;R 1- 3 Y- Dy ...(Eq. 14.126) 


(for square or circular footings) 


If y is not known with any degree of confidence, the second term may be ignored al- 
though this may introduce some error in the value of q, The smaller of the two values q „, and 
d,s Will be used for design. 


14.14 BEARING CAPACITY OF CLAYS 


For pure clays, ọ = 0°. 
Mar = CN. + yD, = 5.7c + yD, 
= 5.7c, for continuous footings. 
=138x5.7c=7.4¢ ... (Eq. 14.127) 
(for square or circular footings, c being the cohesion.) 


dhet ult 


dhet ult 


These are from Terzaghi’s theory. Alternatively, Skempton’s equations may be used. 
(Eqs. 14.19 and 14.92). 

Skempton’s equations are preferred for rectangular footings in pure clay (Eqs. 14.91 
and 14.92). 

Correlation of cohesion and consistency of clays with N-values is not reliable. Unconfined 
compression test is recommended for evaluating cohesion. 


Overconsolidated or precompressed clays might show hair cracks and slickensides. Load 
tests are recommended in such cases. 

Settlements of footings in clays may be calculated or predicted by the use of Terzaghi’s 
one-dimensional consolidation. Long-term load tests also may be used but they are highly 
cumbersome and time-consuming. 

The bearing capacity of footings in clays is practically unaffected by the size of the foun- 
dation. 


14.15 RECOMMENDED PRACTICE (I.S) 


The safe bearing capacity may be obtained from the relevant table given in IS: 1904—1986 
(Revised). Where data for characteristics of a soil (cohesion, angle of internal friction, density, 
etc) are available, the safe bearing capacity may be calculated from consideration of shear 
failure (Terzaghi’s theory). A factor of safety of three shall be adopted. Safe bearing pressure 
for sands may be obtained from the standard penetration resistance values (corrected for the 
presence of ground water and for overburden pressure), from both considerations of shear 


586 GEOTECHNICAL ENGINEERING 





and settlement as given by Terzaghi and Peck, by Peck, Hanson and Thornburn, and by 
Teng. 
Details are given in the Appendices of IS: 1904-1986 (Revised), already cited. 


14.16 ILLUSTRATIVE EXAMPLES 


Example 14.1: Calculate the elastic settlement of a rectangular foundation, 6 m x 12 m, ona 
uniform sand with E = 20,000 kN/m? and Poisson’s ratio, v = 0.2. The contact pressure is 200 
kN/m?. The settlements are to be calculated at the centre, mid-point of long side, and mid- 
point of short side, and at the free corner. 

Also compute the allowable bearing pressure, if the maximum settlement is restricted 
to 40 mm. 


Side ratio of rectangle = 12/6 = 2 
(1-0?) 
E 
K = shape factor = 1.08, 0.79, 0.69, and 0.54 for the centre, mid-point of long side, mid- 
point of short-side, and free corner respectively. (Table 14.2) 





The elastic settlement is given by Schleicher as s = K.q. VA. 


Settlement at the centre 


_ 992 
= 1.08 x 200 x 12 x6 daz x 1000 mm = 88 mm. 


Settlement at the mid-point of long-side 
(1-0.2?) 
20,000 

Settlement at the mid-point of short-side 


= 0.79 x 200 x J72 x 1000 mm = 64.4 mm 


(1-0.2?) 
= 0.69 x 200 x 472 ——=— x 1000 mm = 56.2 mm 
20,000 


? 


Settlement at the free corner 
1- 0.2? 
= 0.54 x 200 x a x 1000 mm = 44 mm 
If the maximum settlement is restricted to 40 mm, the centre settlement should not 
exceed this value. 


Then the allowable bearing pressure: 
sE 40 x 20,000 


1= JAQ-v®  108x V72 (1-0.2?) 
Example 14.2: What is the minimum depth required for a foundation to transmit a pressure 
60 kN/m? in a cohesionless soil with y = 18 kN/m and ọ = 18° ? What will be the bearing 
capacity if a depth of 1.5 m is adopted according to Rankine’s approach ? 
y= 18 kN/m? = 18° q = 60 kN/m?. 
Minimum depth of foundation, according to Rankine, 


bec tee ee 
p.-@ tae _ 60 Teim -0.93m-1m 
f y\1+sino 18 | 1+ sin 18° 


= 90 kN/m2. 
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If D, = 1.5 m; 
2 2 
1+sin ọ l+ sin 18° 
= yD,| ——. | =18 x 1.5 | ——_—_ | =96.8 kN/m?. 
Tu = (Ss ü (a E) i 
Example 14.3: Calculate the ultimate bearing capacity of a strip footing, 1 m wide, in a soil for 
y= 18 kKN/m?, c = 20 kN/m?, and 6 = 20°, at a depth of 1 m. Use Rankine’s and Bell’s approaches. 


o = 20° 
In Rankine’s approach, cohesion is not considered. 


1 
duit = 5 yoN,+yD-N, 


1 2 2 
where N,= 3 JN, (N; - D and N= N; 
N, = tan? (45° + 6/2) = tan? 55° = 2.04 


1 
ro” tan 55° (tant 55° — 1) = 2.256 
N; = tant 55° = 4.16 
1 
Ga= 3 x 18 x 1 x 2.256 + 18 x 1 x 4.16 = 95.2 kN/m? 


In Bell’s approach, cohesion is also considered. 
1 
Mat = CN. + z yb N, + YD;N; 


1 
where N, = 2 JN, (N, + D, N, = 3 [Ny (Ny - D), and N, = NÈ 
. N,, = 2 tan 55° (tan? 55° + 1) = 8.682 


1 
N,= 3 tan 55° (tan* 55° — 1) = 2.256 


N, = tant 55° = 4.16 
1 
Jun = 20 x 8.682 + 5 x 18 x 1 x 2.256 + 18 x 1 x 4.16 = 268.8 kN/m?, 
Example 14.4: A strip footing, 1.5 m wide, rests on the surface of a dry cohesionless soil 
having = 20° and y= 19 kN/m. If the water table rises temporarily to the surface due to 
flooding, calculate the percentage reduction in the ultimate bearing capacity of the soil. Assume 
N, = 5.0. (S.V.U.—B.E., (Part-Time)—Apr., 1982) 
o=20° N, =5.0 b=15m D,=0 
Dry cohesionles soil, Z C=O 


1 1 ' . 
qa = cN, + 3 yb N, + WDN; =a yb N; in this case. 


1 
gS 19 x 1.5 x 5.0 = 71.3 kN/m? 


If the water table rises temporarily to the surface due to flooding, reduction factors R, 
and R, shall be applied as the maximum values for the N, and N, terms respectively. 


In this case, R, = 0.5 is applied for N „term. 
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1 1 
duit = 9 YON,. R= 2 x 19x 1.5 x 5.0 x 0.5 = 35.6 kN/m? 


The percentage reduction in the ultimate bearing capacity is thus 50 due to flooding and 
consequent complete submergence. 

(Note: Ysat 18 assumed to be y itself here, and y’ = 5 Yet 
Example 14.5: A continuous footing of width 2.5 m rests 1.5 m below the ground surface in 
clay. The unconfined compressive strength of the clay is 150 kN/m?. Calculate the ultimate 
bearing capacity of the footing. Assume unit weight of soil is 16 kN/m®. 


(S.V.U.—B.E., (R.R.)—May, 1969) 
Continuous footing b = 2.5 m D, =1.5m 


Pure clay. 
6 =0° q,= 150 kN/m? y= 16 kN/m? 


pe Th = 75 kNim? 
For > = 0°, Terzaghi’s factors are: N, = 0, N, = 1, and N, = 5.7. 
1 ; . 
dar = CN, + a yb Ny + yD, N, =cN,+ yD, Ny in this case. 


Quy = 5-7 x 75 + 16 + 1.5 x 1 = 451.5 kN/m? = 450 kN/m?. 
Example 14.6: Compute the safe bearing capacity of a continuous footing 1.8 m wide, 
and located at a depth of 1.2 m below ground level in a soil with unit weight y = 20 kN/m$, c = 
20 kN/m?, and o = 20°. Assume a factor of safety of 2.5. Terzaghi’s bearing capacity factors for 
ọ =20° are N,=17.7,N, = 7.4, and N, = 5.0, what is the permissible load per metre run of the 
footing ? 

b=1.8m continuous footing D,=1.2m 

y = 20 kN/m? c = 20 kN/m? 

o = 20° N,= 17.7 

N,=7A4 N,, = 5.0 nN = 2.5 


1 
dat = CN, + 5 yoN,+yD,N, 


1 
= 20x 17.7 + 5 x 20x 1.8 x 5.0 + 20x 1.2 x 7.4 


= 621.6 kN/m? 
Inet ult = Zu — YP = 621.6 — 20 x 1.2 = 597.6 kN/m? 


Anet ult 597.6 


= an acira 2 
d net safe 7 n E 25 = 239 kN/m 


sate = Inet safe + YD; = 239 + 20 x 1.2 = 263 kN/m? 
Permissible load per metre run of the wall = 263 x 1.8 KN = 473.5 KN. 


Example 14.7: What is the ultimate bearing capacity of a square footing resting on the sur- 
face of a saturated clay of unconfined compressive strength of 100 kN/m?. 


(S.V.U.—Four-year B. Tech.—Apr., 1983) 





Square footing. 
Saturated clay, 
= 0° D,=0. 
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Terzaghi’s factors for = 0° are : N, = 5.7, N= L and N, = 0. 
qd, = 100 kN/m? 


1 
cepts 50 kN/m? 


qan = 1-3 cN, = 1.3 x 50 x 5.7 = 370 kN/m? 
dat = 370 KN/m?. 
Example 14.8: Determine the ultimate bearing capacity of a square footing of 1.5 m size, at a 
depth of 1.5 m, in a pure clay with an unconfined strength of 150 kN/m?. ọ = 0° and y = 17 kN/m. 
(S.V.U.—Four-year B. Tech.,—Sept., 1983) 
Square footing b = 1.5 m = 150 cm D,= 1.5 m = 150 cm 
Pure clay ọ = 0°, g, = 150 kN/m?, y = 17 kN/m? 


c= S = 75 kN/m? 
iii s factors for ọ = 0° are N, = 5.7, N, = 1, and N, = 0. 


Iu,=13¢N,+ DN, +04 ON, LEN: + yD, in this case 


17 x 150 
Qu, = 1.3 x 75 x 5.7 + ——_— x 1 = 580 kN/m? 


1000 
qut = 580 kN/m?. 


Eranple 14.9: A square footing, 1.8 m x 1.8 m, is placed over loose sand of density 16 kN/m 
and at a depth of 0.8 m. The angle of shearing resistance is 30°. N, = 30.14, N q = 18-4, and 
N, = 15.1. Determine the total load that can be carried by the footing. 


(S.V.U.—Four-year B.Tech.,—Apr., 1983) 
Square footing b = 1.8m 
y=16kN/m’, c=0, >= 30°, D,= 0.8m 
N, = 30.14,N,=18.4, N,=15.1 
Quit = 1.3 cN, + 0.4y 6 N,+ yDWN, = 0.4 yb N, + yD,N,, in this case 
Tun = 0-4 x 16 x 1.8 x 15.1 + 16 x 0.8 x 18.4 = 174 + 236 = 410 kN/m? 
The ultimate load that can be carried by the footing 
= dun X Area = 410 x 1.8 x 1.8 KN = 1328.4 KN. 
Example 14.10: Compute the safe bearing capacity of a square footing 1.5 m x 1.5 m, located at 
a depth of 1 m below the ground level in a soil of average density 20 kN/m?. ọ = 20°, N, = 17.7, 
N,=74, and N, = 5.0. Assume a suitable factor of safety and that the water table is very deep. 
Also compute the reduction in safe bearing capacity of the footing if the water table rises to the 
ground level. (S.V.U.—B.Tech., (Part-time)—Sept., 1983) 
b = 1.5 m Square footing D,= 1 m 
y = 20 kN/m? o = 20° N,=17.7, N,=7.4, and N, = 5.0 
Assume c = 0 and n = 3 
dur = 1.3¢N,+0.4 yb N, + yD-N, = 0.4 yb N,+y7D/N,, in this case. 
=0.4 x 20x 1.5 x 5.0 + 20 x 1 x 7.4 = 60 + 148 = 208 kN/m? 
Anet ult = Zait- Y Dp = 208 — 20 x 1 = 188 kN/m? 
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_ Anet ult 
Q safe 7 





188 
yD, =—3 + 20 x 1= 83 kN/m? 


If the water table rises to the ground level, 
R,=0.5= R} 
Aut = 0-4 YPN, . R + DN. RB, 
=0.4 x 20 x 1.5 x 5.0 x 0.5 + 20 x 1 x 7.4 x 0.5 = 30 + 74 = 104 kN/m? 
net ult = Tut ~ YD = 104 — 10 x 1 = 94 kN/m? 


_ Anet ult 
Q safe 7 n 


Percentage reduction in safe bearing capacity 





4 
+YD,= > + 10x 1 = 41 kN/m? 


ae 100 = 50 
= — K = F 
83 


Example 14.11: A foundation, 2.0 m square is installed 1.2 m below the surface of a uniform 
sandy gravel having a density of 19.2 kN/mĉ, above the water table and a submerged density of 
10.1 kN/m®. The strength parameters with respect to effective stress are c’ = 0 and @’ = 30°. 
Find the gross ultimate bearing capacity for the following conditions: 


(i) Water table is well below the base of the foundation (i.e., the whole of the rupture 
zone is above the water table); 


(ii) Water table rises to the level of the base of the foundation; and 
(iii) the water table rises to ground level. 
(For ọ = 30°, Terzaghi gives N, = 22 and N, = 20) 
(S.V.U.—B. Tech., (Part-time)—Sept., 1982) 
Squareb=2m D,=12m c’=0 6’=30° 
y=19.2kN/m? y =10.1 kN/m? N, =22 N, =20 
(i) Water table is well below the base of the foundation: 
qu = 13c N, +0.4yb N, + ¥D,N, = 0.4 yb N, + yD,N,, in this case. 
or Tun = 0-4 x 19.2 x 2 x 20 + 19.2 x 1.2 x 22 = 814 kN/m? 
(ii) Water table rises to the level of the base of the foundation: 
Quit = 0.4’ b N,+ YDAN; 
=0.4 x 10.1 x 2 x 20 + 19.2 x 1.2 x 22 = 668 kN/m? 
(iii) Water table rises to the ground level: 
Aut =04Y bN, + y’D-N, 
= 0.4 x 10.1 x 2 x 20 + 10.1 x 1.2 x 22 = 428 kN/m? 
Thus, as the water table rises, there is about 20% to 50% decrease in the ultimate bear- 
ing capacity. 
Example 14.12: The footing of a column is 2.25 m square and is founded at a depth of 1 m on 
a cohesive soil of unit weight 17.5 kN/m®. What is the safe load for this footing if cohesion = 30 
kN/m?; angle of internal friction is zero and factor of safety is 3. Terzaghi’s factors for = 0° are 
N, = 5.7, N, = 1, and N, = 0. (S.V.U.—B.E., (R.R.)—Feb., 1976) 


BEARING CAPACITY 591 





Square b = 2.25 m Dp=lm y= 17.5 kN/m? 
da = 1.3 c N, + 0.4 yb N, + YDN = 1.3 ce N, + YD; Np in this case since N,=0 
Aut = 1-3 x 30 x 5.7 + 17.5 x 1 x 1 = 239.8 kN/m? 
daet ult = Zui - YDp = 239.8 — 17.5 = 222.3 kN/m? 


deaf = a + yD,= = + 17.5 = 91.6 kN/m? 
Safe load on the footing: 
= Vente X Area = 91.6 x 2.25 x 2.25 = 463 kN. 
Example 14.13: What is the ultimate bearing capacity of a circular footing of 1 m diameter 
resting on the surface of a saturated clay of unconfined compression strength of 100 kN/m? ? 
What is the safe value if the factor of safety is 3? 
Diameter, D = 1 D,= 0 
q,=1.3¢N,+0.3 VON yD,N, 
For saturated clay, 





o = 0° 
N,=5.7 N,=1 N,=0 
Also c= 5 q, = 50 kN/m? 
qut = 1.38 x 50 x 5.7 = 370.5 kN/m? 
Fsafe = a , in this case, 
since N, _ 
dsafe = sms = 123.5 kN/m?. 


Example 14.14: A circular footing is resting on a stiff saturated clay with q,, = 250 kN/m?. The 
depth of foundation is 2 m. Determine the diameter of the footing if the column load is 600 KN. 
Assume a factor of safety as 2.5. The bulk unit weight of soil is 20 kN/m. 

(S.V.U.—Four-year B. Tech.—Dec., 1982) 


Circular footing: = 0°, N, = 5.7, N; =i N, =0 
1 
q„ = 250 KN/m? con uus 125 kN/m? D,=2m 


Column load = 600 kN n= 2.5 y = 20 kN/m 
Mat = 1.3 c N, + 0.3 yD N,, $ yD,N, =13cN,+ yD,N, in this case. 
Dat = 1-3 x 125 x 5.7 + 20 x 2 x 1 = 966 kN/m? 
daet ult = Tut — YD; = 966 — 20 x 2 = 926 kN/m2 


Anet u 926 
dsafe = = z + YD; = zp +20 x 2 = 410 kN/m? 





Safe load on the column 
= dafe X Area = 600 kN 
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2 
600 = 410 x md 


|4 x 600 
d= 110 m = 1.365 m 


A diameter of 1.5 m may be adopted in this case. 
Example 14.15: A column carries a load of 1000 kN. The soil is a dry sand weighing 19 kN/m? 
and having an angle of internal friction of 40°. A minimum factor of safety of 2.5 is required 
and Terzaghi factors are required to be used. (N, = 42 and N q = 2D. 





(i) Find the size of a square footing, if placed at the ground surface; and, 


(ii) Find the size of a square footing required if it is placed at 1 m below ground surface 
with water table at ground surface. Assume Y,„į = 21 kN/m. 


(i) At ground surface: 
o = 40° Dry sand, N = 42 N, = 21 
Let the size of the footing be b m. 
Fut = 0-4 6 x 19 x 42 
Since D; =0, daet ult = Vult 


Quit  0.46x19x 42 
d safe = Inet ult 7 n = 25 


Qat = 128 b x b? = 1000 


b= E m =2m 
(ii) At 1 m below ground surface with water table at ground surface: 
Y = Yat — Yp = (21 — 10) = 11 kN/m? 
N =42, N,=21 
Fur = 0.4 x WN, +yD,N, 
qut = 0-46 x 11 x 424+ 11x 1x 21=(1856 + 231) kN/m? 
daet ult = Zult — yD, = 185 b + 231 — 11 x 1 = (185 b + 220) kN/m? 


= 128 b kN/m? 





Anet ult (185 b+ 200) | 
= = | ————— +11 2 
d safe n + yD, | 25 kN/m 
185 b + 220 
= | ————— +11|b2=1 
Q safe | 25 | b 000 
Solving by trial and error, b=2m. 
b=2m. 


Example 14.16: What is the ultimate bearing capacity of a rectangular footing, 1 m x 2 m, on 
the surface of a saturated clay of unconfined compression strength of 100 kN/m? ? 
Rectangular footing: 
b=1mL=2mD,=04q, = 100 kN/m? 


1 
q, = 50 kN/m? 


c="5 
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Skempton’s equation: 


daet ult 


=c.N, where N,=5 (1 0.2 2) (1+0.2 D,/b) for D,lb < 2.5) 


N,=5 (1+ 0.2 x z) = 5.5, since D,= 0. 


= 5.5 x 50 = 275 kN/m?. 
daet ult = 275 KN/m?. 
Example 14.17: What is the safe bearing capacity of a rectangular footing, 1 m x 2 m, placed 
at a depth of 2 m in a saturated clay having unit weight of 20 kN/m? and unconfined compres- 
sion strength of 100 kN/m? ? Assume a factor of safety of 2.5. 
Rectangular footing: 
b=1m L=2m D,=2m q,=100kN/m? y= 20 kN/m? 


d net ult 
Since D,=0, Quit = 


2 1 
ee =u = = 3 
D,b=7=2 bL=5 c= q, = 50 kN/m 


Skempton’s equation: 
b Dr 
daet ult = € - No where N, = 5 | 1+ 0.2 L 1+0.2 rs for D,/b <25 
Since D,/b =2<2.5, 


1 
N,=5 (14 0.2 x 3) (1 + 0.2 x 2/1) = 7.7 
= 7.7 x 50 = 385 kN/m? 


net ult 385 


= zea 2 
Garas y as SANM 


sate = Inet sate + YD = 154 + 20 x 2 = 194 kN/m?. 


Example 14.18: A steam turbine with base 6 m x 3.6 m weighs 10,000 kN. It is to be placed on 
a clay soil with c = 135 kN/m?. Find the size of the foundation required if the factor of safety is 
to be 3. The foundation is to be 60 cm below ground surface. 


dhet ult 


Skempton’s equation: 


b D; 
Anet ult = SC (1+ 0.2 +) [a+ 0.2 2e) for D,/b < 2.5. 
D,= 0.6 m 
For b = 0°, N, = 0 and N, = 1 Assume y= 18 kN/m. 
Adopt b/L = 0.6, same as that for the turbine base. 
D,/b = 0.6/b 
b? (5b? 

Area, A=bL= T = (=) üii 


=5 x 135 (1+0.2 x 0.6) (1+ 22x08) = 756 (14 222) kN/m? 


d net ult 
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756 (1+ 052) 








Qhnet ult 
= —— + D. = — “4+18x0.6 kN/ 2 
d safe n Y f 3 m 
gè (1 5 a) 

Qafe = Isaf XA = 3 756 + 10.8 | KN 

Equating Qaş to 10,000, we have 
0.12 

420 b2| 1+ = | +18 b? = 10,000 
Solving for b, 

b = 4.72 m, say 4.80 m. (D,/b < 2.5 is satisfied) 


L = 4.8/0.6 = 8.0m 
Hence, the size of the foundation required is 4.8 m x 8.0 m. 


Example 14.19: Calculate the ultimate bearing capacity, according to the Brinch Hansen’s 
method, of a rectangular footing 2 m x 3 m, at a depth of 1 m in a soil for which y = 18 kN/m?, 
c = 20 kN/m?, and 6 = 20°. The ground water table is lower than 3 m from the surface. The total 
vertical load is 1350 KN and the total horizontal load is 75 kN at the base of the footing. 


Hansen’s factors for = 20° are N, = 14.83, N 47 6.40, and N, = 3.54. Determine also the factor 
safety. 


Rectangular footing: 
= 20°, N, = 14.83, N, = 6.40, N,= 3.54, Dp= 1m 
(Hansen’s factors) 
c = 20 kN/m? q = YD;=18 x 1=18 kN/m? y= 18 kN/m? 
b=2m L=2m A=6m? H=75kN V=1350kN 
Hansen’s formula: 


f >. 1 ; 
dat = EN Sdci + QN Sadla +5 yb Nefa}, 


Shape factors: 


2 
s, =1+0.2b/L = 1 + 0.2 x 2 = 1.133 
s,=1+0.2 b/L = 1.133 


2 
s,=1-0.4b/L=1-0.4 x 4 = 0.733 
Depth factors: 
1 
d,=1+ 0.35 D-/b = 1 + 0.35 x ie 1.175 


d, =1 +0.35 D ,/b = 1.175 
d, = 1.0 


BEARING CAPACITY 595 





Inclination factors (Revised): 


o. H i 
LSL = 1- oe Fe ean a 
E mg V+Accoto 
=|1 © 2 0.913 
= 1350+6x20xcot 20°) ~~" 
i= p? = 0.9132 = 0.833 
Aut = 20 x 14.83 x 1.133 x 1.175 x 0.913 + 18 x 6.40 x 1.133 x 1.175 x 0.913 





1 
+5 x 18 x 2 x 3.54 x 0.733 x 0.83 


= 360.5 + 140.0 + 38.9 = 539.5 kN/m? 
Vertical load that can be borne, 
Quit = Wn X Area = 539.4 x 6 = 3236 kN 

Factor of safety = 3236/1360 = 2.4. 
Example 14.20: What is the ultimate bearing capacity of a footing resting on a uniform sand 
of porosity 40% and specific gravity 2.6, if ọ = 30° (Hansen’s factors: N, = 30.4, N, = 18.4, N,= 
18.08 at a depth of 1.5 m under the following conditions: 

(i) Size 2 m x 3 m, G.W.L. at 8 m below natural ground level; and 
(ii) Size 2 m x 3 m, G.W.L. at 1.5 m below natural ground level. 
(S.V.U.—Four-year B.Tech.—Dec., 1982) 
Hansen’s formula: 
= 30°; N, = 30.14; N, = 18.4; N,= 18.08 
dat = ENS deio + QN Salala + 5 yb Nis}, 
Since the soil is sand, c = 0, and the first term vanishes. 
n=40%, G= 2.60 D,=1.5m 








n 0.4 
_ a= Sey 
e= A-n) 06 
Gy, 260x981 
Y= Ge aay 7 15:30 kN/m 
G-1 160 x 9.81 
pe Dian TUNED 29 ag 





(1+ e) 167 
Since q = yD,, 


>. 1 l 
Tat = WN 8 gA gig + 2 w Nish 


Shape factors: 
8,=1+ 0.2 b/L = 1 + 0.2 x 2/3 = 1.33 
s= 1- 0.4 b/L = 1 - 0.4 x 2/3 = 0.733 
Depth factors: 


15 
d, = 1 +0.35 D,lb =1+ 0.35 x P 1.263 
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d, = 1.0 


Inclination factors: 

i, =i, = 1 for purely vertical loading. 
(i) G.W.L. at 8 m below natural ground level: 

y= Y4 in both terms. 


qa = 15.3 x 1.5 x 18.40 x 1.133 x 1.263 x 1 


1 
+ 5 X 15.3 x 2 x 18.08 x 0.783 x 1x 1 


= 604.27 + 202.76 = 807.03 kN/m? 


(ii) G.W.L. at 1.5 m below natural ground level: 
y= y4 in the first term and y = y in the second term. 


qa = 15.3 x 1.5 x 18.40 x 1.183 x 1.263 x 1 
1 
+ 5 X 9.40 x 2 x 18.08 x 0.783 x 1 x 1 


= 604.27 + 124.58 = 728.85 kN/m? 
Thus, there is about 10% decrease in bearing capacity as the water table rises to the 


level of the base of the footing. 

Example 14.21: A foundation 2 m x 3 m is resting at a depth of 1 m below the ground surface. 
The soil has a unit cohesion of 10 kN/m?, angle of shearing resistance of 30° and unit weight of 
20 kN/m. Find the ultimate bearing capacity using Balla’s method. 


Balla’s equation: 





1 
D,fb = 5 = 05 
cae 10 
yb 20x2 = 9-25 


c 
For p = 30° and yb = 0.25 
p = 1.9 from the charts for D,/b = 0.5 
For ọ = 30° and p = 1.9, from the relevant charts, Balla’s factors are: 


N, = 37 
N,, = 25 
N,= 64 


1 
Hence, Fut = 10 x 37 + 20x 1x 25+ x20 x2 x 64 


= 370 + 500 + 1280 = 2,150 KN/m2. 


(Note. Strictly speaking, Balla’s method is applicable only for continuous footings). 
Example 14.22: A plate load test was conducted on a uniform deposit of sand and the follow- 


ing data were obtained: 
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Pressure kN/m? 50 100 200 300 400 500 600 
Settlement mm 1.5 2.0 4.0 7.5 12.5 20.0 40.0 
The size of the plate was 750 mm x 750 mm and that of the pit 3.75 m x 3.75 m x 1.5 m. 
(i) Plot the pressure-settlement curve and determine the failure stress. 
(ii) A square footing, 2m x 2 m, is to be founded at 1.5 m depth in this soil. 
Assuming the factor of safety against shear failure as 3 and the maximum permissible 
settlement as 40 mm, determine the allowable bearing pressure. 
(iii) Design of footing for a load of 2,000 kN, if the water table is at a great depth. 
(i) The pressure-settlement curve is shown in Fig. 14.23 
The failure point is obtained as the point corresponding to the intersection of the initial 
and final tangents. In this case, the failure stress is 500 kN/m?. 
qur = 500 kN/m? 


1 
(ii) The value of q „ here is given by 2 yb Nos 


bp the size of test plate = 0.75 m 


Pressure, kN/m? —_ 
100 200 300 400 500 600 700 800 900 1000 
A 














ilure point 








<— Settlement, mm 























Fig. 14.23 Pressure-settlement curve (Ex. 14.22) 
Assuming y = 20 kN/m, 
1 
500 = — x 20 x 0.75 N, 


2 
N, = 500/7.5 = 6.7 
= 38° 


S N,=50 from Terzaghi’s charts. 
For square footing of size 2 m and D,= 1.5 m, 
=0.4yb N +D; N,- 1) 


dhet ult 
= 0.4 x 20 x 2 x 67 + 20 x 1.5 x 49 = 2,542 kN/m? 
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2,542 
d safe = 3 





= 847 kN/m? (for failure against shear) 
From settlement consideration, 


S, (6 +030) | b, (b +030) ] 
‘S| ? bb, +0.30) | “2 ~” | b@, + 0.30) 





2.00(0.75 + 0.30) 2x 1.05 
Pressure for a settlement of 27 mm for the plate (from Fig. 14.23) = 550 kN/m?. 
Allowable bearing pressure is the smaller of the values from the two criteria =550 kN/m?. 
(iii) Design load = 2,000 kN 
From Part (ii), it is known that a 2 m square footing can carry a load of 2 x 2 x 550 
= 2,200 KN. 
Therefore, a 2 m square footing placed at a depth of 1.5 m is adequate for the design 


| 0.75(2 + 0.30) f (07 x 23 
= = ——— | mm = 27 mm 


load. 


Example 14.23: A loading test was conducted with a 300 mm square plate at depth of 1 m 
below the ground surface in pure clay deposit. The water table is located at a depth of 4 m 
below the ground level. Failure occurred at a load of 45 KN. 


What is the safe bearing capacity of a 1.5 m wide strip footing at 1.5 m depth in the same soil? 
Assume y = 18 kN/m® above the water table and a factor of safety of 2.5. 


The water table does not affect the bearing capacity in both cases. 
Test plate: 
das Failure load _ 45 
Area of plate 0.3x0.3 
y= 18 kN/m3 
For ọ = 0°, Terzaghi’s factors are N, = 5.7, N, = 1, and N, = 0 
; qu = 1-3 c N, + WDN, 
= 1.3 x 5.7c + 18 x 1.0 
= 7.4 c + 18 (KN/m?, if c is expressed in kN/m?) 
7.4 c + 18 = 500 





= 500 kN/m? 


482 
See 2 
c= 7A 65 kN/m 


Strip footing: 
dur =€ N, + D,N, = 5.7 c + yDyin this case. 
d net ult — Fult 7 yD, =5.7¢ 
5.7 x 65 = 370.5 kN/m? 


370.5 
Tnet safe = gg ~ 148 kN/m? 


safe = Inet safe + YD = 148 + 18 x 1.5 = 175 kN/m? 
However, the net safe bearing capacity is used in the design of footings in clay. 


dhet ult = 
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Example 14.24: A continuous wall footing, 1 m wide, rests on sand, the water table lying at a 
great depth. The corrected N-value for the sand is 10. Determine the load which the footing 
can support if the factor of safety against bearing capacity failure is 3 and the settlement is not 
to exceed 40 mm. 


Continuous footing: 
b=1m 
Let us assume a minimum depth, D, of 0.5 m. 
Assume y = 18 kN/m? 
For N = 10, = 30° (Fig. 14.18 or 14.19, after Peck, Hanson and Thornburn) 
Assuming general shear failure, 
for ọ = 30°, Terzaghi’s factors are: N, = 22.5 and N, = 19.7 


1 
Inet ult = 9 yb Nt YD AN = 1) 


1 
aga 18 x 1 x 19.7 + 18 x 0.5 x 21.5 = 370 kN/m? 
q 


m an = 123 kN/m? 





daet safe 7 n 


For N = 10 and b = 1m, and for a permissible settlement of 40 mm, the allowable soil 
pressure = 120 kN/m? (From Fig. 14.22, after Peck, Hanson and Thornburn) 
Allowable bearing pressure ~ 120 kN/m? 
(i.e., shear failure governs the design). 
Load which the footing can support = 120 x 1 kN/m = 120 kN/metre run. 
Example 14.25: What load can a 2 m square column carry in a dense sand (y = 20 kN/m and 


= 36°) at a depth of 1 m, if the settlement is not to exceed 30 mm ? Assume a factor of safety 
of 3 against shear and that the ground water table is at a great depth. 

y= 20 kN/m? D, = 1 m b = 2 m (Square footing) = 36° 

For o = 36, N = 30 (from Fig. 14.18, after Peck, Hanson and Thornburn) 

For N = 30, b = 2 m permissible settlement = 40 mm, 

Allowable soil pressure = 500 kN/m?. (from Fig. 14.21 after Terzaghi and Peck) 

For a permissible settlement of 30 mm, 

500 x 30 


Allowable pressure = -a ~ 375 kN/m? 


For > = 36°, N, = 43 and N, = 46 
: daet ult = 9-4 YO N, + YD, (N, — 1) 
= 0.4 x 20 x 2 x 46 + 20 x 1 x 42 = 736 + 840 = 1576 kN/m? 


1576 


Qsafe= a = 525 kN/m? 





Settlement governs the design, and 
d allowable 7 375 kN/m? 
Safe load for the column = 375 x 2 x 2 = 1500 KN. 
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Example 14.26: A footing, 2 m square, is founded at a depth of 1.5 m in a sand deposit, for 
which the corrected value of N is 27. The water table is at a depth of 2 m from the surface. 
Determine the net allowable bearing pressure, if the permissible settlement is 40 mm and a 
factor of safety of 3 is desired against shear failure. 


Settlement criterion: 
N=27 b=2m D,=1.5 m 


Using Teng’s equation for the graphical relationship of Terzaghi and Peck (Fig. 14.20) 
for a settlement of 25 mm, 


b +0.3\? 
dna = 34.3 (N — 3) b R, Ry 
q,a iS in kKN/m? b = Width in m 
R, is the correction factor for the location water table. 
Ris the depth factor. 





z, = (2 - 1.5) = 0.5 m o Zy > D; 


Zy 
— = 0.5/2 = 0.25 

b 

R,=1.0 (limiting value) 


2 
R,= 0.5 E ar) = 0.5(1 + 0.25) = 0.625 


23) 
Ina = 34.3 x 24 x (77) x 0.625 x 1.75 kN/m? = 298 kN/m?. 


Since this is for a settlement of 25 mm, 


40 
dn for settlement of 40 mm = 298 x 35 476 kN/m?. 


Shear failure criterion: 


For a factor of safety of 3, Teng’s equation for Terzaghi’s bearing capacity equation is: 
1 
Ins = 1g [2N? b R, + 6 (100 + N?) D-Rl, 
neglecting (2/3) yD p (for square footing) 
1 
eT [2 x 27? x 2 x 0.625 + 6(100 + 277)1.5 x 1.0] ~ 516 kN/m? 


Hence settlement governs the design and the allowable bearing pressure is 476 kN/m?. 
(Note: This is conservative and if Bowles’ recommendation is considered, it can be enhanced 
by 50%; in this case shear failure governs the design, and q,,-, will be 516 kN/m?). 
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Example 14.27: Two load tests were conducted at a site—one with a 0.5 m square test plate 
and the other with a 1.0 m square test plate. For a settlement of 25 mm, the loads were found 
to be 60 kN and 180 kN, respectively in the two tests. Determine the allowable bearing pres- 
sure of the sand and the load which a square footing, 2 m x 2 m, can carry with the settlement 
not exceeding 25 mm. 


qda = Mx +6 
where x = Perimeter-area ratio, P/A 





First test Second test 
P, 4x05 i P, 4x1 z 
nea a a oa ag 
1 
q= SE = 240 kN/m? q> = ae) = 180 kN/m? 
0.5 x 0.5 1x1 
240=8m+o0 tei ill) 180=4m+o0 (2) 


Solving Eqs. (1) and (2) simultaneously, 
m=15(kN/m) and o = 120 (kN/m?) 
Prototype footing: 





4x2 a 
x = P/A = 2x2 =2m 
q=mx+0 


= 15 x 2 + 120 = 150 kN/m? 
This is the allowable bearing pressure for a settlement of 25 mm. Load which the footing 
can carry, 
Q, =q, x Area = 150 x 2 x 2 = 600 KN. 


SUMMARY OF MAIN POINTS 


1. The load-carrying capacity of a foundation to transmit loads from the structure to the foundation 
soil is termed its ‘bearing capacity’. The criteria for the determination of the bearing capacity are 
avoidance of the risk of shear failure of the soil and of detrimental settlements of the foundation. 

Safe bearing capacity is the ultimate value divided by a suitable factor of safety; the allow- 
able bearing pressure is the smaller safe capacity from the two criteria of shear failure and 
settlement. 

2. The factors on which the bearing capacity depends are the size, shape and depth of the founda- 
tion and soil characteristics, including the location of the GWT relative to the foundation. 

3. The methods of determination of bearing capacity are selection from building codes, analytical 
methods, plate load tests, penetration tests, model tests, and laboratory tests. 

4, Ofthe analytical methods, Schleicher’s is based on the theory of elasticity, Rankine’s and Bell’s 
are based on Rankine’s classical theory of earth pressure, Fellenius’, Prandtl’s, Terzaghi’s, 
Meyerhof’s, Skempton’s and Brinch Hansen’s methods are based on the theory of plasticity. 
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Fellenius’ method is based on circular slip surfaces and plastic equilibrium of the soil mass 
within the slip surface. Terzaghi’s theory is based on composite rupture surface (logarithmic 
spiral and plane) and is the most popular. 


As the footing is loaded to failure, the soil first reaches ‘local shear’ and then ‘general shear’. 
Local shear occurs when the soil in a zone becomes plastic. General shear occurs when all the 
soil along a slip surface is at failure. In loose sand, local shear occurs at a much lower stress than 
does general shear. In dense sand, local shear occurs at a stress only slightly less than that 
which causes general shear. 


Shape effect causes the bearing capacity of isolated square, circular and rectangular footings to 
be somewhat different from that for continuous footings; in general, the capacity of these will be 
about 20 to 30% more. 


Skempton’s theory relates to the bearing capacity of rectangular footings in pure clay. Brinch 
Hansen’s general bearing capacity equation takes into account the size and shape effects, depth 
effect and the effect of inclined loads in any kind of soil. 

Plate load tests and penetration tests are semiempirical approaches, which reflect field experi- 
ence; as such, theoretical methods should be used in conjunction with these empirical approaches, 
wherever feasible. 


The ‘Standard Penetration Number, has been correlated to 0, bearing capacity factors and allow- 
able bearing pressure for specified settlements; this approach is more suited to cohesionless 
soils. 

Bearing capacity and settlement of a footing on sand are related both to footing size and depth of 
embedment and to soil properties. The capacity increases significantly with increase in size of 
footing and depth of embedment. Settlement increases somewhat with size. 

Bearing capacity of a footing on clay is practically independent of size of footing. Even the 
depth of embedment causes the capacity to increase just by the difference between gross pres- 
sure and net pressure. As such, the benefit of the depth of embedment it considered marginal, 
and only the net allowable capacity itself is used for design purposes. 
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QUESTIONS AND PROBLEMS 


14.1 


14.2 


14.3 


14.4 


14.5 


14.6 


14.7 


14.8 


14.9 


To obtain a higher bearing capacity, either width of the footing could be increased or the depth of 
foundation can be increased. Discuss critically the relative merits and demerits. 


(S.V.U.—Four year B.Tech.,—Sept., 1983) 


Discuss the various factors that affect the bearing capacity of a shallow footing. Write brief 
critical notes on settlement of foundations. How do you ascertain whether a foundation soil is 
likely to fail in local shear or in general shear ? (S.V.U.—B.Tech., (Part-time)—Sept., 1983) 


Discuss the various types of foundations and their selection with respect to different situations. 
(S.V.U.—Four year B.Tech.,—Dec., 1982) 


Discuss the effect of shape on the bearing capacity. Differentiate between safe bearing capacity 
and allowable soil pressure. Write critical notes on (i) foundations on black cotton soils and (ii) 
Penetration tests. (S.V.U.—Four year B.Tech.,—Apr., 1983) 


Bring out clearly the effect of ground water table on the safe bearing cpacity. 
(S.V.U.—Four year B.Tech.,—Dec., 1982, Oct., 1982) 


Describe the procedure of determining the safe bearing capacity based on the standard penetra- 
tion test. 


Write brief critical notes on (i) floating foundation and (ii) factors affecting depth of foundation. 
(S.V.U.—Four year B.Tech.,—Sept., 1983) 


What are the criteria for deciding the depth of foundations? Write brief critical notes on toler- 
able settlements for buildings. (S.V.U.—Four year B.Tech.,—Dec., 1982) 


Explain ‘general shear failure’ and ‘Local shear failure’. Differentiate between (i) Shallow foun- 

dation and deep foundation, (ii) Gross and net bearing capacity, (iii) Safe bearing capacity and 

allowable soil pressure. (S.V.U.—Four year B.Tech., —Oct., 1982) 

What are the assumptions made in Terzaghi’s analysis of bearing capacity of a continuous footing ? 

(S.V.U.—B.E., (Part-time)—Apr., 1982) 

(a) Explain the recommended construction practices to avoid deterimental differential settle- 
ment in large structures. 


(b) What is meant by bearing capacity of soil? How will you determine it in the field? Describe 
the procedure bringing out its limitations. 


(c) Write brief critical notes on: 
(i) Standard Penetration test 
(ii) General shear failure and local shear failure of shallow foundations. 
(S.V.U.—B.E., (Part-time)—Dec., 1981) 
(a) Describe Terzaghi’s theory of bearing capacity of shallow strip foundations. Define the three 
bearing capacity factors and give their values for ‘ = 0’ case. 
(b) Explain how this procedure is modified for square and rectangular footings. How is local 
shear failure accounted for? (S.V.U.—B.E., (R.R.)—Nov., 1975) 


14.10 (a) Give the algebraic equations showing the variation of safe bearing capacity of soil (for clay 


and sand to be given separately) in shallow foundation with: 
(i) depth of foundation; (ii) width of foundation; and 
(iii) position of water table. 
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14.11 


14.12 


14.13 


14.14 


14.15 


14.16 


14.17 


14.18 


14.19 


14.20 


14.21 


14.22 


(b) Give the approximate formula you will use for the design of: 
(i) square footing; (ii) circular footing; and 
(iii) rectangular footing. (S.V.U.—B.E., (R.R.)—Dec., 1968) 
A strip footing, 1 m wide, rests on the surface of a dry cohesionless soil having ọ = 25° and 
y = 18 kN/m®. What is the ultimate bearing capacity ? What is the value, if there is complete 
flooding ? Assume N, = 10. 
Compute the safe bearing capacity of a 1.2 m wide strip footing resting on a homogeneous clay 
deposit at a depth of 1.2 m below ground level. The soil parameters are c = 40 kN/m?, ọ = 0°, and 
average unit weight of soil = 20 kN/m. Factor of safety = 3. 
(S.V.U.—B.Tech., (Part-time)—Sept., 1983) 
Compute the safe bearing capacity of a continuous footing 1.5 m wide, at a depth of 1.5 m, ina 
soil with y = 18 kN/m?, c = 18 kN/m?, and ọ = 25°. Terzaghi’s factors of ọ = 25° are N, = 25, N,= 
12.5, and N, = 10. What is the safe load per metre run if the factor of safety is 3? 
What is the safe bearing capacity of a square footing resting on the surface of a saturated clay of 
unconfined compression strength of 90 kN/m? ? Factor of safety is 3. 
What is the ultimate bearing capacity of a square footing, 1 m x 1 m, resting on a saturated clay 
of unconfined compression strength of 180 kN/m? and a bulk density of 18 kN/m, at a depth of 
1.5 m? (S.V.U.—Four year B.Tech.,—Oct., 1982) 
Compute the allowable bearing capacity of a square footing of 2 m size resting on dense sand of 
unit weight 20 kN/m*. The depth of foundation is 1 m and the site is subject to flooding. The 
bearing capacity factors are: N, = 55, N, = 38, and N, = 45. 
(S.V.U.—B.E., (Part-time)—Dec., 1981) 
What is the safe bearing capacity of a circular footing of 1.5 m diameter resting on the surface of 
a saturated clay of unconfined compression strength of 120 kN/m?, if the factor of safety is 3 ? 
A three-storey building is to be constructed on a sand beach. Ground water rises to a maximum 
of 3 m below ground level. The beach sand has the following properties: y, = 17.5 kN/m%, ọ = 32° 
(N, = 40, N, = 25, N, = 30). 
The maximum column load will be 700 kN. Determine the sizes of footing for depths of 1 m and 
2 m using a factor of safety of 3. Settlement are not to be considered. Evaluate the two alterna- 
tives from practical consideration (difficulties of construction and cost). 
(S.V.U.—B.Tech., (Part-time)—Sept., 1982) 
A circular footing rests on a pure clay with q, = 270 kN/m?, at a depth of 1.8 m. Determine the 
diameter of the footing if it has to transmit a load of 720 kN. Assume the bulk unit weight of soil 
as 18 kN/m? and the factor of safety as 3. 
Determine the size of a square footing at the ground level to transmit a load of 900 kN in sand 
weighing 18 kN/m? and having an angle of shearing resistance of 36° (N, = 46, N, = 43). Factor of 
safety is 3. What will be the modification in the result, if the footing may be placed at a depth of 
1 m below ground surface ? Assume, in this case, the water table may rise to the ground surface. 
Y = 9 kN/m. 
Determine the net ultimate bearing capacity of a rectangular footing, 1.2 m x 3.0 m, placed at 
1.8m below the ground in a saturated clay with a unit weight of 90 kN/m?. Use Skempton’s 
approach. 
A machine with base 6 m x 3 m weighs 9,000 KN. It is to be placed on a clay with cohesion of 120 
kN/m?, at a depth of 1 m, y = 20 kN/m®. Assuming a factor of safety of 3, design a rectangular 
footing foundation to support this machine. 
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14.23 


14.24 


14.25 


14.26 


14.27 


What is the ultimate bearing capacity of a rectangular footing, 1.75 x 3.50 m, at a depth of 1.5 m 
in a soil for which c = 30 kN/m?, ọ = 15°, and y= 18 kN/m?. Brinch Hansen’s factors are N, = 
10.89, N, = 3.94, and N, = 1.42. The water table is deep. The vertical load is 1500 kN and the 
horizontal load is 150 KN at the base of the footing. Determine also the factor of safety. 
A plate bearing test was conducted in a pure cohesive soil with 30 cm square plate at a depth of 
1.5 m below the ground level. The water table was found to be at 6 m depth. Failure occurred at 
a load of 50 KN. Find the factor of safety if a 1.2 m wide wall footing carriers 140 kN/m run and 
the foundation is at a depth of 2 m below ground level. 

(S.V.U.—B.Tech., (Part-time)—Sept., 1982) 
What is the allowable load for 1.8 m square column in a dense sand (y = 20 kN/m? and 6 = 40°) at 
a depth of 1.2 m, if the settlement is not to exceed 30 mm? Factor of safety against shear failure 
is 3. Water table is at a great depth. 
A 1.8 m square column is founded at a depth of 1.8 m in sand, for which the corrected N-value is 
24. The water table is at a detph of 2.7 m. Determine the net allowable bearing pressure for a 
permissible settlement of 40 mm and a factor of safety of 3 against shear failure. 
Two load tests were performed at a site-one with a 50 cm square plate and the other with a 75 cm 
square plate. For a settlement of 15 mm, the loads were recorded as 50 kN and 90 kN, respec- 
tively in the two tests. Determine the allowable bearing pressure of the sand and the load which 
a square footing, 1.5 m size, can carry with the settlement not exceeding 25 mm. 


Chapter l 5 


SHALLOW FOUNDATIONS 


15.1 INTRODUCTORY CONCEPTS ON FOUNDATIONS 


The ultimate support for any structure is provided by the underlying earth or soil material 
and, therefore, the stability of the structure depends on it. Since soil is usually much weaker 
than other common materials of construction, such as steel and concrete, a greater area or 
volume of soil is necessarily involved in order to satisfactorily carry a given loading. Thus, in 
order to impart the loads carried by structural members of steel or concrete to soil, a load 
transfer device is necessary. The structural foundation serves the purpose of such a device. A 
foundation is supposed to transmit the structural loading to the supporting soil in such a way 
that the soil is not overstressed and that serious settlements of the structure are not caused 
(Chapter 14). The type of foundation utilised is closely related to the properties of the support- 
ing soil, since the performance of the foundation is based on that of the soil, in addition to its 
own. Thus, it is important to recognise that it is the soil-foundation system that provides 
support for the structure; the components of this system should not be viewed separately. The 
foundation is an element that is built and installed, while the soil is the natural earth material 
which exists at the site. 

Since the stability of structure is dependent upon the soil-foundation system, all forces 
that may act on the structure during its lifetime should be considered. In fact, it is the worst 
combination of these that must be considered for design. Typically, foundation design always 
includes the effect of dead loads plus the live loads on the structures. Other miscellaneous 
forces that may have to be considered result from the action of wind, water, heat ice, frost, 
earthquake and explosive blasts. 


15.2 GENERAL TYPES OF FOUNDATIONS 


The various types of structural foundations may be grouped into two broad categories—shallow 
foundations and deep foundations. The classification indicates the depth of the foundation 
relative to its size and the depth of the soil providing most of the support. According to Terzaghi, 
a foundation is shallow if its depth is equal to or less than its width and deep when it exceeds 
the width. 
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D,(depth) 


D; < b Shallow foundation 
D; > b Deep foundation 


K— b ———_| 
(width) 


Fig. 15.1 Foundation-shallow or deep (Terzaghi) 
Further classification of shallow foundations and deep foundations is as follows: 


Shallow Foundations 


Footings Rafts (Mats) 
Spread Strap Combined 
footing (Cantilever) footings 
footings 
Continuous Isolated Rectangular Trapezoidal 
(strip or wall) (individual) 
footings footings 
Square Circular Rectangular 


Deep Foundations 


oo io 


Deep footings Piles Piers Caissons 
(continuous or isolated) (Wells) 
The ‘floating foundation’, a special category, is not actually a different type, but it repre- 
sents a special application of a soil mechanics principle to a combination of raft-caisson foun- 
dation, explained later. 


A short description of these with pictorial representation will now be given. 


Spread footings 
Spread footing foundation is basically a pad used to “spread out” loads from walls or columns 
over a sufficiently large area of foundation soil. These are constructed as close to the ground 
surface as possible consistent with the design requirements, and with factors such as frost 
penetration depth and possibility of soil erosion. Footings for permanent structures are rarely 
located directly on the ground surface. A spread footing need not necessarily be at small depths; 
it may be located deep in the ground if the soil conditions or design criteria require. 

Spread footing required to support a wall is known as a continuous, wall, or strip foot- 
ing, while that required to support a column is known as an individual or an isolated footing. 
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An isolated footing may be square, circular, or rectangular in shape in plan, depending upon 
factors such as the plan shape of the column and constraints of space. 

If the footing supports more than one column or wall, it will be a strap footing, combined 
footing or a raft foundation. 

The common types of spread footings referred to above are shown in Fig. 15.2. Two 
miscellaneous types—the monolithic footing, used for watertight basement (also for resisting 
uplift), and the grillage foundation, used for heavy loads are also shown. 














































Column 
Wall Column Pedestal 
Footing Footing Footing 
i Section , 
Section Section 
Concrete pad 
Plan 
(a) Continuous (b) Isolated (c) Isolated footing (d) Monolithic (e) Grillage 
footing footing with pedestal footing 


Fig. 15.2 Common types of spread footings 


Strap footings 

A ‘strap footing’ comprises two or more footings connected by a beam called ‘strap’. This is also 
called a ‘cantilever footing’ or ‘pump-handle foundation’. This may be required when the foot- 
ing of an exterior column cannot extend into an adjoining private property. Common types of 
strap beam arrangements are shown in Fig. 15.3. 


Combined footings 


A combined footing supports two or more columns in a row when the areas required for individual 
footings are such that they come very near each other. They are also preferred in situations of 
limited space on one side owing to the existence of the boundary line of private property. 

The plan shape of the footing may be rectangular or trapezoidal; the footing will then be 
called ‘rectangular combined footing’ or ‘trapezoidal combined footing’, as the case may be. 
These are shown in Fig. 15.4. 


Raft foundations (Mats) 

A raft or mat foundation is a large footing, usually supporting walls as well as several columns 
in two or more rows. This is adopted when individual column footings would tend to be too 
close or tend to overlap; further, this is considered suitable when differential settlements aris- 
ing out of footings on weak soils are to be minimised. A typical mat or raft is shown in Fig. 15.5. 
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Strap Strap 
Strap 
Section Section Section 
[Cr Strap D| Al Strap a] Strap 
|] | | LJ: ' L 
| | 
Plan Plan Plan 
(a) (b) (c) 
Strap 1 Strap 
Section | Section 
Strap Strap 
Plan Plan 


(d) (e) 


Fig. 15.3 Common arrangement of strap beams in strap footings 














Loo d GE 


Section Section 





Plan Plan 


(a) Rectangular combined footing (b) Trapezoidal combined footing 


Fig. 15.4 Combined footings 
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Section 












































Plan 


Fig. 15.5 Raft (Mat) foundation (Flat slab type) 


Deep footings 
According to Terzaghi, if the depth of a footing is less than or equal 


to the width, it may be considered a shallow foundation. Theories of D D; > b 
bearing capacity have been considered for these in Chapter 14. How- f 

ever, if the depth is more, the footings are considered as deep footings L 

(Fig.15.6); Meyerhof (1951) developed the theory of bearing capacity k— b—| 


for such footings. Fig. 15.6 Deep footing 


Pile foundations 

Pile foundations are intended to transmit structural loads 
through zones of poor soil to a depth where the soil has the 
desired capacity to transmit the loads. They are somewhat 
similar to columns in that loads developed at one level are 
transmitted to a lower level; but piles obtain lateral support 





Weak 
Strata 


from the soil in which they are embedded so that there is no Stratum 

: i iha a A Hard stratum 
concern with regard to buckling and, it is in this respect 
that they differ from columns. Piles are slender foundation Fig. 15.7 Pile foundation 


units which are usually driven into place. They may also be 
cast-in-place (Fig. 15.7). 

A pile foundation usually consists of a number of piles, which together support a struc- 
ture. The piles may be driven or placed vertically or with a batter. More detailed treatment of 
this type of foundation is given in Chapter 16. 
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Pier foundations 


Pier foundations are somewhat similar to pile foundations but 
are typically larger in area than piles. An opening is drilled to 
the desired depth and concrete is poured to make a pier foun- 
dation (Fig. 15.8). Much distinction is now being lost between 
the pile foundation and pier foundation, adjectives such as 
‘driven’, ‘bored’, or ‘drilled’, and ‘precast’ and ‘cast-in-situ’, be- 
ing used to indicate the method of installation and construc- 
tion. Usually, pier foundations are used for bridges. 


Caissons (Wells) Fig. 15.8 Pier foundation 


A caisson is a structural box or chamber that is sunk into place or built in place by systematic 
excavation below the bottom. Caissons are classified as ‘open’ caissons, ‘pneumatic’ caissons, 
and ‘box’ or ‘floating’ caissons. Open caissons may be box-type of pile-type. 





The top and bottom are open during installation for open caissons. The bottom may be 
finally sealed with concrete or may be anchored into rock. 


Pneumatic caisson is one in which compressed air is used to keep water from entering 
the working chamber, the top of the caisson is closed. Excavation and concreting is facilitated 
to be carried out in the dry. The caisson is sunk deeper as the excavation proceeds and on 
reaching the final position, the working chamber is filled with concrete. 

Box or floating caisson is one in which the bottom is closed. It is cast on land and towed 
to the site and launched in water, after the concrete has got cured. It is sunk into position by 
filling the inside with sand, gravel, concrete or water. False bottoms or temporary bases of 
timber are sometimes used for floating the caisson to the site. The various types of caissons are 
shown in Fig. 15.9. 










































Compressed air f° 


(a) Pile-type (b) Box-type (c) Pneumatic (d) Box (floating) 
open caisson open caisson caisson caisson 


Fig. 15.9 Types of caissons (After Teng, 1976) 
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Floating foundation 

The floating foundation is a special type of foundation construction useful in locations where 
deep deposits of compressible cohesive soils exist and the use of piles is impractical. The con- 
cept of a floating foundation requires that the substructure be assembled as a combination of 
a raft and caisson to create a rigid box as shown in Fig. 15.10. 












































Fig. 15.10 Rigid box caisson foundation using floating 
foundation concept (McCarthy, 1977) 


This foundation is installed at such a depth that the total weight of the soil excavated 
for the rigid box equals the total weight of the planned structure. Theoretically speaking, 
therefore, the soil below the structure is not subjected to any increase in stress; consequently, 
no settlement is to be expected. However, some settlement does occur usually because the soil 
at the bottom of the excavation expands after excavation and gets recompressed during and 
after construction. 


15.3 CHOICE OF FOUNDATION TYPE AND PRELIMINARY SELECTION 


The type of foundation most appropriate for a given structure depends upon several factors: (i) 
the function of the structure and the loads it must carry, (ii) the subsurface conditions, (iii) the 
cost of the foundation in comparison with the cost of the superstructure. These are the princi- 
pal factors, although several other considerations may also enter into the picture. 

There are usually more than one acceptable solution to every foundation problem in 
view of the interplay of several factors. Judgement also plays an important part. Foundation 
design is enriched by scientific and engineering developments; however, a strictly scientific 
procedure may not be possible for practising the art of foundation design and construction. 

The following are the essential steps involved in the final choice of the type of founda- 
tion: 

1. Information regarding the nature of the superstructure and the probable loading is 
required, at least in a general way. 
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2. The approximate subsurface conditions or soil profile is to be ascertained. 

3. Each of the customary types of foundation is considered briefly to judge whether it 
is suitable under the existing conditions from the point of view of the criteria for 
stability—bearing capacity and settlement. The obviously unsuitable types may be 
eliminated, thus narrowing down the choice. 

4. More detailed studies, including tentative designs, of the more promising types are 
made in the next phase. 

5. Final selection of the type of foundation is made based on the cost—the most accept- 
able compromise between cost and performance. 

The design engineer may sometimes be guided by the sucessful foundations in the neigh- 
bourhood. Besides the two well known criteria for stability of foundations—bearing capacity 
and settlement—the depth at which the foundation is to be placed, is another important aspect. 


For small loading on good soils, spread footings could be selected. For columns, indi- 
vidual footings are chosen unless they come too close to one another, in which case, combined 
footings are used. 


For a series of closely spaced columns or walls, continuous footings are the obvious 
choice. When the footings for rows of columns come too close to one another, a raft foundation 
will be the obvious choice. In fact, when the area of all the footings appears to be more than 50 
per cent of the area of the structure in plan, a raft should be considered. The total load it can 
take will be substantially greater than footings for the same permissible differential settle- 
ment. 


In case a shallow foundation does not answer the problem on hand, in spite of choosing 
a reasonable depth for the foundation, some type of deep foundation may be required. A pier 
foundation is justified in the case of very heavy loading as in bridges. Piles, in effect, are 
slender piers, which are used to bypass weak strata and transmit loading to hard strata below. 
As an alternative to raft foundation, the economics of bored piles is considered. 

After the preliminary selection of the type of the foundation is made, the next step is to 
evaluate the distribution of pressure, settlement, and bearing capacity. 

Certain guidelines are given in Table 15.1 with regard to the selection of the type of 
foundation based on soil conditions at a site. For the design comments it is assumed that a 
multistorey commercial structure, such as an office building, is to be constructed. 


Table 15.1 Appropriate foundation types for certain soil conditions 


Soil conditions Appropriate type of Design comments 
foundation and location 





Spread footings most appro- 
priate for conventional 
needs. Piles may be re- 
Compact sand deposit D,> frost depth and depth of | quired only if unusual forces 
extending to great depth. erosion such as uplift are expected. 


(Contd.)... 
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Firm clay or silty clay 
extending to great depth 


3 m Firm clay 


Soft clay extending to great 
depth 


Loose sand extending to 
great depth 


7.5m (Soft) 
7.5 m (Medium) 
(firmer) 


Soft clay but firmness in- 
creasing with depth extend- 
ing to great depth 


a 


20 m Soft clay 


ane 


Rock 


3.5 m Medium clay 


Hard clay extending to 
great depth 


















D, > frost depth and zone of 
swelling and shrinkage 


goe 


D, > frost depth and zone of 
swelling and shrinkage 


"LG P 


D,> frost depth and depth of 
erosion 
















Spread footings most appro- 
priate for conventional 
needs. Piles may be used 
only if unusual forces such 
as uplift are expected. 
















Spread footing appropriate 
for low or medium loading, 
if not too close to soft clay. 
Deep foundations may be 
required for heavy loading. 


Spread footings may settle 
excessively. Raft founda- 
tion may be appropriate. 
Spread footings may be 
used if the sand is com- 
pacted by vibrofloatation. 
Driven piles or augered 
cast-in-place piles may also 
be used. 


Friction piles or piers would 
be satisfactory if some set- 
tlement could be tolerated. 
Long piles would reduce 
settlement. Raft foundation 
or floating foundation may 
also be considered. 


Deep foundation-piles, 
piers, caissons—bearing di- 
rectly on/in the rock. 





Spread footings in upper 
sand layer would probably 
experience large settlement 
because of underlying soft 
clay layer. Drilled piers 
with a bell formed in the 
hard clay layer, or other pile 
foundation may be consid- 








(Contd.)... 
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11. 





Medium dense sand extend- 

ing to great depth 
Z4 

m Miscellaneous fill 


4 


2 m Loose sand, soft 
clay organic mantle 


y 


m Medium dense sand 
e 
11 m Compact glacial till 


ITITTTTTTTTTTT 


Rock 





3 m Miscellaneous fill 
10 m Medium dense sand 


17 m Medium firm day 


Rock 


EAN E 


12 m Soft clay 


P 


6 m Medium dense sand 


k aini 


27 m Soft caly 


D 
° 
° 
x 














Bulb type 
pile pile 














ie 


Newly 
compacted fill 


I777777777777777777 








For light 
to medium 
loading 


For 
heavy 
loading 


Best solution is deep foun- 
dation. Cast-in-place type 
piles such as auger-piles or 
bulb piles into sand layer 
may be appropriate. 


Deep foundations extend- 
ing into medium dense sand 
or preferably into glacial 
till. Drilled pier with bell in 
the till. Also, cast-in-place 
or driven concrete pile or 
pipe pile may be used. 


Deep foundations penetrat- 
ing through fill are appro- 
priate. With piles or piers, 
it is better to stop in the 
upper zone of sand layer to 
limit compression of clay 
layer. Spread footings may 
be used if the proper fill is 
replaced with compacted 
fill. 





Piles or piers bearing in the 
upper zone of sand layer 
may be used, if settlement 
expected is not high and 
loading is low to medium 
heavy. For heavy loads, 
driven steel piles or cais- 
sons to rock are appropri- 
ate. Floating foundations 
may also be considered. 


(Contd.)... 
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12. a n Foundations should bear 
2.5 m Miscellaneous soil fill 2 directly on rock, since it is 

7 relatively close to the sur- 

S face. If no basements are 

2 m Loose sand and soft clay ii 7o required, piers may be used. 

$ ga If basements are useful, 

Beak g excavation is to be carried 

to the rock and two base- 





ment levels may be con- 
structed. 





(After McCarthy, 1977) 


15.4 SPREAD FOOTINGS 


Spread footings are the most widely used type among all foundations be because they are 
usually more economical than others. Least amount of equipment and skill are required for 
the construction of spread footings. Further, the conditions of the footings and the supporting 
soil can be readily examined. 

Other types of foundations are more favourable when the soil has a very low bearing 
capacity or when excessive settlements are expected to result due to the presence of compress- 
ible strata within the active zone. 


15.4.1 Common Types of Spread Footings 


A spread footing is a type of shallow foundation used to support a wall or a column. In the 
former case, it is called a continuous or wall footing and in the latter, it is called an isolated or 
individual footing. The commonly used variations of individual footings are illustrated in 
Fig. 15.11. 





(a) Plain or simple footing (b) Mass concrete footing (c) Sloped footing ° (d) Stepped footing ` 
for steel column 


Fig. 15.11 Common variations of individual footings 


The base area of the footing is governed by the bearing capacity of the soil. The plain 
footing is usually of reinforced concrete and is used to support a reinforced concrete column. 
The mass concrete footing is used to support a steel column. Usually the sloped footing will be 
of the same material as that for the column; alternatively, it can be of reinforced concrete. The 
stepped footing is used either for a column or for a wall. All the steps may be of concrete or the 
bottom most step alone may be of concrete, the others being of the same material as for the 
column. 
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15.4.2 Depth of Footings 
The important criteria for deciding upon the depth at which footings have to be installed may 
be set out as follows: 

1. Footings should be taken below the top (organic) soil, miscellaneous fill, debris or 
muck. 

If the thickness of the top soil is large, two alternatives are available: 

(a) Removing the top soil under the footing and replacing it with lean concrete; and (b) 
removing the top soil in an area larger than the footing and replacing it with compacted sand 
and gravel; the area of this compacted fill should be sufficiently large to distribute the loads 
from the footing on to a larger area. 

The choice between these two alternatives, which are shown in Fig. 15.12 (a) and (b) 
will depend upon the time available and relative economy. 


Top soil with 
inadequate 
bearing capactiy 


























Lean concrete pad ad Compacted sand or sand 
Soil with adequate and gravel with adequate 
bearing capacity or rock bearing capacity 

(a) (b) 


Fig. 15.12 Alternatives when top soil is of large thickness 
(After Teng, 1976) 


2. Footings should be taken below the depth of frost penetration. Interior footings in 
heated buildings in cold countries will not be affected by frost. The minimum depths of footings 
from this criterion are usually specified in the load building codes of large cities in countries in 
which frost is a significant factor in foundation design. 

The damage due to frost action is caused by the volume change of water in the soil at 
freezing temperatures. Gravel and coarse sand above water level, containing less than 3% 
fines, cannot hold water and consequently are not subjected to frost action. Other soils are 
subjected to frost-heave within the depth of frost penetration. 

In tropical countries like India, frost is not a problem except in very few areas like the 
Himalayan region. 

3. Footings should be taken below the possible depth of erosion due to natural causes 
like surface water run off. The minimum depth of footings on this count is usually taken as 
30 cm for single and two-storey constructions, while it is taken as 60 cm for heavier construction. 

4. Footings on sloping ground be constructed with a sufficient edge distance (minimum 
60 cm to 90 cm) for protecting against erosion (Fig. 15.18). 
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Frost depth 








>| 
Min. 60 cm (rock) 
90 cm (soil) 


Fig. 15.13 Edge distance for floating on sloping ground 


5. The difference in elevation between footings should not be so great as to introduce 
undesirable overlapping of stresses in soil. The guideline used for this is that the maximum 
difference in elevation should be maintained equal to the clear distance between two footings 
in the case of rock and equal to half the clear distance between two footings in the case of soil 
(Fig. 15.14). This is also necessary to prevent disturbance of soil under the higher footing due 
to the excavation for the lower footing. 





_— 


b+a/2 for footings on soil 
b+a for footings on rock 


Fig. 15.14 Footings at different elevations—restrictions 


15.4.3 Bearing Capacity of Soils Under Footings 


Granular Soils 

Bearing capacity of granular soils depends upon the unit weight y and the angle of internal 
friction 6 of the soil, both of which vary primarily with the density index of the soil. Dense soils 
have large values of y and ọ and consequently high hearing capacity. Loose soils, on the other 
hand, have small y and © values and low bearing power. 

The density index of granular soils in-situ is generally determined by standard penetra- 
tion tests. The relationship between N-values and 6-values established empirically by Peck, 
Hanson and Thornburn may be used, and later the relevant Terzaghi equations may be ap- 
plied to get the bearing capacity. 

In conventional design, the allowable bearing capacity should be taken as the smaller of 
the following two values: 

(i) Bearing capacity based on shear failure: This is the ultimate bearing capacity di- 
vided by a suitable factor of safety; usually a value of 3 is used for normal loading and 2 for 
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maximum load. Empirical equations for bearing capacity in terms of N-value may be used 
(Chapter 14). 

(ii) Allowable bearing pressure based on tolerable settlement: Empirical equation given 
by Terzaghi and Peck may be used in terms of N-values—for the net allowable bearing pres- 
sure. 

The value may be modified by using the linear relationship with permissible settle- 
ment, if it is desired for a different value of the permissible settlement. 

If D,l b > 1, the value is obtained by multiplying by the factor (1 + D,/b). 

The allowable bearing pressure is taken as the smaller of (i) and (iz) finally. 


Cohesive soils 
The ultimate bearing capacity of cohesive soils depends primarily on their shear strength (or 
consistency). This may be determined by any one of the following: 

(i) Standard penetration tests: For conservative design of small jobs, the correlation 
between standard penetration value, consistency and allowable bearing, capacity given by 
Terzaghi and Peck (Chapter 14) may be used. 

(ii) Unconfined compression tests: For medium jobs, the shear strength obtained from 
unconfined compression tests should be used. Skempton’s equation for bearing capacity is 
used in which cohesion is taken as half the unconfined compression strength. 

(iii) Triaxial tests: For large jobs, the shear strength may be determined from triaxial 
tests on undisturbed samples. The shear parameters are obtained by plotting the data from 
triaxial tests. Drainage conditions in the field are to be simulated in the laboratory and careful 
interpretation of the results is required. 


Silts 


Silt is often a poor foundation soil and should be avoided for supporting footings. Apparent 
cohesion, exhibited by moist silt disappears on immersion. Plate load tests at about the ground 
water level are advocated in this case. 


Compacted fills 
Bearing capacity for compacted fills must be determined both before and after compaction. 


Organic Soils 

Organic soils are not suitable for supporting footings. Highly organic soils settle unduly even 
under their own weight, both by consolidation and by decay or decomposition of the organic 
matter. 


Rocks 


Generally speaking, rocks can withstand pressures greater than concrete can do. Rocks with 
fissures. folds, faults and bedding planes are exceptions to this. Shales may become clay or silt 
on soaking. Weathered rocks are treacherous and lose strength on wetting. 


15.4.4 Settlement of Footings 


If the allowable bearing pressure is determined based on the smaller value from the two crite- 
ria—shear strength and permissible settlement—footings on granular soils do not suffer detri- 
mental settlement. 
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Footings on clay will experience settlement which consists of three components (Skempton 
and Bjerrum, 1957): 
S=S,+S8,+8, ...(Eq. 15.1) 
where, S = Total settlement, 
S, = Immediate elastic settlement, 
S, = Consolidation settlement due to primary compression, and 
S, = Settlement due to secondary compression of the clay. 


These and other details of settlement analysis have already been dealt with exhaus- 
tively (Chapter 11). 


15.4.5 Proportioning Sizes of Footings and Choice of Column Loads 


A structure is usually supported on a number of columns. These columns usually carry differ- 
ent loads depending upon their location with respect to the structure. Differential settlements 
are minimised by proportioning the footings for the various columns so as to equalise the 
average bearing pressure under all columns. 


But each column load consists of dead load plus live load. The full live load does not act 
all the time; further live loads such as those due to heavy wind do not produce significant 
settlement since they act only for short durations; this is especially true in the case of cohesive 
soils. Hence, dead load plus full live load is not a realistic criterion for producing equal 
settlement. 


What is known as the ‘service load’ is a better criterion. This is the actual load expected 
to act on the foundation during the normal service of the structure, i.e., for most of the time. In 
ordinary buildings, this is taken as the dead load plus one half the live load; a larger fraction of 
the live load should be used for warehouses and other industrial structures. 

The following procedure is given by Teng (1976) based on the recommendations of Peck, 
Hanson and Thornburn (1974): 


(i) Dead load, inclusive of self-weight of column and estimated value for footing, is 
noted for each column footing. 

(ii) The live load for each column is calculated (appropriate values are chosen from the 
relevant I.S. Codes of Practice). 

(iii) The ratio of live load to dead load is calculated for each column footing; the maxi- 
mum value of this ratio is noted. 

(iv) The allowable bearing pressure of the soil is determined by the procedures given in 
Chapter 14. 

(v) For the footing with the largest live load to dead load ratio, the area of footing re- 
quired is calculated by dividing the total load (dead load plus maximum live load) by 
the allowable bearing pressure of the soil. 

(vi) The service load for the column with the maximum live load to dead load ratio is 
computed by adding the appropriate fraction of the live load to the dead load. 

(vii) The allowable bearing pressure to be used for all the other column footings is ob- 
tained by dividing the service load for the column with maximum live load to dead 
load ratio by the area of the footing for this column (This pressure will be obviously 
somewhat less than the computed allowable bearing pressure of step (iv). 
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(viii) Service loads for all other columns are computed. 
(ix) The area of the footing for each of the other columns is obtained by dividing the 
corresponding service load by the reduced allowable bearing pressure of step (vii). 
The advantage in this procedure is that the allowable bearing pressure of the soil is 
never exceeded under any circumstances and the reduced or service loads, which are effective 
during most of the time are expected to result in equal settlements. 


The procedure, as standardised by the ISI, is set out in “IS: 1080-1985 Code of Practice 
for Design and Construction of simple spread foundations (Second Revision)”. 


15.4.6 Footings Subjected to Moments—Eccentric Loading 


Footings supporting axially loaded columns and which are symmetrically placed with respect 
to the columns will be subjected to uniform soils pressures. However, footings may often have 
to resist not only axial loads but also moment about one or both axes. The moment may exist at 
the bottom of an axially loaded column, whence it is transmitted to the footing; alternatively, 
it may be produced by an axial vertical load located eccentrically from the centroid to the base 
of the footing, positioned unsymmetrically with respect to the column. If the moment in the 
first case is equal to the product of the axial load and eccentricity in the second, the soil pres- 
sure distribution will be just identical. Thus, the substitution of an equivalent eccentric load 
for a real moment is considered a convenient method which simplifies computations in some 
cases. 


Foundations for retaining walls may have to resist moments due to the active earth 
pressure and those for bridge piers may have to resist moments produced primarily by wind 
and traction on the superstructure. These foundations also have to be treated in a somewhat 
similar manner as footings subjected to moments. 

Once the soil reactions are determined, the design data such as critical moments and 
shears may be obtained as a prerequisite for the structural design. Fundamental to all these 
computations are the laws of statics. The distribution of vertical soil pressure at the base must 
satisfy the requirements of statics that (i) the total upward soil reaction must be equal to the 
sum of the downward loads on the base, and (ii) the moment of the resultant vertical load 
about any point must equal to the moment of the total soil reaction about the same point. In 
addition, an adequate horizontal soil reaction must be available, by virtue of frictional resist- 
ance at the base, to oppose the resultant horizontal load. 

Ordinary footings are commonly assumed to act as rigid structures. This assumption 
leads to the conclusion that the vertical settlement of the soil beneath the base must have a 
planar distribution since a rigid foundation remains plane when it settles. Another assump- 
tion is that the ratio of pressure to settlement is constant, which also leads to the conclusion 
regarding the planar distribution of soil pressure. Although, neither of these assumptions is 
strictly valid, each is considered to be sufficiently accurate for ordinary purposes of design. 

Two distinct cases arise: 

(1) Resultant force within the middle third of the base; and, 

(2) Resultant force outside the middle third of the base. 
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Resultant force within the middle third of the base 
A footing subjected to moment is shown in Fig. 15.15. 
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Fig. 15.15 Footing subjected to moment—Resultant force within the middle-third of base 
The forces acting on the footing including self-weight are resolved into V and H. The 
moment M may be expressed asM=H-h=V-e. 
We have, e = M/V ...(Eq. 15.2) 
This equation enables one to determine the eccentricity of the resultant of all forces 
acting on the base regardless of how complicated the conditions of loading may be. 


If the vertical load V acts alone, it produces uniform soil pressure due to the direct 
stress as shown in Fig. 15.14 (c). If the horizontal load H acts alone, it produces a shear that 
must be resisted by the soil at the base and also a moment which produces soil pressure distri- 
bution shown in Fig. 15.14 (d), due to bending. 

The resultant soil pressure will be the combined effect of V and M is shown in 
Fig. 15.14 (e). 


The maximum and minimum soil pressure are obtained as: 


V 6e 
4I eas (Eq. 15.3 
2 al =) eae) 
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V 6e 
= —|1+— ... (Eq. 15.4 
V 6e 
_ 1- 8e ...(Eq. 15.5 
d min al =) ( q ) 


Equation 15.3 is merely a special form of the basic formula for the resultant stress on a 
section subjected to a direct load P and a moment M, expressed in strength of materials, in the 
form: 


P 
=A" 
The maximum eccentricity for no tension to occur in the base is obtained by equating 
Amin tO zero, and solving for e: 
e nax = 0/6 ...(Eq. 15.6) 
Since the eccentricity can occur to either side of the middle depending upon the direc- 
tion of H, the resultant force should fall within the middle-third of the base in order that no 
tensile stresses occur anywhere in the base. 
If the eccentricity occurs with respect to the axis which bisects the other dimension L of 
the footing. 


V (148 
G=onl FT ...(Eq. 15.7) 
e nax = Ie ...(Eq. 15.8) 

This leads to the concept of ‘kerr or ‘core’ of a section, which is the zone within which 
the resultant should fall for the entire base to be subjected to compression. 

For a rectangular section, the kern is a centrally located rhombus with the diagonals 
equal to one-third of the breadth and length; for a circular section it is a concentric circle with 
diameter one-fourth of that of the circle. 

Most footings are designed so that the resultant of the loads falls within the kern and 
the soil reaction everywhere is compressive. However, in certain cases such as the design of 
the base slab of a cantilever retaining wall, the resultant may fall outside the kern, and the 
distribution of pressure shown in Fig. 15.15 must be used for the structural design of the 
footing. 


Resultant force outside the middle-third of the base 


If the horizontal component of the total load increases beyond a certain limit in relation to the 
vertical component, the resultant force falls outside the middle-third of the base, the eccentric- 
ity being more than the limiting value of one-sixth the size of the base. It must be remembered 
that soil cannot provide tensile reaction; it just loses contact with the footing in the zone of 
tension. This situation is shown in Fig. 15.16. 

From the laws of statics, the total upward force must be equal to V and also collinear 
with V. That is to say: 
xL 





max 
y= 
2 


and 2 -(3-| (Eq. 15.10) 


(Eq. 15.9) 
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(b) Soil pressure 


Fig. 15.16 Footing subjected to moment-resultant force 
outside the middle-third of the base 





V 4b 
Also, l | ...(Eq. 15.11) 


Imax = A | 3b — 6e 
where A = bL. 


Equation 15.9 reveals that the maximum soil pressure is merely twice the average pres- 
sure produced by V acting on the area xL. 


Moment about both axes 

When moments act simultaneously about both axes, for example when a vertical load acts at 
an eccentricity with respect to both the axes, as shown in Fig. 15.17, the soil pressure is given 
by the following equation: 





q= V „Mcs , Mr -¢1 
A I, I, 
This is under the assumption that the entire base is under compression. 


...(Eq. 15.12) 














-— Probable zone of zero pressure 
if the computed soil pressure 
at C appears to be negative 

B 








Fig. 15.17 Footing subjected to moments about both axes 
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The location of the maximum and minimum soil pressures may be determined readily 
by observing the directions on the moments. Likewise, the proper signs in Eq. 15.12 may be 
determined by inspection for any other point on the base of the footing. 

If the minimum soil pressure computed appears to be negative, there exists a zone like 
CZZ in which the footing loses contact with the soil and hence, there will be no pressure in the 
zone. Equation 15.12 will not be applicable to this case. For the determinations of soil pres- 
sures for this situation, the reader is referred to Peck, Hanson and Thornburn (1974), who give 
an excellent trial and error procedure. 


Useful width concept 

For the determination of the bearing capacity of an eccentrically loaded footing, the concept of 
‘useful width’ has been introduced. By this concept, the portion of the footing which is sym- 
metrical about the load is considered useful and the other portion is simply assumed superflu- 
ous for the convenience of computation (Teng, 1976). This is illustrated in Fig. 15.18. 




















Fig. 15.18 Useful width concept for eccentrically loaded footings 


If the eccentricities are e, and e,, as shown, the useful widths b’ and L’ are: 
b’=b-2e, L’=L-—-2e, .. (Eq. 15.18) 

The equivalent area A’ is considered to be subjected to a central load for the determina- 
tion of bearing capacity: 

A’ =0b'L’ = (b — 2e,\(L — 2e,) ...(Eq. 15.14) 

The procedure may be used even if the eccentricity is with respect to one of the axes 
only. 

This concept simply means that the bearing capacity of a footing decreases linearly with 
the eccentricity of load. This is almost true in the case of cohesive soils; however, the relation- 
ship is parabolic rather than linear in the case of granular soils (Meyerhof, 1953). 

Therefore, it is considered better to use a reduction factor R, for getting the reduced 
bearing capacity due to eccentricity of loading: 

Tat = Gut Re ... (Eq. 15.15) 


where q’ „ = bearing capacity of an eccentrically load footing size b x L, 


ult 
Fut = beairng capacity of a centrally loaded footing of size b x L, and 


R, = reduction factor for eccentricity. 
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If there is eccentricity about both axes, the product of the two factors must be used. 
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Fig. 15.19 Reduction factor for eccentrically loaded footings 


Footings with unsymmetrical shapes 


The assumption till now has been that at least one axis of symmetry exists for the footing in 
plan. If an unsymmetrical section is involved under eccentric loading, computation of soil pres- 
sures becomes a problem, since Eq. 15.12 is not applicable even though the entire base may be 
in compression. However, the errors involved in using Eq. 15.12 may not be intolerable for 
design, unless the footing is greatly unsymmetrical. 


15.4.7 Inclined Loading 


The conventional procedure of analysing the stability of footings subjected to inclined loading 
consists in resolving the load into a vertical component V and a horizontal component H, and 
dealing with the effect of each separately. The soil pressure due to the vertical load is consid- 
ered to be uniform and the stability against ultimate failure is analysed in the usual way. 














P, is negligible 





= 2 ———_* 
F=u.V p= 0.35 to 0.55 2c+yD, F =c x area of base ; 
c : Cohesion — 10 to 30 kN/m 
P re (P, p$ Pa + F) 
Factor of safety against sliding = ~a 
(a) Granular soil (b) Cohesive soils 


Fig. 15.20 Conventional method of analysis of footings subjected to inclined loads 


The stability against the horizontal load is analysed by ensuring a minimum factor of 
safety against sliding at the base, which is defined as the ratio between the total resistance to 
sliding and the applied horizontal force. The total horizontal resistance usually consists of 
passive resistance of the soil and a frictional resistance F at the base, which is dependent upon 
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the coefficient of friction between the base of the footing and the soil beneath it. This is illus- 
trated in Fig. 15.20. 
Janbu (1957) proposed an analysis which is a direct extension of the Terzaghi theory 
with an additional factor N,, in addition to Terzaghi’s factors N, N, and N f 
(R+N,.H) 
A 
where A = area of base of footing. 


1 
=cN,+ yD/N, + z YON, ... (Eq. 15.16) 


The notation and values are shown in Fig. 15.21. 
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Fig. 15.21 Continuous footing subjected to inclined load (After Janbu, 1957) 









Qu =Ultimate bearing capacity of horizontal footing under vertical load 
R; = Reduction factor (given in the charts below) 
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Fig. 15.22 Footings subjected to inclined load (a) Horizontal foundation (AREA) 
(b) Inclined foundation (Meyerhof) 
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Meyerhof (1953) proposed an analysis of footings subjected to inclined loads and con- 
structed convenient charts, shown in Fig. 15.22. The load is considered to act vertically and 
the bearing capacity is obtained by the normal procedure. It is then corrected by multiplying 
by the factor R, 


15.4.8 Footings on Slopes 


Meyerhof (1957) again proposed an equation for the bearing capacity of footings on sloping 
ground as follows: 


1 
Ault = cN og + 2 WN y 
The values of the bearing capacity factors N „ and N_, for continuous footings are given 
in Fig. 15.23. These factors vary with the slope of the ground, the relative position of the 


footing and the angle of internal friction of the soil. 


...(Eq. 15.17) 
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Fig. 15.23 Bearing capacity of continuous footings on slopes 
(After G.G. Meyerhof) 
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Footings must be constructed only on slopes which are stable. The stability of the slope 
itself may be endangered by the construction of footings. 


15.4.9 Construction of Spread Footings 


Footings are relatively simple to construct. The inspection of subsoil conditions, the realtive 
depth of footing and dewatering of excavation when necessary require special attention. De- 
pending on the nature of soil, bracings may be required for this sides. 

The average soil condition based on the soil boring results must be ascertained. As the 
foundation is constructed, the actual soil conditions encountered must be checked with respect 
to the boring analysis. 

Adjacent footings should be constructed such that their difference of levels, if any, does 
not introduce undue additional stress at the lower footings and also that the lower footing does 
not affect the stability of the upper one. This difficulty is generally avoided by keeping the 
difference in the elevations of footings not greater than one-half the clear distance between 
the footings. It is always a good practice to construct the lower footings first, so that the eleva- 
tion of the upper footing may be adjusted if necessary. 


The excavation should be kept dry during the construction period because free water 
gives rise to many difficulties. The soil conditions under water cannot be easily inspected. In 
clay soils, free water tends to soften the upper portion of the soil and cause settlements. Plac- 
ing concrete under water also poses problems. For these reasons, it is considered necessary to 
dewater the excavations where necessary. 


For certain recommendation in this regard, the reader is referred to “IS: 1080-1980 
Code of Practice for design and construction of simple spread foundations (First Revision)”. 


15.5 STRAP FOOTINGS 


A relatively common type of combined construction is the ‘strap footing’ or ‘cantilever footing’, 
as has already been seen in Sec. 15.2. This is usually employed when the footing of an exterior 
column cannot be allowed to extend into adjoining private property. Straps may be arranged 
in a variety of ways (Fig. 15.2), and the choice depends upon the specific conditions of each 
case. 


15.5.1 The Cantilever Principle 


The cantilever principle is largely concealed in actual footings of this type. This principle is 
illustrated in Fig. 15.24. 








| | 
| | 
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Fig. 15.24 Cantilever principle of strap footing 
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It may be inferred from this figure that the two individual footings is a problem of 
statics if the allowable soil pressure is known and if the dimension b of the exterior footing is 
either fixed or assumed. Also, the centroid of the two areas must lie on the line of the action of 
the resultant load. This requirement may not be obvious because the two areas are usually 
found rather independently from ractions determined from the principles of statics. 


15.5.2 Basis for Design of Strap Footings 
Strap footings are designed based on the following assumptions: 
(i) The strap footing is considered to be infinitely stiff. It serves to transfer the column 
loads onto the soil with equal and uniform soil pressure under both the footings. 
(ii) The strap is a pure flexure member and does not directly take soil reaction. The soil 
below the strap will be loosened up in order that the strap does not rest on the soil 
and exert pressure. 
With these assumptions, the procedure of design is simple. With reference to Fig. 15.25, 
it may be given as follows: 











q = Allowable bearing pressure 
R, = P + ell) 
R,=P,-P,.ell 

Fig. 15.25 Design of strap footing 


Assume a trial value of e and compute the reactions R, and R, from statics. The tenta- 
tive areas of the footing are equal to the reactions R, and R, divided by the allowable bearing 
pressure q. The value of e is computed with tentative sizes. These steps are repeated until the 
trial value of e is identical with the final value. 

The shearing force and bending moment in the strap are determined, the strap being 
designed to withstand the maximum values of these. 

Each of these footings is assumed to be subjected to uniform soil pressure and designed 
as simple spread footings. Under the assumptions given above, the resultant of the column 
loads P, and P, would coincide with the centre of gravity of the areas of the two footings. 


15.6 COMBINED FOOTINGS 


The use of combined footings is appropriate either when two columns are spaced so closely 
that individual footings are not practicable or when a wall column is so close to the property 
line that it is impossible to center an individual footing under the column. 

A combined footing is so proportioned that the centroid of the area in contact with the 
soil lies on the line of action of the resultant of the loads applied to the footing; consequently, 
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the distribution of soil pressure is reasonably uniform. In addition, the dimensions of the foot- 
ing are chosen such that the allowable soil pressure is not exceeded. When these criteria are 
satisfied, the footing should neither settle nor rotate excessively. 

A combined footing may be of rectangular shape or of trapezoidal shape in plan. These 
are usually constructed using reinforced concrete. 


15.6.1 Rectangular Combined Footing 


A combined footing is usually given a rectangular shape if the rectangle can extend beyond 
each column the necessary distance to make the centroid of the rectangle coincide with the 
point at which the resultant of the column loads intersects the base. 

If the footing is to support an exterior column at the property line where the projection 
has to be limited, provided the interior column carries the greater load, the length of the 
combined footing is established by adjusting the projection of the footing beyond the interior 
column. The width is then obtained by dividing the sum of the vertical loads by the product of 
the length and the allowable soil pressure. A rectangular combined footing is shown in Fig. 15.26. 








Property i 


line sa $ i i 





Section and loading 





S.F. diagram 








B.M. diagram 
Fig. 15.26 Rectangular combined footing 


The B.M. and S.F. diagrams may be sketched, assuming that the column loads are con- 
centrated loads. The maximum values are used for design. 
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15.6.2 Trapezoidal Combined Footing 


When the two column loads are unequal, the exterior column carrying higher load and when 
the property line is quite close to the exterior column, a trapezoidal combined footing is used. 
It may be used even when the interior column carries higher load; but the width of trapezoid 
will be higher in the inner side. The location of the resultant of the column loads establishes 
the position of the centroid of the trapezoid. The length is usually limited by the property line 
at one end and adjacent construction, if any, at the other. 

The width at either end of the trapezoid can be determined from the solution of two 
simultaneous equations—one expressing the location of the centroid of the trapezoid and the 
other equating the sum of the column loads to the product of the allowable soil pressure and 
the area of the footing. 

The resulting pressure distribution is linear or uniformly varying (and not uniform) as 
shown in Fig. 15.27. 
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Fig. 15.27 Trapezoidal combined footing 
In order to determine B, and B,, the following is the procedure: 


2 P+R) 


B+B : ...(Eq. 15.18) 
a 
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where q, = allowable soil pressure. 
By taking moments about the property line or left edge, and on simplifying, 
2B,+By 3 |e 2P,L’ | 
B+B, ZT L| (P, +B) 
L’ and e, are as indicated in Fig. 15.27. 





...(Eq. 15.19) 


B, and B, may be solved from Eqs. 15.18 and 15.19 since the quantities on the right- 
hand sides are known. 


The solution leads to: 


B,= aa. ) (Eq. 15.20) 

and B, = 28 - B; ...(Eq. 15.21) 
The pressure intensities, q, and q, are calculated, once B, and B, are obtained: 

= B28) d2=B2. q, ve eg: 15.22) 


The bending moment and shear force diagrams can be easily sketched now, as shown in 
Fig. 15.27. The maximum values are used for the purpose of design. From Eq. 15.20, 
B, =0 where * = L/3 
For a rectangular shape, 
x =L/2 
Thus, a trapezoidal combined footing solution exists when x is such that: 
L.L 
=—<x<— 
3 2 
In tentative designs, whenever the distance x approaches L/3, or is less than L/3, the 
length L should be increased by increasing the projection beyond the inner column. 


15.7 RAFT FOUNDATIONS 


A ‘raft? or a ‘mat’ foundation is a combined footing which covers the entire area beneath of a 
structure and supports all the walls and columns. This type of foundation is most appropriate 
and suitable when the allowable soil pressure is low, or the loading heavy, and spread footings 
would cover more than one half the plan area. Also, when the soil contains lenses of compress- 
ible strata which are likely to cause considerable differential settlement, a raft foundation is 
well-suited, since it would tend to bridge over the erratic spots, by virtue of its rigidity. On 
occasions, the principle of floating foundation may be applied best in the case of raft founda- 
tions, in order to minimise settlments. 


15.7.1 Common Types of Raft Foundations 
Common types of raft foundations in use are illustrated in Fig. 15.28. 


Fig. 15.28 (a) represents a true raft which is a flat concrete slab of uniform thickness 
throughout the entire area; this is suitable for closely spaced columns, carrying small loads. (b) 
represents a raft with a portion of the slab under the thickened column; this provides sufficient 
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strength for relatively large column loads. (c) is a raft with thickened bands provided along 
column lines in both directions; this provides sufficient strength, when the column spacing is 
large and column loads unequal. (d) represents a raft in which pedestals are provided under 
each column; this alternative serves the same purpose as (b). (e) represents a two-way grid 
structure made of cellular construction and of intersecting structural steel construction (Teng, 
1949). (f) represents a reft wherein basement walls have been used as ribs or deep beams. 
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Plan Plan Plan 
(a) Flat slab type (b) Flat slab thickened under columns (c) Two way beam and slab type 
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Plan Plan Plan 
(d) Flab slab with pedestals (e) Celluar type (f) Basement walls as rigid frame 
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Fig. 15.28 Common types of raft foundations (Teng, 1976) 


A raft foundation usually rests directly on soil or rock: however, it may rest on piles as 
well, if hard stratum is not available at a reasonably small depth. 


15.7.2 Bearing Capacity of Rafts on Sands 


Since the bearing capacity of sand increases with the size of the foundation and since rafts are 
usually of large dimensions, a bearing capacity failure of raft on sand is practically ruled out. 
As a raft bridges over loose pockets and eliminates their influence, the differential settlements 
are much smaller than those of a footing under the same pressure. Hence, higher allowable 
soil pressures may be used for design of rafts on sands. 

Terzaghi and Peck (1948), as also Peck, Hanson and Thornborn (1974), recommend an 
increase of 100% over the value allowed for spread footings. The design charts developed for 
the bearing capacity from N-values for footings on sands may be used for this purpose. The 
effect of the location of water table is treated as in the case of footings. 
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15.7.3 Bearing Capacity of Rafts on Clays 


The net ultimate bearing capacity is divided by the factor of safety to obtain the net allowable 
soil pressure for a footing. The same principle is applicable to rafts on clay. Accordingly, the 
factor of safety, n, in terms of net soil pressure, is given by 
n= =e ..(Eq. 15.23) 
(q- Dr) 
where, c = unit cohesion, 
N „= bearing capacity factor for cohesion, 

q = gross soil pressure or contact pressure, 

y = unit weight of soil, 
and D,= depth of raft below ground surface. 


It is obvious that the factor of safety is very large for rafts established at such depths 
that yD pis nearly equal to q. In fact, the theoretical value of n is infinite, when yD f equals q; in 
such a case, the raft is said to be a ‘fully compensated foundation’ (Peck, Hanson and Thornburn, 
1974). 


15.7.4 Coefficient of Subgrade Reaction 


The ‘coefficient of subgrade reaction’ or ‘subgrade modulus’ is defined as the ratio between the 
pressure and the settlement at a given point: 

k= - (Eq. 15.24) 
where, k = coefficient of subgrade reaction in N/mm, 

q = pressure against the footing or raft at a given point in N/mm?, 
and © = settlement at the particular point in mm. 

In other words, the coefficient of subgrade reaction is the pressure required to produce 
unit settlement. This is difficult to determine for clayey soils in view of the long time required 
for the consolidation settlement to occur. Equation 15.24 is based on the following assump- 
tions: 

(i) k is independent of pressure. 
(ii) k is the same at every point of the footing or mat. 


Actually, a number of factors affect the value of coefficient of subgrade reaction (Terzaghi, 
1955): 


Effect of size 
The value of k decreases with increaseing width of footing. 





b + 0.3)? l 
k=k, b es granular soils a ... (Eq. 15.25) 
k 
k= T cohesive soils he .. (Eq. 15.26) 


where k = coefficeint of subgrade reaction for a very long footing of width b m, and 
k, = coefficient of subgrade reaction for a very long footing of width 1 m. 
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Equation 15.25 is established from experiments and Eq. 15.26 from the pressure bulb 
concept. 


Effect of shape 
For footings with the same width b under the same pressure q and supported on the same soil, 
k decreases with increasing length L of the footing. 

k,(1+6/L) 


= ... (Eq. 15.2 
k T (Eq. 15.27) 


where k = coefficient of subgrade reaction for a rectangular footing, size b x L, 
and k, = coefficient of subgrade reaction for square footing, b x b. 

This indicates that k value for an infinitely long footing is equal to two-thirds of that for 
a square footing. 
Effect of detph 
The elastic modulus, E, of sand increases with depth and it may be expressed by : 

E=c.y.z .. (Eq. 15.28) 

where c = constant, depending on the properties of sand, 

y = unit weight of sand, and 





z = depth. 
Average stress > q 
= Average strain ~S/ Depth of pressure bulb Saye oie) a a 
Rk’ =q/S = cy Q + 2D,/b) ... (Eq. 15.30) 
where k’ = coefficient of subgrade reaction at depth D, 
If = 0, k =c 
=(1+2D,/b) (k < 2k) .-(Eq. 15.31) 


This indicates that the ee ofa eae is reduced to one-half, if it is lowered from 
the ground surface to a depth equal to one-half of the width of the footing. 

A general equation may now be written to include the effect of size and depth for square 
footings: 


On granular soils 





3) 
pak, (? = ) (1 + 2D,/b) (Œq. 15.32) 





2 
with k > 2k, (° i 23) 


On cohesive soils 


The modulus of elasticity for a purely cohesive soil is practically constant throughout the depth. 
Therefore, the depth has no effect on the value of modulus of subgrade reaction. 


On c — ọ soils: 





2 
k=k, (° 3) (1 + 2D,/b) + k/b ...(Eq. 15.33) 
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k, and k, must be evaluated by at least two tests using two different sizes, say 300 mm square 
and 600 mm square. 


15.7.5 General Considerations in the Design of Rafts 


The conditions under which a raft foundation is suitable have already been discussed. In its 
simplest form a raft consists of a reinforced-concrete slab that supports the columns and walls 
of a structure and that distributes the load thereform to the underlying soil. Such a slab is 
usually designed as continuous flat-slab floor supported without upward deflection at the col- 
umns and walls. The soil pressure acting against the slab is commonly assumed to be uni- 
formly distributed and equal to the total of all column loads, divided by the area of the raft. 
The moments and shears in the slab are determined by the use of appropriate coefficients 
listed in codes for the design of flat-slab floors. 

On account of erratic variations in compressibility of almost every soil deposit, there are 
likely to be correspondingly erratic deviations of the soil pressure from the average value. 
Since the moments and shears are determined on the basis of the average pressure, it is con- 
sidered good practice to provide the slab more reinforcement than the theoretical requirement 
and to use the same percentage of steel at top and bottom (Peck, Hanson and Thornburn, 
1974). 

The flat slab analogy is valid only if the differential settlement between columns is 
small and furthermore, if the pattern of the differential settlement is erratic rather than sys- 
tematic. Also, even if deep-seated or systematic settlements are negligible, the flat-slab anal- 
ogy is likely to lead to uneconomical design unless the columns are more or less equally spaced 
and equally loaded. Otherwise, differential settlements may lead to substantial redistribution 
of moments in the slab. 


Under such circumstances, rafts are sometimes designed on the basis of the concept of 
the modulus of subgrade reaction, which implies that soil is considered to be analogous to a 
bed of closely and equally spaced elastic springs of equal stiffness in its stress-strain behaviour. 
Evaluation of the modulus of subgrade reaction, k, for design is not a simple problem since k is 
known to vary in a complex manner on the shape and size of the loaded area, as well as on the 
magnitude and position of near-by loaded areas. [For IS procedure, refer “IS: 2950 
(Part-I-1974 Code of Practice for Design and Construction of Raft Foundation—Part-I Design”]. 

If a raft covers a fairly large area and significantly increases the stresses in an underly- 
ing deposit of compressible clay, it is likely to experience large systematic differential settle- 
ments. For these to be avoided, strength of the slab alone is not sufficient, but stiffness is also 
required. However, a stiff raft is likely to be subjected to bending moments far in excess of 
those corresponding to the flat-slab or subgrade modulus analyses (Peck, Hanson and 
Thornburn, 1974). These moments may require deep beams or trusses. Thus, the raft in such 
instances may be considered to consists of two almost independent elements: the base slab, 
which may still be designed by the flat-slab analogy; and the stiffening members, which have 
the function of preventing most of the differential settlement of the points of support for the 
base slab. 

It has been known that contact pressure distributions in sand and clay are different 
from the uniform distribution commonly assumed in conventional raft design. In the case of 
sand, maximum pressure occurs at the middle and minimum, if any, occurs at the edges; in the 
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case of clay, minimum pressure occurs in the middle and maximum (in fact, sometimes, very 
high) pressure occurs at the edges. It is also interesting to note that the pressure under a raft 
on clay may vary with time (Teng, 1949), and the worst conditions expected are to be consid- 
ered for design. 

It is unlikely that the edge pressure will exceed twice the average pressures. 


As an alternative to the relatively high cost ofa stiff raft of large-size above a compressible 
deposit, substantial economy can be realised by designing a flexible raft and superstructure 
that can deform without damage into the shape corresponding to the compression of the subsoil. 
It may often prove preferable to accept the deformations if the cost of a stiff foundation can be 
avoided. The design of a flexible raft foundation cannot be readily base on the calculation of 
stresses in the slab. Instead, it is necessary to estimate the maximum curvature to which the 
raft may be flexed, and to select the thickness of the slab and the quantum of reinforcement 
such that the slab will not develop cracks large enough to permit a serious leakage of ground 
water. As an approximate guideline, 1% of steel may be provided in each of two directions at 
right-angle to each other, equally divided between the top and bottom of the slab. The thickness 
of the slab should not be generally greater than 1% of the radius of curvature, though local 
increases of thickness near columns and walls mey be required to prevent shear failures. 


15.7.6 Construction of Raft Foundations 


Raft foundations are invariably constructed of reinforced concrete. They are poured in small 
areas such as 10 m x 10 m to avoid excessive shrinkage cracks. Construction joints are care- 
fully located at places of low shear stress—such as the centre lines between columns. Rein- 
forcements should be continuous across points. If a bar is spliced, adequate lap is provided. 
Shear keys may be provided along joints so that the shear stress across the joint is safely 
transmitted. If necessary, the raft may be thickened to provide sufficient strength at the joints. 


*15.8 FOUNDATIONS ON NON-UNIFORM SOILS 


It is generally assumed that the subsoil is relatively uniform either to a very great depth or 
else to a limited depth where a firm base is encountered. In reality, such situations are so 
uncommon as to be considered rare exceptions. The procedures of foundation design are not 
often directly applicable to practical problems; but these may be modified to give reliable indi- 
cations of the probable behaviour of foundations on non-uniform deposits. 

Most subsoils consist either of definite strata or more or less lenticular elements. On the 
basis of preliminary information, such as that from exploratory borings together with stand- 
ard penetration tests and simple laboratory tests, it is possible to identify deposits which are 
sufficiently strong and incompressible. This would enable one to concentrate on the weaker or 
more compressible strata, so as to ascertain their influence on the behaviour of the proposed 
foundation. The load-carrying capacity of the doubtful materials is ascertained and based on 
failure or permissible settlement. Usually this information is adequate for a selection of the 
proper type of foundation. Sometimes, more elaborate exploratory procedures and soil tests 
may be required to provide the basis for a sound decision. 

Stresses may be computed using Newmark’s chart or by some simplified procedure. 
Although the chart is based on the assumption that the material is homogeneous, the errors 


640 GEOTECHNICAL ENGINEERING 





due to stratification or other irregularities are not likely to be significant enough to invalidate 
the predictions of the probable behaviour of the soil. 

In the following subsections, the more important kinds of non-uniform soil deposits will 
be discussed. 


15.8.1 Soft or Loose Strata Overlying Firm Strata 


This situation is relatively simple to deal with since an unsatisfactory character of the materi- 
als is likely to be apparent and rarely overlooked. The important decision is whether or not a 
footing foundation may be used. This may be determined by computing the safe load on the 
basis of the soft deposit assuming that it extends to a great depth. If the computed safe load is 
too small, or the computed settlement too great, footings should be eliminated from considera- 
tion. Provision of piles or piers or using a fully compensated or floating raft foundation are the 
two possible alternatives. 


15.8.2 Dense or Stiff Layer Overlying Soft Deposit 


The implications of the presence of a soft deposit at some depth below firm strata are not very 
obvious, as when the soft materials are at shallow depth. If the firm stratum is not sufficiently 
thick, footings or rafts may exert sufficient pressure to break into the underlying soft soil. 
Even if the overlying firm layer is of sufficient thickness to prevent such a failure, the settle- 
ment of the structure due to consolidation of the soft deposits may be excessive. 


If the loading does not exceed the safe capacity of the underlying soft deposit, failure by 
breaking through the overlying stiff crust will be highly improbable. If the footings are widely 
spaced and the firm layer fairly thin with respect to the width of the footings, the stress at the 
top of the soft layer can be considerably decreased by increasing the size of the footings. On the 
other hand, if the footings are spaced rather closely and the firm layer is comparatively thick, 
the distribution of pressure at the top of the soft layer cannot be altered radically by changing 
the contact pressure (Peck, Hanson and Thornburn, 1974). 

Even if the safe load on the soft soil beneath the firm layer is not exceeded, the settle- 
ment of a footing or raft may be excessive. The settlement may be computed according to the 
procedures given earlier, and if it is excessive, one of the other types of foundations must be 
adopted. 

If the computed settlement is not excessive and if the firm layer is thick enough to 
prevent a bearing capacity failure the footing can be designed as if the soft deposit were not 
present. 


15.8.3 Alternating Soft and Stiff Layers 


If a deposit contains a number of weak layers, bearing capacity and settlement computations 
may be made for each. If the structure cannot be supported on footings, piles or piers may be 
used to transmit the loads to one of the firm strata at sufficient depth to provide a satisfactory 
foundation. This depth may be determined from computations. The choice between piles and 
piers, or of the type of pile to be used, is likely to depend on the difficulty that may be experi- 
enced in driving through the firm strata involved. Conclusions with regard to this aspect have 
to be based on the results of driving test piles. 
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Excavation to compensate for part or all the weight of the structure may permit the use 
of raft. This alternative should be considered along with others. 


15.8.4 Irregular Deposits 


If the subsoil consists of lenticular or wedge-shaped masses, it is rarely possible to make an 
accurate estimate of bearing capacity or settlement. In such cases, it is better to determine the 
general character of the deposit by means of numerous subsurface soundings supplemented by 
a few boring and soil tests. The purpose is to form an idea regarding the size and distribution 
of the softer elements and to judge the most unfavourable combination of elements that can be 
reasonably expected. The estimate of settlement should be based on the assumption that the 
most unfavourable conditions may occur in the most highly stressed portion of the soil. (Peck 
Hanson and Thornburn, 1974). 


15.9 ILLUSTRATIVE EXAMPLES 


Example 15.1: A building is supported on nine columns as shown in Fig. 15.29. and column 
loads are indicated. Determine the required areas of the column footings: 
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Fig. 15.29 Building founded on columns (Ex. 15.1) 
Column No. 1 2 3 4 5 6 7 8 9 
Dead Load (kN) 180 360 240 300 600 360 180 360 210 


Max. Live Load (kN) 180 400 210 300 720 360 120 300 180 











At the selected depth of 1.5 m the allowable bearing capacity is 270 kN/m?. y = 20 kN/m. 


Dead load plus maximum live load, maximum live load to dead load ratio, reduced live 
load and dead load plus reduced live load are all determined and tabulated for all the columns 
(A reduction factor of 50% is used for LL). 
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Column No. 1 2 3 4 5 6 7 8 9 

Dead Load (kN) 180 360 240 300 600 360 180 360 210 
Max. LL (kN) 180 400 210 300 720 360 120 = 300 180 
DL + Max. LL (kN) 360 760 450 600 1320 720 300 660 390 
Max. LL/DL 1.00 1.11 O88 100 1.20 1.00 067 0.83 0.86 
Reduced LL (kN) 90 200 105 150 360 180 60 150 90 

DL + Reduced LL (kN) 270 560 345 450 960 540 240 510 300 








Column No. 5 has the maximum LL to DL ratio of 1.20 and hence it governs the design. 
Assuming the thickness of the footing as 1 m, 


allowable soil pressure corrected for the weight of the footing = (270 — 1 x 20) = 250 kN/m? 


1320 
Area of footing for column No. 5 = 350 7 5.28 m? 
Reduced Load for this column = 960 kN 
Reduced load 
Reduced allowable pressure = a + Weight of footing 
960 


= —— +20 = 182 + 20 = 200 kN/m? 
5.28 


The footing sizes will be obtained by dividing the reduced loads, for each column by the 


corrected reduced allowable pressure of ae or 182 kN/m?. 


The results are tabulated below: 











Column No. 1 2 3 4 5 6 T 8 9 
Reduced Load (kN) 270 560 345 450 960 540 240 510 300 
Corrected reduced 182 182 182 182 182 182 182 182 182 
soil pressure (kN/m?) 

Required area (m?) 1.49 3.07 1.90 2.48 5.28 2.97 1.32 2.80 1.65 
Size of footing (m?) 1.25 1.75 1.40 1.60 2.30 1.75 1.20 1.70 1.30 








The thickness of the footing may be varied somewhat with loading. This will somewhat 


alter the reduced allowable pressures for different footings. The areas of the footings will get 
increased slightly. However, this refinement is ignored in tabulating the sizes of the square 
footings. 


The structural design of the footings may now be made. 


Example 15.2: Compute the ultimate laod that an eccentrically loaded square footing of width 
2.1 m with an eccentricity of 0.35 m can take at a depth of 0.5 m in a soil with y = 18 kN/m, 
c= 9 kN/m? and 9 = 36°, N, = 52; N, = 35; and N, = 42. 
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Conventional approach (Peck, Hanson and Thornburn, 1974): 
For 9 = 36°, N=52 N,=35 N,=42 
Fut for axial loading = 1.3cN, + yD,N, + 0.4yDN. y 
= 1.3 x 9 x 52 + 18 x 0.5 x 35 + 0.4 x 18 x 2.1 x 42 
= 608.4 + 315 + 635.03 ~ 1558 kN/m? 
Eccentricity ratio, e/b = 0.35/2.10 = 1/6. 
If the ultimate load is Q 


ult? 


maximum soil pressure = 2 . q_, = 28 Ge _ AX Rae. 
~ "fav Area  2.1x2.1 

2Q ult 

4.41 


4.41 
Qu = 1558 x 





Equating q „ų to this value, 1558 = 





5 = 3435 kN 
Useful width concept: 
b’ =b — 2e = 2.10 — 2 x 0.35 = 1.40 m 
Since the eccentricity is about only one axis, 
effective area = 1.40 x 2.10 = 2.94 m? 
Quy = 1.3 x 9 x 52 + 18 x 0.5 x 35 + 0.4 x 18 x 1.4 x 42 
= 608.4 + 315 + 423.36 =~ 1347 kN/m? 
Qut = Juy X effective area 
= 1347 x 2.94 = 3960 KN. 


There appears to be significant difference between the result obtained by the two methods. 
The conventional approach is more conservative. 


Example 15.3: Proportion a strap footing for the following data: 

Allowable pressures: 

150 kN/m? for DL + reduced LL 

225 kN/m? for DL + LL 

Column loads 

Column A Column B 

DL 540 kN 690 kN 
LL 400 kN 810 kN 


Proportion the footing for uniform pressure under DL + reduced LL. Distance c/c of 
columns = 5.4m 


Projection beyond column A not to exceed 0.5 m. 
DL + reduced LL: 
for column A = 740 kN 
for column B i 1095 kN 
Footing A 


Assume a width of 2.4 m. Eccentricity of column load with respect to the footing = (1.2 — 0.5) 
=0.7m 
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c/c of footings (assuming footing B to be centrally placed with respect to column B) = 5.4 — 0.7 


=4.7m 





— 4.7 m —! 

















2.4 — 2.6 m — 
pile Plan m 


Fig. 15.30 Strap footing (Ex. 15.3) 


5.4 
Enhanced load = 740 x 47 kN = 850 KN 


Area required = 850/150 = 5.67 m? 
Width: 5.67/2.40 = 2.36 m. 
Use 2.4 m x 2.4 m footing (actual area 5.76 m°). 


Footing B 
Load on Column B = 1095 kN 


0.7 
Net load = 1095 — 740 x 177 985 kN. 


Area required = 950/150 = 6.57 m? 

Use 2.6 m x 2.6 m footing (actual area 6.76 m?) 

Soil pressure under DL + LL: 

1080 


5.76 
1360 


6.76 


5.4 
Footing A: Load = 940 x 477 1080 kN Pressure = 


0.7 
Footing B: Load = 1500 kN — 940 x ar 1360 kN Pressure = 
These are less than 225 kN/m?. Hence O.K. 


= 187.5 kN/m? 








Example 15.4: Proportion a rectangular combined footing for uniform pressure under dead 


load plus reduced live load, the following data: 
Allowable soil pressures: 
150 kN/m? for DL + reduced LL 
225 kN/m? for DL + LL 
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Column loads: 
Column A Column B 
DL 540 kN 690 kN 
LL 400 kN 810 kN 
Distance c/c of columns = 5.4 m 
Projection of footing beyond Column A = 0.5 m 


Total Column Loads Column A Column B Total 
DL + reduced LL 740 kN 1095 kN 1835 kN 
DL +LL 940 kN 1500 kN 2440 kN 


For uniform pressure under DL + reduced LL: 
Let the distance of a resultant of column load from Column A be x m. 


__ 1095x54 3.99 
= ip A mSnnS 
Length L = 2(3.22 + 0.50) = 7.44 m Use 7.50 m 
; 835 
Width B = 150x75 ™= 1.63 m say 1.65 m 


Soil pressure under DL + LL: 


Let the distance of resultant of column loads from Column A be x; m 








Sone way 
71" "9449 Pam 
3.25 m from Column A to c.g. of footing ~. e=0.07m 
2440 6 x 0.07 
= 1+ = 208 kN/m? < 225 kN/m? O.K. 
Imax 7.5 x 165 75 _ m 
g -2440 4 6x007 = 96 kN/m? 
mn 75x 165 75 


Structural design of the footing will have to follow. 


0.5 T 
m a 
l 5.4m z 


Section | 


k L = 7.5 m + 





$ 


B = 1.65 m 























i Plan i 


Fig. 15.31 Rectangular combined footing (Ex. 15.4) 


Example 15.5: Proportion a trapezoidal combined footing for uniform pressure under dead 
load plus reduced live load, with the following data: 
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Allowable soil pressures: 
150 kN/m? for DL + reduced LL 
225 kN/m? for DL + LL 
Column loads 
Column A Column B 
DL 540 kN 690 kN 
LL 400 kN 810 kN 


Distance c/c of columns = 5.4m 
Projection of footing beyond column not to exceed 0.5 m. 


Resultant Column Loads Column A Column B Total 
DL + reduced LL 740 kN 1095 kN 1835 kN 
DL +LL 940 kN 1500 kN 2440 kN 


For uniform pressure under DL + reduced LL: 
Let us use equal projections beyond columns A & B. 
L =54m 
L =L + 2e, = 5.4 + 2 x 0.5 = 6.4 m. 
Total area required, A = 1835/150 = 12.23 m? 
x, distance of resultant column load from the left edge = 3.22 + 0.5 = 3.72 


740 kN R = 1835 kN 1095 kN 






3.22 m 2.18 m > 
Col. A Col. B 














aa = 5.4 m———_> 


= sanm 


Section 





K— 3.7 m — 1 2.7 m — 


2440 kN 





Fig. 15.32 Trapezoidal combined footing (Ex. 15.5) 











p= 24 - F )- 2x 12,23 (sean p 1) anes 
EAE 6.4 6.4 

penpe TLN agi 
L 6.4 
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2.85 + 1.05 
Total area provided = pO 6.4 = 12.48 m? (O.K.) 


Total DL + LL = 2440 kN 
2x 105 + 2.05 


Location of c.g. from B, = (6.4/3) ~g 2.70 m 
940 x 5.4 
Location of resultant DL + LL = 9440. = 2.08 m from Col. B 
or 2.58 m from B 
e=0.12m 
Moment of inertia of the section about longer edge 


1 1 
3 * 1.05 x 6.43 + T2 * 1.80 x 6.4 = 131.09 m‘ 


M.I. about an axis through c.g. = 131.09 — 12.48 x 2.70 = 40.1 mt 


2440 2440 x 0.12 x 2.7 
+ AER OUR kN/m? < 225 kN/m? (O.K) 








Tmax = 19.48 40.1 
2440 2440 x 0.12 x 2.7 
= — 2 
Imin = 1248 40.1 = 176 kN/m 


The structural design of the footing has now to follow. 
Example 15.6: A raft, 9 m x 27 m, is founded at a depth of 3 m in sand with a value of N = 25 
upto great depth. Determine the total load which the raft can support. If the raft is designed as 
a floating foundation, what will be the load it can support ? 

Assume y = 18 kN/m. 

Allowable soil pressure for a footing for N = 25 is 330 kN/m? 

(from Terzaghi and Peck’s charts for 40 mm settlement) 

Allowable soil pressure for a raft = 2 x 330 = 660 kN/m? 

(According to Peck, Hanson and Thornburn) 

Total load which the raft can support = 660 x 9 x 27 = 160,380 kN 

If the raft is designed as a floating foundation, 

The soil pressure = relief of stress due to excavation = 3 x 18 = 54 kN/m? 

Total load which the raft can support in that case = 54 x 9 x 27 = 13,120 KN. 


SUMMARY OF MAIN POINTS 


1. Foundations are categorised as shallow foundations (D,;/b < 1) and deep foundations. Shallow 
foundations are either footings or rafts. Footings may be spread footings which may be continu- 
ous for walls, or isolated for columns; the shape of the latter being square, circular or rectangu- 
lar. Strap footings and combined footings are used to support more than one column; the latter 
may be rectangular or trapezoidal in shape. 

A floating foundation is not a type but a concept whereby the relief of stress due to excava- 
tion is made nearly equal to the structure load. 
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The choice of type of foundation for a given situation may sometimes involve difficult judgement; 
relative economy of possible types must be studied before a final choice is made. No rigid rules 
can be made but only approximate guidelines stated. 

Bearing capacity of footings on sands is invariably governed by settlement criterion, while that 
on clays by shear failure. 

The settlement of footings may be considered to consist of contributions due to immediate or 
elastic compression, consolidation and secondary compression. 

Proportioning of several footings supporting a structure is done such that settlement is nearly 
equal for all footings under service loads, which are a judicious combination of dead and live 
loads. 

Eccentrically loaded footings or footings subjected to moments are usually designed based on the 
useful width concept; according to this the area symmetrical to the applied load is considered to 
be the effective or useful area. 

Combined footings may be rectangular or trapezoidal in plan shape; the latter are used when 
space restrictions due to the proximity of the property line exist, and when the column loads are 
very unequal. 

Raft foundations are preferred on poor soils where spread footings are not practicable; they are 
designed either by the conventional rigid approach, assuming uniform contact pressure or by the 
concept of modulus of subgrade reaction approach. 

Foundation design in non-uniform soil deposits is rather complex; especially so when a dense or 
stiff layer overlies a soft deposit; great care is required in coming to conclusions in such cases. 
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QUESTIONS AND PROBLEMS 


15.1 


15.2 


15.3 


15.4 


15.5 


15.6 


15.7 


15.8 


15.9 


15.10 


(a) What is the function of a ‘foundation’? 
(b) Write an explanatory note on the general types of foundations, with suitable sketches. 
(a) What are the general consideration in the choice of the foundation type? 
(b) How is the depth of the foundation determined? 
(a) How is the settlement of footings estimated? 
(b) Write a note on the methods of proportioning of footings for equal settlement. 
(a) How are eccentrically loaded footings designed? 
(b) Write a note on the ‘useful width concept’. 
(a) Explain the circumstances under which a strap footing is used. 
(b) What is the basis for design of strap footings? 
(a) What are the conditions under which combined footings are used? 
(b) When is a trapezoidal combined footing preferred to as rectangular one? 
Explain how it is proportioned. 
(a) What is a ‘raft foundation’? When is it preferred? 
(b) Explain the concept of floating foundation applied to a raft. 
(a) Explain the conventional rigid approach to the design of a raft foundation. 
(b) What is the coefficient of subgrade reaction? On what factors does it depend? 
(a) Explain how a foundation may be designed when a dense stratum overlies a loose one. 
(b) How is a foundation designed when soft and stiff layers alternate at a site? 
(a) A building is supported symmetrically on nine columns, spaced at 4.5 m c/c. 
At the chosen depth of 2 m, the allowable bearing capacity is 300 kN/m?; y = 18 kN/m. 
(b) The column loads are as given below: 


Column No. 1 2 3 4 5 6 7 8 9 
DL (KN) 200 350 250 270 500 350 150 350 350 
LL (kN) 200 400 200 270 650 350 120 300 180 


Proportion the footings for uniform pressure and for equal settlement. 
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15.11 


15.12 


15.13 
15.14 


15.15 


What is the ultimate load which an eccentrically loaded square footing of 2 m size with an eccen- 
tricity of 0.40 m can take at a depth of 0.6 m in a soil with y = 20 kN/m’, c = 12 kN/m?, and 6 = 80°, 
N, = 30, N, = 18, and N, = 15. 

Proportion a strap footing for the following data: 

Allowable soil pressures: 


for DL + reduced LL : 180 kN/cm? 
for DL + LL: 270 kN/m? 
Column A Column B 
DL 500 kN 660 kN 
LL 400 kN 850 kN 


Distance c/c of columns: 5 m 

Projection beyond column A not to exceed 0.5 m. 

Proportion a rectangular combined footing for the data of Problem 15.12, 

Proportion a trapezoidal combined footing for the data of Problem 15.12, if the projection beyond 
both columns cannot exceed 0.5 m. 

A raft, 8 m x 24 m, is founded at a depth of 4 m in sand with a value of N = 20 up to great depth. 
What is the total load which the raft can support? What will be the total capacity if it is to act as 
a floating foundation at this depth ? 

Assume y = 20 kN/m. 


Chapter l 6 


PiLe FOUNDATIONS 


16.1 INTRODUCTION 


Deep foundations are employed when the soil strata immediately beneath the structure are 
not capable of supporting the load with tolerable settlement or adequate safety against shear 
failure. Merely extending the level of support to the first hard stratum is not sufficient, al- 
though this is a common decision that is reached. Instead, the deep foundation must be engi- 
neered in the same way as the shallow foundation so that the soil strata below remain safe and 
free of deleterious settlement. 

Two general forms of deep foundation are recognised: 

1. Pile foundation 

2. Pier, caisson or well foundation. 

Piles are relatively long, slender members that are driven into the ground or cast-in- 
situ. Piers, caissons or wells are larger, constructed by excavation and are sunk to the required 
depth; these usually permit visual examination of the soil or rock on which they rest. In effect 
they are deep spread footings or mats. They are normally used to carry very heavy loads such 
as those from bridge piers or multi-storeyed buildings. A sharp distinction between piles and 
piers is impossible because some foundations combine features of both. 

Piles have been used since prehistoric times. The Neolithic inhabitants of Switzerland, 
12,000 years ago, drove wooden poles in the soft bottoms of shallow lakes and on them erected 
their homes, high above marauding animals and warring neighbours. Pile foundations were 
used by Romans; Vitruvius (59 A.D.) records the use of such foundations. 

Today, pile foundations are much more common than any other type of deep foundation, 
where the soil conditions are unfavourable. 


16.2 CLASSIFICATION OF PILES 


Piles may be classified in a number of ways based on different criteria: 
(a) Function or action 
(b) Composition and material 
(c) Installation 
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16.2.1 Classification Based on Function or Action 
Piles may be classified as follows based on the function or action: 


End-bearing piles 

Used to transfer load through the pile tip to a suitable bearing stratum, passing soft soil or 
water. 

Friction piles 

Used to transfer loads to a depth in a frictional material by means of skin friction along the 
surface area of the pile. 

Tension or uplift piles 

Used to anchor structures subjected to uplift due to hydrostatic pressure or to overturning 
moment due to horizontal forces. 

Compaction piles 

Used to compact loose granular soils in order to increase the bearing capacity. Since they are 
not required to carry any load, the material may not be required to be strong; in fact, sand may 
be used to form the pile. The pile tube, driven to compact the soil, is gradually taken out and 
sand is filled in its place thus forming a ‘sand pile’. 

Anchor piles 

Used to provide anchorage against horizontal pull from sheetpiling or water. 


Fender piles 
Used to protect water-front structures against impact from ships or other floating objects. 


Sheet piles 
Commonly used as bulkheads, or cut-offs to reduce seepage and uplift in hydraulic structures. 


Batter piles 
Used to resist horizontal and inclined forces, especially in water front structures. 


Laterally-loaded piles 


Used to support retaining walls, bridges, dams, and wharves and as fenders for harbour con- 
struction. 


16.2.2 Classification Based on Material and Composition 
Piles may be classified as follows based on material and composition: 


Timber piles 

These are made of timber of sound quality. Length may be up to about 8 m; splicing is adopted 
for greater lengths. Diameter may be from 30 to 40 cm. Timber piles perform well either in 
fully dry condition or submerged condition. Alternate wet and dry conditions reduce the life of 
a timber pile; to overcome this, creosoting is adopted. Maximum design load is about 250 KN. 


Steel piles 


These are usually H-piles (rolled H-shape), pipe piles, or sheet piles (rolled sections of regular 
shapes). They may carry loads up to 1000 KN or more. 
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Concrete piles 


These may be ‘precast’ or ‘cast-in-situ’. Precast piles are reinforced to withstand handling 
stresses. They require space for casting and storage, more time to cure and heavy equipment 
for handling and driving. 


Cast-in-situ piles are installed by pre-excavation, thus eliminating vibration due to driv- 
ing and handling. The common types are Raymond pile, Mac Arthur pile and Franki pile. 


Composite piles 

These may be made of either concrete and timber or concrete and steel. These are considered 
suitable when the upper part of the pile is to project above the water table. Lower portion may 
be of untreated timber and the upper portion of concrete. Otherwise, the lower portion may be 
of steel and the upper one of concrete. 


16.2.3 Classification Based on Method of Installation 
Piles may also be classified as follows based on the method of installation: 


Driven piles 

Timber, steel, or precast concrete piles may be driven into position either vertically or at an 
inclination. If inclined they are termed ‘batter’ or ‘raking’ piles. Pile hammers and pile-driving 
equipment are used for driving piles. 


Cast-in-situ piles 

Only concrete piles can be cast-in-situ. Holes are drilled and these are filled with concrete. 
These may be straight-bored piles or may be ‘under-reamed’ with one or more bulbs at inter- 
vals. Reinforcements may be used according to the requirements. 


Driven and cast-in-situ piles 


This is a combination of both types. Casing or shell may be used. The Franki pile falls in this 
category. 


16.3 USE OF PILES 


The important ways in which piles are used are as follows: 
(i) To carry vertical compressive loads, 

(ii) To resist uplift or tensile forces, and 

(iii) To resist horizontal or inclined loads. 

Bearing piles are used to support vertical loads from the foundations of buildings and 
bridges. The load is carried either by transferring to the incompressible soil or rock below 
through soft strata, or by spreading the load through soft strata that are incapable of support- 
ing concentrated loads from shallow foootings. The former type are called point-bearing piles, 
while the latter are known as friction-piles. 

Tension piles are used to resist upward forces in structures subjected to uplift, such as 
buildings with basements below the ground water level, aprons of dams or buried tanks. They 


are also used to resist overturning of walls and dams and for anchors of towers, guywires and 
bulkheads. 
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Laterally loaded piles support horizontal or inclined forces such as the foundations of 
retaining walls, bridges, dams, and wharves and as fenders in harbour construction. 

In case the lateral loads are of large magnitude they may be more effectively resisted by 
batter piles, driven at an inclination. Closely spaced piles or thin sheet piles are used as coffer- 
dams, seepage cut-offs and retaining walls. Piles may be used to compact loose granular soils 
and also to safeguard foundations against scouring. These are illustrated in Fig. 16.1. 




















(a) Point-bearing pile (b) Friction pile (c) Tension or anchor pile (d) Laterally loaded pile 
Q 





(e) Compaction pile (f) Sheet-pile wall (g) Piles to safeguard foundation against scour 


Fig. 16.1 Uses of piles 


16.4 PILE DRIVING 


The operation of forcing a pile into the ground is known as ‘pile driving’. The oldest method 
and the most widely used even today is by means of a hammer. The equipment used to lift the 
hammer and allow it to fall on to the head of the pile is known as the ‘pile driver’. The Romans 
used a stone block hoisted by an A-frame derrick with slave or horse power. While such a 
simple pile-driving rig is still in use today with mechanical power, the more common equipment 
consists of essentially a crawler-mounted crane, shown schematically in Fig. 16.2. Attached to 
the boom are the ‘leads’, which are just two parallel steel channels fastened together by 
U-shaped spacers and stiffened by trussing. The leads are braced against the crane with a 
stay, which is usually adjustable to permit driving of batter piles. A steam generator or air 
compressor is required for steam hammers. 

The most important feature of the driving rig, from an engineering point of view, is its 
ability to guide the pile accurately. It must be rugged and rigid enough to keep the pile and 
hammer in alignment and plumb inspite of wind, underground obstructions and the move- 
ment of the pile hammer. 
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Pile Hammer 


(a) Crawler-mounted crane rig (b) Sectional plan of leads 
Fig. 16.2 Pile driver with crawler-mounted crane rig 


Pneumatic-tyred motor crane rigs are used for highway work; rail-mounted rigs are 
available for railway work; and barge-mounted rigs are used for marine work. 


Pile hammers are of the following types: 

(i) Drop hammer 

(ii) Single-acting hammer (steam or pneumatic) 
(iii) Double-acting hammer (steam or pneumatic) 
(iv) Diesel hammer (internal combustion) 

(v) Vibratory hammer 


Drop hammer 
This is the simplest type. The hammer, ram or monkey is raised by pulley and which and 
allowed to fall on the top of the pile. 

The drop hammer is simple but very slow and is used for small jobs only. 


Single-acting hammer 

In this type, the hammer is raised by steam or compressed air and is allowed to drop on 
to the pile head. The hammer is usually heavy and rugged, weighing 10 to 100 kN. The height 
of fall may be about 60 to 90 cm. The blows may be delivered much more rapidly than in the 
case of drop hammer. 


Double-acting hammer 
In this type, steam or air pressure is employed to lift the ram and then accelerate it downward. 
The blows are more rapid; from 90 to 240 blows per minute, thus reducing the time required to 
drive the pile, and making the driving easier. The weight of the ram may be 10 to 25 KN. 
This type of hammer loses its effectiveness with wear and poor valve adjustment. The 
energy delivered in each blow varies greatly with the steam or air pressure. If the number of 
blows per minute is approximately the rated value, the pressure is probably correct. 
Steam operation is more efficient, particularly with circulating steam generators. If the 
hammer is to be operated under water, which is possible with enclosed double-acting types, 
compressed air operation is necessary. 


656 GEOTECHNICAL ENGINEERING 





The advantage of power hammers is that the blows follow in rapid succession, keeping 
the pile in continuous motion and reducing the effect of impact, thus minimising the damage 
to the pile head. 


Diesel hammer 


This works on the internal combustion of diesel oil. Energy is provided both for raising the 
hammer and for downward stroke. This type is self-contained, economical, and simple. The 
energy delivered per blow is relatively high, considering the weight of the hammer, as it is 
developed by a high-velocity blow. The disadvantage is that the energy per hammer blow 
varies with the resistance offered by the pile and is difficult to evaluate. Thus, the diesel 
hammer is best adopted to conditions where controlled energy is not critical. 


A double-acting hammer activated by hydraulic pressure is somewhat faster and lighter 
compared to equivalent steam hammers because the operating pressure is much higher. The 
compact hydraulic pump system is easier to move than the bulky air compressor or steam 
generator. 

A heavy single-acting hammer may be more effective sometimes than a light double- 
acting hammer, since the hammer may bounce back due to high velocity, in soils of high resist- 
ance to penetration. 


Vibratory hammer 

The driving unit vibrates at high frequency and thus, the driving is quick and quiet. A variable 
speed oscillator is used for the purpose of creating resonance conditions. This allows easy 
penetration of the pile with a relatively small driving effort. This method is popular in the 
U.S.S.R. 

Most pile hammers require the use of driving heads, helmets, or ‘pile caps’ that distribute 
the force of the blow more evenly over the pile head. A ‘cushion’, consisting of a pad of resilient 
material such as wood, fibre, or plastic, is interposed between the pile head and pile cap, as the 
top portion of the pile cap. 

Piles are ordinarily driven to a resistance measured by the number of blows required for 
the last 1 cm of penetration depending upon the material and weight of the pile. 


16.5 PILE CAPACITY 


The ultimate bearing capacity of a pile is the maximum load which it can carry without failure 
or excessive settlement of the ground. The allowable load on a pile is the load which can be 
imposed upon it with an adequate margin of safety; it may be the ultimate load divided by a 
suitable factor of safety, or the load at which the settlement reaches the allowable value. 

The bearing capacity of a pile depends primarily on the type of soil through which and/ 
or on which it rests, and on the method of installation. It also depends upon the cross-section 
and length of the pile. 

The pile shaft is a structural column that is fixed at the point and usually restrained at 
the top. The elastic stability of piles, or their resistance against buckling, has been investigated 
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both theoretically and by load tests (Bjerrum, 1957). Both theory and experience demonstrate 
that buckling rarely occurs because of the effective lateral support of the soil; it may occur only 
in extremely slender piles in very soft clays or in piles that extend through open air or water. 
Therefore, the ordinary pile in sand or clay may be designed as though it were a short column. 

The pile transfers the load into the soil in two ways. Firstly, through the tip-in compres- 
sion, termed ‘end-bearing’ or ‘point-bearing’; and, secondly, by shear along the surface, termed 
‘skin friction’. If the strata through which the pile is driven are weak, the tip resting on a hard 
stratum transfers most part of the load by end-bearing; the pile is then said to be an end- 
bearing pile. Piles in homogeneous soils transfer the greater part of their load by skin friction, 


and are then called friction piles; however, nearly all piles develop both end-bearing and skin 
friction. 


The following is the classification of the methods of determining pile capacity: 
(i) Static analysis (ii) Dynamic analysis 
(iii) Load tests on pile (iv) Penetration tests 
The first two are theoretical approaches and the last two are field or practical approaches. 


16.5.1 Static Analysis 


The ultimate bearing load of a pile is considered to be the sum of the end-bearing resistance 
and the resistance due to skin friction: 


Q w= Ven + My ... (Eq. 16.1) 
where Q, = ultimate bearing load of the pile, 
Q, = end-bearing resistance of the pile, and 
Qs = skin-friction resistance of the pile. 

However, at low values of load Q, will be zero, and the whole load will be carried by 
skin friction of soil around the pile. Q,, and Qs may be analysed separately; both are based 
upon the state of stress around the pile and on the shear patterns that develop at failure. 
Meyerhof (1959) and Vesic (1967) proposed certain failure surfaces for deep foundations. 
According to Vesic, only punching shear failure occurs in deep foundations irrespective of the 
density index of the soil, so long as the depth to width ratio is greater than 4 (This is invariably 
so for pile foundations). 

Qab = dy A, ...(Eq. 16.2) 
Q= fA, ...(Eq. 16.3) 
Here, q, = bearing capacity in point-bearing for the pile, 
f, = unit skin friction for the pile-soil system, 
A, = bearing area of the base of the pile, and 
A, = surface area of the pile in contact with the soil. 
The general form of the equation for q, presented by various investigators is: 


1 
q, =cN,+ 9 VON, +4. Ni ...(Eq. 16.4) 


which is the same form as the bearing capacity of shallow foundations. 
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For piles in sands: 


1 
q, = a YON, + q. N; ...(Eq. 16.5) 


(for square or rectangular piles) 
q, = 0.3 Y DN, +q N, ...(Eq. 16.6) 
(for circular piles with diameter D) 
With driven piles the term involving the size of the pile is invariably negligible com- 
pared with the surcharge term q . N,. Thus, for all practical purposes, 
a, =4. N} ... (Eq. 16.7) 
The surcharge pressure q is given by 
q=yzifZ<Z,, and 
q=yZ, if Z>Z, .. (Eq. 16.8) 
Z being the embedded length of pile and Z, the critical depth. 


This indicates that the vertical stress at the tip of a long pile tends to reach a constant 
value and the depth beyond which the stress does not increase linearly with depth is called the 
critical depth. This is due to the mechanics of transfer of load from a driven pile to the sur- 
rounding soil. Large-scale tests by Vesic (1967) in the U.S.A. and Kerisel (1967) in France 
indicate that the critical depth Z, is a function of density index. For Ip < 30%, Z, = 10D ; for Ip 
> 70%, Z, = 30 D ; and, for intermediate values, it is nearly proportional to density index (D is 
the dimension of the pile cross-section). 

The bearing capacity factor N is related to the angle of internal friction of the sand in 
the vicinity of the pile tip (several pile diameters above and below the pile tip), and the ratio of 
the pile depth to pile width. Values of N, presented by different investigators show a wide 
range of variation because of the assumptions made in defining the shear zones near the pile 
tip; for example, while Meyerhof assumes the shear zones to extend back to the pile shaft, 
Vesic assumes punching shear in which the shear zones do not extend to the pile shaft. Values 
of N 3 attributed to Berezantzev et al. (1961), which take into account the effect of z/b ratio, are 
believed to be the most applicable for the most commonly encountered field conditions. The 
angle of internal friction for the soil in the vicinity of the pile tip is determined from the 
standard penetration test. If Dutch cone resistance data are available, these values are corre- 
lated directly to the end-bearing resistance of the pile, q,. 

Values of N, given by different investigators are shown in Fig. 16.3. 

These values of N are based on the assumption that the soil above the pile tip is 
comparable to the soil below the pile tip. If the pile penetrates the compact layer only slightly, 
and loose material exists above the compact soil, an N à value for a shallow foundation will be 
more appropriate than a value from Fig. 16.3. 


If Eq. 16.5 or 16.6 is to be used, the value of N for a deep foundation can be conserva- 
tively taken as twice the N, value used for shallow foundation; otherwise, it may be taken 
from Fig. 16.3, the values given by Berezantzev et al. 

According to Nordlund and Tomlinson (1969), Berezantzev’s values of N, increase rap- 
idly for high values of ọ. Further, the decrease in N, with increase in 2/b also will be signifi- 
cant for high values of 6. 
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Fig. 16.3 Bearing capacity factor N; for piles in sand (Nordlund, 1963) 
Vesic’s equation for q, is: 
% = 3q . N; ...(Eq. 16.9) 
where N= e380 tan ¢ , N, ...(Eq. 16.10) 
with the usual notation for N, [= tan? (45° + /2)]. 
Vesic’s values of N q are given in Table 16.1: 


Table 16.1 Vesic’s values of N; for deep foundation 





o° 0 5 10 15 20 25 30 35 40 45 50 
N, 1.0 1.2 1.6 2.2 3.3 5.3 9.5 18.7 42.5 115.4 4.22 











For piles in clays, q, is given by: 
q,=cN,+4 .. (Eq. 16.11) 
since N, = 1 and N,= 0 for ọ = 0° 
N, ranges from 6 to 10 depending upon the stiffness of the clay: a value of 9 is taken for 
N, conventionally. 


It is also considered that q is not significant compared to cN. Hence, for all practical 
purposes 


q, = 9c ..(Eq. 16.12) 
(for piles in clay) 
The general form for the unit skin friction resistance, f, is given by 
f, =c, +6, tan 6 ..(Eq. 16.13) 


where c,= adhesion, which is independent of the normal pressure on the contact area. Cohe- 
sion c is used if the shearing is between soil and soil; 
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6, = average lateral pressure of soil against the pile surface; and 
ô= angle of wall friction, which depends upon the material of the pile ©, is given by 
o, =K,.q ...(Eq. 16.14) 
where K, = coefficient of earth pressure. 
For loose sand (I, < 30%), K, = 1 to 3, and 
for dense sand (I, > 70%), K, = 2 to 5 
For piles in sands: 
f, = ©, tan 6, c, being zero. 
The values of tan 5 may be determined by direct shear tests in which one half of the 
shear box is replaced by the same material as the pile surface. 


Representative values of the coefficient of friction between sand and various pile mate- 
rials are shown in Table 16.2. 


Table 16.2 Coefficient of friction between sand and pile materials 
(McCarthy, 1977) 








S.No. Material Coefficient of friction tan ò 
1. Wood 0.4 
2. Concrete 0.45 
3. Steel, smooth 0.2 
4. Steel, rusted 0.4 
5. Steel, corrugated tan o 

















Values of ratio 6/6 as determined by Potyondy from shear box tests are shown in 
Table 16.3. 
Table 16.3 Values of 5/o for pile materials in contact with dense 
and dry sand (After Potyondy, 1961) 








S. No. Material and surface condition d/o 
1. Wood, parallel to grain 0.76 
2. Wood, perpendicular to grain 0.88 
3. Rough concrete, cast against soil 0.98 
4. Smooth concrete, poured in form work 0.80 
5. Steel, smooth 0.54 
6. Steel, rusted 0.76 

















For piles in clays: 
f, = c, since tan 6 is zero. 
The adhesion c, may be expressed as 
C,=M.€ ... (Eq. 16.15) 
where © is called the ‘adhesion factor’, which varies with the consistency of the clay. 
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When a pile is driven in soft clay, the soil around gets remoulded and loses some of its 
strength. However, it regains almost its full strength within a few weeks of driving, through 
consolidation. Since piles will be usually loaded a few months after driving, this reduction in 
strength soon after driving does not pose any problem. However, if piles are to be loaded soon 
after driving, the remoulded shear strength is to be considered. 

When piles are driven into stiff clays, the soil close to the pile may get remoulded and 
this may also create a slight gap between the pile and the soil; consequently the adhesion is 
always smaller than cohesion and o will be less than unity. 

The adhesion factors for different pile materials and consistency of the clay are shown 
in Table 16.4. 

Table 16.4 Adhesion factors for piles in clay (Tomlinson, 1969) 








S. No. Material of pile Consistency of clay Cohesion (kN/m?) Adhesion factor 
1. Wood and concrete Soft 0-35 0.90 to 1.00 
Medium 35-70 0.60 to 0.90 
Stiff 70-140 0.45 to 0.60 
2. steel Soft 0-35 0.45 to 1.00 
Medium 35-70 0.10 to 0.50 
Stiff 70-140 0.50 























Under-reamed piles 

An ‘under-reamed’ pile is one with an enlarged base or a bulb; the bulb is called ‘under-ream’. 
There could be one or more under-reams in a pile; in the former case, it is called a single under- 
reamed pile and in the latter, it is said to be a multi-under-reamed pile (Fig. 16.4). 





(a) Single under-reamed pile (b) Multi-under-reamed pile 
Fig. 16.4 Under-reamed piles 


Under-reamed piles are cast-in-situ piles, which may be installed both in sandy and in 
clayey soils. The sides may be stabilised, if necessary, by the use of bentonite slurry, sometimes 
called ‘drilling mud’. The under-reams are formed by a special under-reaming equipment. The 
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ratio of bulb size to the pile shaft size may be 2 to 3; usually a value of 2.5 is used. The bearing 
capacity of the pile increases because of the increased base area; the more the number of 
under-reams the more the capacity. Field tests indicate that an under-reamed pile is more 
economical than a straight bored pile for a given load. 
The load capacity of an under-reamed pile may be found in much the same way as for 
driven piles [Murthy, 1977 and IS: 2911 (Part I)- 1974]: 
Qip = Qa + Me =% -4A th, A; ... (Eq. 16.16) 
where q, = unit point-bearing capacity of a bulb 
f, = unit skin-friction 
A, = area of section of the bulb 
A, = surface area of the embedded pile shaft. 
This is for a single under-reamed pile. 


For a multi-under-reamed pile, 


Qup = A, +f Ant fsAs 
where q, = unit point bearing resistance, 
f, = unit skin-friction, 


f, = unit frictional resistance between soil and soil, 
A, = area of section of the lowest bulb, 
A, = surface area of the embedded portion of pile above the top bulb, and 


A, = surface area of a cylinder of diameter b , and height equal to the distance between 
the centres of the extreme bulbs. 


This is based on the assumption that the soil between the bulbs might move together 
with the bulbs at ultimate load. Many factors are involved in the type of failure that may occur 
and this is only an intelligent guess. 


16.5.2 Dynamic Analysis 


Dynamic analysis aims at establishing a relationship between pile capacity and the resistance 
offered to driving with a hammer. This is appropriate for piles penetrating soils such as sands 
and hard clays that will not develop pore water pressures during installation. In saturated 
fine-grained soils, high pore pressures develop due to vibration caused by driving; in such 
cases, the predicted capacities from dynamic analysis will be different from the value attained 
after the dissipation of excess pore pressures. 

The loading and failure produced by driving with a hammer occurs in a fraction of a 
second, whereas in the structure the load is applied over a fairly long period. A fixed relation 
between dynamic and long-term capacity can exist only in a soil for which shear strength is 
independent of the rate of loading. This is nearly true in the case of dry sand and also in 
medium dense wet sand with coarse grains. In clays and in loose fine-grained saturated soils, 
the strength depends upon the rate of shear; in such soils, dynamic analysis of pile capacity 
cannot be valid. 
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Wave equation method 

As the top of the pile is struck with the pile hammer, the impact energy of the blow causes a 
stress wave to be transmitted through the length of the pile. Some of the force is absorbed by 
the surrounding soil, while some is imparted to the soil at the pile tip. What has come to be 
known as the ‘wave equation method’ involves the application of the wave transmission theory 
to determine the load-carrying capacity developed by the pile and also to determine the maxi- 
mum stresses that occur within the pile during driving. 


The dynamic process of pile driving is analogous to the impact of a concentrated mass 
upon an elastic rod. The rod is restrained partially by skin friction and by end bearing at the 
tip. The system can be approximated by a lumped mass elastic model (Ramot, 1967), as shown 
in Fig. 16.5. The distributed mass of the pile is represented by a series of small concentrated 
masses, linked by springs that simulate the longitudinal resistance of the pile. The skin fric- 
tion can be represented by a rheological model of damping or surface restraint that includes 
friction and elastic distortion also. 












































Fig. 16.5 Wave equation method for pile capacity 


When the hammer strikes the pile cap, a force is generated that accelerates the cap (W,) 
and compresses it. This transfers a certain force to the top segment of the pile (W,), and causes 
it to accelerate, slightly after the acceleration of the pile cap. The compressive force induced in 
the top segment accelerates the next segment of the pile (W,). Thus, a wave of compression 
moves down the pile. The vertical force at any instant is equal to the compression of the spring. 
The force wave is partially dissipated in overcoming skin friction on the way down; at the 
bottom, the remaining force overcomes end-bearing. In order that the pile penetrate deeper, 
the force of the wave must exceed the summation of ultimate values of skin friction and end- 
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bearing. If this does not happen, the pile is said to meet ‘refusal’. The shape of the wave de- 
pends upon the rigidity of the pile. If the maximum stress produced exceeds the strength of the 
pile, the pile will get damaged due to ‘over driving’. 

To obtain a solution for the wave equation, it is necessary to know the approximate 
values of length, cross-section, elastic properties and weight of the pile and the pile hammer 
characteristics, and to assign suitable values for spring constants and soil damping. By ana- 
lysing changing conditions for successive small increments of time, the effects of the travelling 
force wave are simulated. This requires numerical integration, which is conveniently handled 
by acomputer. Generally, the analysis is used for diagnosing causes of unusual driving behav- 
iour or as a guide for more efficient choice of equipment or pile. 


Approximate methods—dynamic pile driving formulae 


Approximate methods of dynamic analysis or the socalled ‘dynamic pile-driving formulae’, 
have been used for more than a century to predict pile capacity. These are developed from 
work-energy theory and are simpler to apply than the wave equation. Hence, these formulae 
are still useful in predicting pile capacity from simple observations of driving resistance. 


The basic assumption underlying the pile formulae is that the kinetic energy delivered 
by the pile hammer is transferred to the pile and the soil and, accomplishes useful work by 
forcing the pile into the soil against its dynamic resistance. 


Thus, the basic work-energy equation is as follows: 
W,xHxn= Qup x s + Energy losses .. (Eq. 16.18) 
where W, = weight of pile hammer, 
H = height of fall of hammer, 
n = efficiency of hammer, 
Qup = ultimate capacity of the pile, and 
s = penetration (set) of the pile per blow. 

This relationship is solved for Qu assumed to be equal to the capacity of the pile under 
sustained loading. 

Energy losses include those due to elastic compression of the pile, soil, pile cap and 
cushion and by heat generation. Variations in the several pile formulae result from the differ- 
ent methods to account for the energy losses, which is also the major uncertainty in this ap- 
proach. 

The assumption of work-energy theory does not properly consider the effect of impact 
on a long member such as a pile; however, some of the formulae which consider the losses in an 
empirical manner, have shown reliability for predicting the pile capacity in cohesionless soil. 

Engineering News formula, Danish formula and Hiley’s formula are the more commonly 
used pile formulae. 


Engineering news formula 
The ‘Engineering News’ formula (Wellington, 1886) was derived from observations of driving 
of timber piles in sand with a drop hammer. The general form of this equation is as follows: 


_ WH 
Qn = 40) 





..(Eq. 16.19) 
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where s= final penetration (set) per blow. It is taken as average penetration per blow for 
the last 5 blows or 20 blows depending on whether the hammer is a drop hammer 
or steam hammer, 
C = empirical constant (representing the temporary elastic compression of the hel- 
met, pile and soil) 
This is a dimensionally correct equation—H, s and C should be in the same units. 
Then the units of Qup will be those of W,. 
A factor of safety of 6 was introduced to make up for any inaccuracies arising from the 
use of arbitrary values for the constant, while arriving at the allowable load on the pile. 
W,.H 
Re = G64 C) 
The value of C (in cm) is taken as 2.5 for drop hammer, and 0.25 for steam hammer. 


...(Eq. 16.20) 


For convenience in practical use, Eq. 16.20 may be transformed into mixed units as 
follows: 


500 W, . H 

ap 3(s + 25) for drop hammer ...(Eq. 16.21a) 
POO Wast a 7 , : 

Rap = is425) 10T Steam hammer ...(Eq. 16.21b) 


where H and s are respectively in metres and millimetres, and Q,,, in the same units as W,. 
For double acting steam hammers: 


Qop = 


where W, = weight of hammer (newtons), 


(W, +ap). H 
er ...Eq. 16.22) 
a = effective area of piston (mm?), 
p = mean effective steam pressure (N/mm?), 
H = height of fall of hammer (metres) 
s = final penetration of pile per blow (mm), and 
Qap = allowable load on the pile (kN). 
(Note: This equation has mixed units). 


Numerous load tests on piles indicate that the real safety factor of this formula aver- 
ages 2 instead of the assumed value of 6; it can be as low as 2/3 and as high as 20. 


For wood piles driven with drop hammers and for lightly loaded short piles driven with 
steam hammers, the Engineering News formula gives a crude indication of pile-capacity. For 
other conditions, it can be very misleading. 

Hiley’s formula 
This is considered to be the most complete one, as described by Chellis (1961). Hiley (1930) 
takes into account the energy losses in Eq. 16.18 as follows: 

1. Elastic compression of pile, pile cap and soil: 


1 
J Qupa + Co + C3) OF Qup C 
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where C = 5 (c, + Cg + Cs) 
c, = elastic compression of pile 
c, = elastic compression of pile cap 
c, = elastic compression of soil. 
This is on the assumption of gradual application of the load. 
2. The loss of energy during the impact of the pile and hammer: 


This depends upon the coefficient of restitution, C, for the system which may vary 
between 0.25 and 0.90, depending upon the materials involved. The available energy after 
impact is given by multiplying the energy of the hammer by 


W, +C,’ W, 

W, +W, | 
The loss of energy is therefore given by 

W, +C,W, 
W, +W, | 
W,W, -H .n(1-C,”) 

(W, + Wp) 
Substituting these losses into the energy Eq. 16.18, and simplifying, one obtains 
Q =- WHn (1+C,°R) 

up (s+C) (1+ R) 
where R= W/W, A 
This is referred to as the Hiley formula. 


W,- Hn i- 





or 





...(Eq. 16.23) 


The allowable load Qap may be obtained by dividing Qup by a suitable factor of safety, 
which may be 2 to 2.5. (The formula is dimensionally homogeneous). 


For long and rigid piles, the Hiley formula is conservative since a fraction of the total 
weight of the pile is accelerated at one time, as demonstrated by wave analysis. The weight W; 
in the formula is then taken as the weight of pile cap plus the weight of the top portion of the 


pile; Chellis suggests that (4w,) be taken for W, 


The Hiley formula is considered to be reasonably accurate for piles driven in cohesionless 
soil. 


The various quantities used in Eq. 16.23 are obtained as follows: 
(i) Elastic compression of pile (c4) 
This is computed from the equation 


QupLe 
== .. (Eq. 16.24 
Cy ( q ) 
where L, = embedded length of pile, 
A = cross-sectional area of pile, and 


E = modulus of elasticity of the material of the pile. 
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(ii) Elastic compression of pile cap (c,) 
Table 16.5 c, values 








Material of pile Driving stress (kN/m?) Value of c, 
Precast concrete pile with packing at head 3000 to 15000 0.12 to 0.50 
Steel H pile 3000 to 15000 0.04 to 0.16 
Timber pile without cap 3000 to 15000 0.05 to 0.20 











(iii) Elastic compression of soil (c,) 

The average value is taken as 0.1 cm (it may range from 0 for hard soil to 0.2 for soft 
soil). 

(iv) Efficiency of hammer 


Table 16.6 Hammer efficiencies 








Type of hammer Efficiency of hammer 
Drop hammer 1.00 
Single-acting steam hammer 0.75 to 0.85 
Double-acting steam hammer 0.85 
Diesel hammer 1.00 











(v) Coefficient of restitution (C,) 
Table 16.7 C,-values 











Material Value of C, 
Wood pile 0.25 
Wood cushion on steel pile 0.32 
C.I. Hammer on concrete pile without cap 0.40 
C.I. Hammer on steel pipe without cushion 0.55 








In I.S: 2911 (Part I)-1974 the Hiley-formula is given in a slightly different form: 
7 W,Hnne 
“P(g +C/2) 
where n, = efficiency of hammer blow (or ratio of energy after impact to the energy of the 
hammer before impact) n, is given by 
W, +C, W, 
w= w, +W, 


Q ...(Eq. 16.25) 


| when W > CW, ... (Eq. 16.26a) 





k 4 ee | 3 -C,W, 


2 
h ...(Eq. 16.2 
W,+W, W,+W, |o» en W< CW, (Eq. 16.260) 
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Here, C=C,+C,+C, 
C, = temporary compression of dolly and packing 





-1.77 ew, 
A 
where the driving is without dolly or helmet and cushion about 2.5 cm thick, 
Qup 
C = 9.05 ; 
1 A 


where the driving is with short dolly up to 60 cm long helmet and cushion up to 7.5 cm thick. 
C, = temporary compression of pile 


L 
= 0.0657 Qul 
A 


C, = temporary compression of ground 


Qup 
= 3.55 —— 
A 


L = length of pile in metres 
A = area of cross-section of pile in cm?. 


This is applicable for friction piles. 
For point-bearing piles, a value (4w,) is substituted for W,. The value n . H is also 
referred to as the effective fall of hammer. 


Danish formula 
The Danish formula is 


W,.H. 
Q= ar a ...(Eq. 16.27) 
+ pa 
[ 2 s) 
where s, = elastic compression of the pile 
2W, HL 
8, = a ...(Eq. 16.27a) 


Here L, A and E refer to the length, area of cross-section, and modulus of elasticity of 
the pile. 

A factor of safety of 3 is recommended for use in conjunction with this formula. Com- 
ments on the use of dynamic pile-driving formulae: 

1. In general, dynamic pile driving formulae appear to be more applicable to piles 
driven into cohesionless soils. However, Vesic (1967) suggests that the value of C in 
Engineering News formula should be taken 1 cm for steel pipe piles and 1.5 cm for 
precast concrete piles, since the results would otherwise be too conservative. 

2. According to Vesic (1967), Hiley’s formula does not give consistent results for piles 
in cohesionless soils. 

3. A basic objection to the use of these formulae is that dynamic resistance of a soil is 
very much different from its static resistance. However, formulae such as the 
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Engineering News formula and the Danish formula have gained popularity owing 
to their simplicity. 

4. If the pile is driven into saturated loose sand and silt, liquefaction might result, 
reducing the pile capacity. 

5. Dynamic pile driving formulae are not considered to be applicable to piles driven 
into cohesive soils. This is because there may be apparent increase in driving resist- 
ance due to the development of pore pressures, while there may be a tendency for it 
to decrease later on due to dissipation of pore pressure. 

6. Pile driving in cohesive soils disturbs the soil structure and consequently the resist- 
ance tends to decrease due to remoulding in sensitive clays although there might be 
some regaining of strength with passage of time, due to thixotropy. 

Thus, it is evident that some degree of caution and judgement are called for in the use of 
these formulae. 


16.5.3 Load Test on Pile 


Load test on a pile is one of the best methods of determining the load-carrying capacity of a 
pile. It may be conducted on a driven pile or cast-in-situ pile, on a working pile or a test pile, 
and on a single pile or a group of piles. A working pile is one which forms part of the founda- 
tion, while a test pile is one which is used primarily to check estimated capacities (as predeter- 
mined by other methods). 

The aim of a pile load test is invariably to determine the vertical load capacity; however, 
in certain special cases the test may be used to obtain the uplift capacity or lateral load capac- 
ity. Load test on a pile group is expensive and may be conducted only in the case of important 
projects. 

Both cohesive and cohesionless soils will have their properties altered by pile driving. 
In clays, the disturbance causes remoulding and consequent loss of strength. With passage of 
time, much of the original strength will be regained. The effect of pile driving in sand is to 
create a temporary condition wherein extra resistance is developed, which is lost later by 
stress relaxation. Hence, the test should be conducted only after a lapse of a few weeks in clays 
and at least a few days in sands, in order that the results obtained be more meaningful for 
design. 

Load may be applied by using a hydraulic jack against a supported platform (Fig. 16.6a), 
or against a reaction girder secured to anchor piles (Fig. 16.66). Sometimes a proving ring is 
preferred for better accuracy in obtaining the load. Instead of reaction loading, gravity loading 
may also be used; but the former is given better uniformity in loading. Measurement for pile 
settlement is related to a fixed reference mark. The support for the reference mark has to be 
located outside the zone that could be affected by pile movements. 


The most common procedure is the test in which the load is maintained slowly. About 
five to eight equal increments are used until the load reaches about double the design value. 
Time-settlement data are recorded for each load increment. Each increment is maintained 
until the rate of settlement becomes a value less than 0.25 mm per hour. The final load is 
maintained for 24 hours. 
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Fig. 16.6 Typical pile load test arrangements 


Another procedure is the constant-strain rate method. In this method, the load is in- 
creased such that the settlement occurs at a predetermined rate such as 0.5 mm per minute. 
This test is considerably faster than the other approach. 

Other procedures include cyclic loading, where each load increment is repeatedly ap- 
plied and removed. Settlements are recorded at every increment or decrement of load. These 
help in separating elastic and plastic settlements, and also point-bearing and frictional 
resistances. 

The load-settlement curve is obtained from the data. Often the definition of ‘failure- 
load’ is arbitrary. It may be taken when a predetermined amount of settlement has occurred or 
where the load-settlement plot is no longer a straight line. If the ultimate load could be found, 
a suitable factor of safety—2 to 3—may be used to determine the allowable load. 
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(a) (b) 
Fig. 16.7 Determination of ultimate load from load-settlement curve for a pile 


The ultimate load may be determined as the abscissa of the point where the curved part 
of the load-settlement curve changes to a steep straight line (Fig. 16.7a). Alternatively, the 
ultimate load is the abscissa of the point of intersection of initial and final tangents of the load- 
settlement curve (Fig. 16.7b). 


PILE FOUNDATIONS 671 





Another method in use for the slow test is to plot both load and settlement values on 
logarithmic scale. The results typically plot as two straight lines (Fig. 16.8). The intersection of 
the straight lines is taken as failure load for design purposes although this may not be the 
actual load at which failure occurs. 


Pile load (Log scale) —> 





Pile settlement (Log scale) —» 


Fig. 16.8 Log-Log of pile load-settlement curve 
and determination of failure 


The allowable load on a single pile may be obtained as one of the following [I.S: 2911 
(Part I)-1974]: 
1.50% of the ultimate load at which the total settlement is equal to one-tenth the 
diameter of the pile. 


2. Two-thirds of the load which causes a total settlement of 12 mm. 
3. Two-thirds of the load which causes a net (plastic) settlement of 6 mm (total settle- 
ment minus elastic settlement). 
In the case of the cyclic load test, the load is raised up to a particular level, released to 
zero and again raised to a higher value and released to zero. Settlements are recorded at each 


increment or decrement of load. A typical plot of a cyclic load test data will look as shown in 
Fig. 16.9. 








+— Settlement 








Fig. 16.9 Cyclic load test on a pile-load vs. settlement 
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The total settlement S of the pile head at any load may be written as 
S=S,+S, ... (Eq. 16.28) 
and S =AL +S tS, ...(Eq. 16.29) 
where S, = elastic compression of the pile and soil at the base, 
S p= plastic compression of the soil at the base 
S = elastic compression of the soil at the base, and 
AL = elastic compression of the pile 
(This is based on the assumption that plastic compression of the pile is negligible). 
AL may be obtained from the equation 
Ape (Q -Q;/2)L 


(Eq. 16.30 
AE (Eq ) 


where Q = load on the pile, 
Q; = frictional resistance component, and 

L, A, E = length, area of section and modulus of elasticity of the pile. 

The total settlement may easily be separated into the elastic and plastic components by 
removal of the load and observation of the net settlement. The elastic settlement is got by 
deducting the net settlement after removal of load from the total value of the settlement under 
the load (Eq. 16.28). 

The elastic settlement of the soil at the base is obtained by subtracting the elastic settle- 
ment of the pile from the total elastic component of the settlement (Eq. 16.29). 


Load —> 









OC and OC’: 
Final lines 





Elastic compression of the soil at 
the base of pile 








<< 


Y Cy œ C OG, © C, 


Fig. 16.10 Separation of point-bearing and skin-friction resistances 
from cyclic load test data 


The separation of the applied load at any load level into the point-bearing and frictional 
components is based on an experimental finding of Van Wheele (1957). Until the load reaches 
a certain value, the point-bearing component will be zero. With increase in load, both the 
friction and point-bearing components go on increasing. The frictional component attains a 
maximum value at a particular load level and thereafter the point-load component goes on 
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increasing with further increase in load. Van Wheele found that the point-load component 
increases linearly with the elastic compression of the soil at the base and that the straight line 
showing this linear relationship is parallel to the straight line portion of the curve between the 
load on the pile and elastic compression of the soil. 

Since the right-hand side of Eq. 16.30 contains Q, which is not known to start with, a 
sort of a ‘trial and error’ procedure is employed to determine Q; and Q, (frictional and point- 
bearing components) corresponding to any pile load Q. The procedure is illustrated in Fig. 16.10. 

1. Since Q; is not known to start with, AL is assumed to be zero. Then the elastic 
compression of the soil at the base is equal to the total elastic recovery of pile head. 
A curve OC, is drawn between the pile load and the elastic compression of the soil, 
calculated in this manner. 

2. A line OC,’ is drawn from the origin O parallel to the straight portion of the curve 
OC. This line is supposed to divide the pile load Q into the components Q, and Q, 

3. For different loads Q,,Q, ..., components Qr Qe are determined, as shown in 
Fig. 16.10. 

4. The values of AL corresponding to different values ofQ,are computed from Eq. 16.30. 

5. The elastic compressions of the soil are obtained by deducting these values of AL 
from the corresponding values of elastic recovery of the pile head. 

6. A modified curve OC, is now drawn between pile load and elastic compression of 
soil. 

7. Through the origin, a line OC,’ is drawn parallel to the straight line portion of OC,. 

8. Steps 3 through 7 are repeated to get the next modified curve between the pile load 
and the elastic compression of the soil. 

9. The procedure is repeated until a curve which gives sufficiently accurate values of 
Q, and Q; is obtained. It has been found from experience that the third curve gives 
the desired degree of accuracy. The I.S. Code in this regard also recommends this 
procedure. 

I.S: 2911 (Part I)-1974 recommends factors of safety 2 and 2.5 on the ultimate values of 
skin friction resistance and point resistance, respectively. Hence, the allowable load on the 
pile may be obtained by adding Q,/2 and Q,/2.5, where Q, and Q, correspond to the values 
corresponding to a load causing a total settlement of one-tenth of the pile diameter. 

It should be obvious that the settlement required to cause ultimate point resistance is 
greater than that required to cause ultimate skin resistance. 


16.5.4 Pile Capacity from Penetration Tests 


Results of static cone penetration test and standard penetration test are also used to deter- 
mine pile load capacity. In the case of a static cone penetration test, a 60° cone with a base area 
of 100 mm? attached to one end of a rod housed in a pipe and the pipe itself are pushed down 
alternately at a slow constant rate and the resistance encountered by each is recorded by 
means of pressure gauges. The pressure offered by the cone is recorded as penetration resist- 
ance q, and that offered by the pipe as skin friction resistance f.. 

The values of q, may also be obtained indirectly from the Standard Penetration Number 
N, through correlations between N-value and the static cone penetration resistance q „value. 
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Franki Pile Company has suggested the following: 
Table 16.8 Correlation between q, and N (Franki Pile Co.) 


Type of soil q. IN 


c 








Silty clay 
Sandy clay 
Silty sand 


a a A O 











Clayey sand 





Schmertmann (1970) suggests the following: 
Table 16.9 Correlation between q, and N (Schmertmann, 1970) 














Type of soil q./N 
Sandy silts, silts 2.0 
Silty sands, fine to medium sands 3.5 
Coarse sands 5.5 
Sandy gravel, gravel 9.0 








These values are applicable for N-values equal to or greater than 75. q, will be obtained 
in kg/cm?. 
Piles in granular soils 
Meyerhof (1959) has shown that the ultimate point-bearing capacity of a pile, q,, ranges from 
2/3 to 14 times the static cone penetration resistance, q, 


On the average, therefore, 


y =% ... (Eq. 16.31) 
Meyerhof proposed the following equation: 
qd, =q, = 4N ...(Eq. 16.32) 
(q, and q, will be obtained in kg/cm?) 
q, =q, = 400 N ...(Eq. 16.33) 


(q, and q, will be in kN/m?) 
Similarly, it has been found that the observed values of skin friction, f, varies from 14 


to 3 times the static skin friction, f. 
On the average, therefore, 


f= 27, .. (Eq. 16.34) 
However, for small displacement piles such as H-piles, 

Lr ...(Eq. 16.35) 
Meyerhof suggests the following: 

f, = q /200 ...(Eq. 16.36) 

f,=N/50 or f,=2N .. (Eq. 16.37) 


(kg/cm?) (kN/m® 
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For H-piles, 
f,=N ... (Eq. 16.38) 
(kN/m?) 

According to De Beer, point resistance of bored piles in granular soils is less than that of 


driven piles, almost about one-third. This may be because of lack of compaction at the base and 
the disturbance of soil at the base during boring. 


Piles in cohesive soils 
Relationship between unit cohesion, c and the static cone penetration resistance, q, is as follows: 


Te << Ge for q, < 20 kg/cm? (2000 kN/m?) 


(for normally consolidated clays) 
q/22<c<q/ 26 for q, > 25 kg/cm? (2500 kN/m?) 
(for over consolidated clays) 
If q, is not known directly, the N-value may be obtained from the correlations between 
q, and N, and it may be used for determining c. 


Once the c-value is known, Eqs. 16.12 and 16.15 may be used to obtain q, and f, through 
c and c,. 


16.5.5 Negative Skin Friction 


‘Negative skin friction’ or ‘down drag’ is a phenomenon which occurs when a soil layer 
surrounding a portion of the pile shaft settles more than the pile. This condition can develop 
where a soft or loose soil stratum located anywhere above the pile tip is subjected to new 
compressive loading. If a soft or loose layer settles after the pile has been installed, the 
skin-friction-adhesion developing in this zone is in the direction of the soil movement, pulling 
the pile downward, as shown in Fig. 16.11. Extra loading is thus imposed on the pile. 


J> 









Negative skin friction 


Soft loose soil stratum 





4 


Firm soil Positive skin friction 


(helps carry load) 








tat 
T 


Fig. 16.11 Negative skin friction on a pile 
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Negative skin friction may also occur by the lowering of ground water which increases 
the effective stress inducing consolidation and consequent settlement of the soil surrounding 
the pile. 

It is necessary to subtract negative skin friction force from the total load that the pile 
can support. In such a case the factor of safety will be modified as follows: 

Ultimate pile load capacity 
Working load + Negative skin friction force 
Sometimes this may also be written as 





Factor of safety = 


Ultimate pile load capacity — Negative skin friction force 
Working load 
Values of negative skin force are computed in just the same way as positive skin friction. 





Factor of safety = 


For cohesive soils: 
Q,p=P.D,.¢ .. (Eq. 16.39) 
where Qf = negative skin friction force on the pile, 
P = perimeter of the pile section, 
D,, = depth of compressible layer settling in relation to the pile 
and c = unit cohesion of soil layer which is setting. 
For cohesionless soils: 


1 
Q= PD, -yK tan ô ...(Eq. 16.40) 


where y= unit weight of soil in the compressible zone, 
K = earth pressure coefficient (K, < K< K p)» and 
ô = angle of wall friction (0/2 < 6 < 6) 

Sometimes negative skin friction may develop even in the zone of the fill, if the fill itself 
is settling under its self-weight. 

When a large magnitude of negative skin friction force is anticipated, a protective sleeve 
or coating may be provided for the section that is embedded in the settling soil. Skin friction is 
thus eliminated for this section of the pile and a down drag is prevented. Negative skin force 
may be computed even for pile groups. 


16.5.6 Factor of Safety 


Where load tests are not performed, it is usual practice to apply a factor of safety of two to 
determine the design load. 


Piles subject to uplift develop resistance to pull-out only by skin friction. Point-bearing 
resistance does not apply, but the weight of the pile may be included in the uplift capacity. 
Generally, a larger factor of safety is employed for uplift than for conventional downward 
loading. The strength of pile to pile-cap connection becomes critical in the case of uplift forces, 
since tensile force at this location negates any pull-out resistance of the pile. 


(Qr + W,) 
Quy = SE ? 


where W, is the weight of the pile and factor of safety n is to be not less than 2. 


.. (Eq. 16.41) 
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16.6 PILE GROUPS 


A structure is never founded on a single pile. Piles are ordinarily closely spaced beneath struc- 
tures; consequently, the action of the entire pile group must be considered. This is particularly 
important when purely friction piles are used. 

The bearing capacity of a pile group is not necessarily the capacity of the individual pile 
multiplied by the number of piles in the group; the phenomenon by virtue of which this dis- 
crepancy occurs is known as ‘Group action of piles’. 


16.6.1 Number of Piles and Spacing 


Usually driven piles are not used singly beneath a column or a wall because of the tendency of 
the pile to wander laterally during driving and consequent uncertainty with regard to centering 
the pile beneath the foundation. In cases where unplanned eccentricities result, failure may 
occur either at the connection between the pile and column or within the pile itself. Hence, 
piles for walls are commonly installed in a staggered arrangement to both sides of the centre 
line of the wall. For a column, at least three piles are used in a triangular pattern, even for 
small loads. When more than three piles are required in order to obtain adequate capacity, the 
arrangement of piles is symmetrical about the point or area of load application. 


Representative pile group patterns for wall and column loads are indicated in Fig. 16.12. 


gs 














so 
a) For wall b) 3-pile group (c) 4-pile group (d) 5-pile group 
ESA o 
oxo 
SESA o 
(e) 6-pile group (f) 7-pile group (g) 8-pile group (h) 9-pile group 


Fig. 16.12 Representative pile group patterns 


Column and wall loads are usually transferred to the pile group through a pile cap, 
which is typically a reinforced concrete slab structurally connected to the pile heads to help 
the group act as a unit (Fig. 16.13). 

The requirement for group arrangement of driven piles does not apply to bored piles. 
Drilled shafts can be installed quite accurately. A single large-diameter drilled shaft pile is 
commonly used to support columns in residential buildings. This may be used when the three- 
pile configuration yields unnecessarily extra load carrying capacity in the case of driven piles. 
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R.C. column 


Column pedestal 


Reinforcing steel 


see 


Fig. 16.13 Pile cap for a R.C. column 








Pile cap 





The spacing of piles in a group depends upon a number of factors such as the overlap- 
ping of stresses of adjacent piles, cost of foundation and the desired efficiency of the pile group. 


Pile cap 
KORE VOR 
Pile 


























J 







nee re zone of overlap 
or single pile (highly-stressed) 
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(a) Signal pile 


(b) Closely spaced group of piles 
(with zones of stress overlap) 








(c) Widely spaced group of piles 
(without zones of stress overlap) 


Fig. 16.14 Stress isobars of single pile and groups of piles 
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The stress isobars of a single pile carrying a concentrated load will be somewhat as 
shown in Fig. 16.14(a). When piles are driven in a group, there is a possibility of stress isobars 
of adjacent piles overlapping each other as shown in Fig. 16.14(6). Since, the overlapping might 
cause failure either in shear or by excessive settlement, this possibility may be averted by 
increasing the spacing as shown in Fig. 16.14(c). Large spacing are not advantageous since a 
bigger size of pile cap would increase the overall cost of the foundation. 


In the case of driven piles there will be greater overlap of stresses due to the displace- 
ment of soil. If piles are driven in loose sands, compaction takes place and hence, the spacing 
may be small. However, if piles are driven in saturated silt or clay, compaction does not take 
place but the piles may experience uplift. To avoid this, greater spacing may be adopted. 
Smaller spacings may be used for cast-in-situ piles in view of less disturbance. 

Point-bearing piles may be more closely spaced than friction piles. The minimum spac- 
ing of piles is usually specified in building codes. The spacing may vary from 2d to 6d for 
straight uniform cylindrical piles, d being the diameter of the pile. For friction piles, the rec- 
ommended minimum spacing is 3d. For point-bearing piles passing through relatively com- 
pressible strata, the minimum spacing is 2.5d when the piles rest in compact sand or gravel; 
this should be 3.5d when the piles rest in stiff clay. The minimum spacing may be 2d for 
compaction piles. 


Piles should be, in general, driven proceeding outward from the centre, except in soft 
clay or very soft soil; in the latter case, the pile driving proceeds from the periphery of the 
foundation to the centre to prevent the lateral flow of soil during driving. 


16.6.2 Group Capacity of Piles 


The capacity of a pile group is not necessarily the capacity of the individual pile multiplied by 
the number of individual piles in the group. Disturbance of soil during the installation of the 
pile and overlap of stresses between the adjacent piles, may cause the group capacity to be 
less than the sum of the individual capacities. 
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Fig. 16.15 Single equivalent large pile concept for a group (block failure) 


Conversely, the soil between individual piles may become “locked in” due to densification 
from driving and the group may tend to behave as a unit or an equivalent single large pile. 
Densification and improvement of the soil surrounding the group can also occur. These factors 
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tend to provide the group a capacity greater than the sum of the capacities of individual piles. 
The capacity of the equivalent large pile is analysed by determining the skin friction resist- 
ance around the embedded perimeter of the group and calculating the end-bearing resistance 
by assuming a tip area formed by this block, as in Fig. 16.15. 

To determine the capacity of a pile group, the sum of the capacities of the individual 
piles is compared with the capacity of the single large equivalent (block) pile; the smaller of 
the two values is taken. Applying an appropriate factor of safety to this chosen value, the 
design load of the pile group is obtained. 

The skin friction resistance of the single large equivalent pile (block) is obtained by 
multiplying the surface area of the group by the shear strength of the soil around the group. 
The end-bearing resistance is computed by using the general bearing capacity equation of 
Terzaghi. The bearing capacity factors for deep foundations are used when the length of the 
pile is at least ten times the width of the group; otherwise, the factors for shallow foundations 
are used. 

Obviously, the capacity of the equivalent large pile is affected by soil type and proper- 
ties, besides spacing of piles. Generally speaking, there is a greater tendency for the group to 
act as a block or large single unit when the piles are close and the soil is firm or compact. 


Pile groups in cohesionless soils 

For driven piles embedded in cohesionless soils, the capacity of the large equivalent pile (block) 
will be almost always greater than the sum of the capacities of individual piles, in view of the 
densification that occurs during driving. Consequently, for design, the group capacity is taken 
as the sum of the individual pile capacities or the product of the number of piles in the group 
and the capacity of the individual pile. 

This procedure is not applicable, if the pile tips rest on compressible soils such as clays; 
in such cases, the pile group capacity is governed by the shear strength and compressibility of 
clay soil, rather than on the characteristics of the cohesionless soil. 

Bored piles or cast-in-situ concrete piles are constructed by boring a hole of required 
diameter and depth and pouring in of concrete. Boring is accompanied invariably by some 
degree of loosening of the soil. In view of this, the group capacity of such piles will be some- 
what less than the sum of individual pile capacities typically—about two-thirds of it. It may 
also be taken as the sum of individual pile capacities approximately. 


Pile groups in cohesive soils 
When piles are driven into clay soils, there will be considerable remoulding especially when 
the soil is soft and sensitive. The soil between the piles may also heave since compaction 
cannot be easily achieved in soils of such low permeability. Bored piles are generally preferred 
to driven piles in such soils. However, if driven piles are to be used, spacing of piles must be 
relatively large and the driving so adjusted as to minimise the development of pore pressure. 
The mode of failure of pile groups in cohesive soils depends primarily upon the spacing 
of piles. For smaller spacings, ‘block failure’ may occur, in other words, the group capacity as a 
block will be less than the sum of individual pile capacities. For larger spacings, failure of 
individual piles may occur; or, it is to say that the group capacity is given by the sum of the 
individual pile capacities, which will be smaller than the strength of the group acting as a unit 
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or a block. The limiting value of the spacing for which the group capacities obtained from the 
two criteria—block failure and individual pile failure—are equal is usually considered to be 
about 3 pile-diameters. 


Negative skin friction Q, g may be computed for a group in cohesive soils as follows: 
Individual pile action: 
Que =n p= nP. D,- C ...(Eq. 16.42) 

Notations are the same as for Eq. 16.39. 
Block action: 

Qng =€. Dp- Po +Y- Da- Ag ...(Eq. 16.43) 
Here, P, and A, are the perimeter and area of the pile block. 
[P 2 = 4B and A g= B?, where B is the overall width of the block]. 
The larger of the two values for Q,,, is chosen as the negative skin friction. 


16.6.3 Pile Group Efficiency 


The ‘efficiency’, n P of a pile group is defined as the ratio of the group capacity, Q „> to the sum 
of the capacities of the number of piles, n, in the group: 


Qe 
(n. Qp) or (ZQ,,) 


where Q, = capacity of individual pile. 





n= (Eq. 16.44) 


Obviously, the group efficiency depends upon parameters such as the types of soil in 
which the piles are embedded and on which they rest, method of installation, and spacing of 
piles. 

Vesic (1967) has shown that end-bearing resistance is virtually unaffected by group 
action. However, skin friction resistance increases with increase in spacing for pile groups in 
sands. For pile groups in clay, the skin friction component of the resistance decreases for 
certain pile spacings. Thus, in general, efficiencies of pile groups in clay tend to be less than 
unity. Interestingly, Vesic’s experimental investigations on pile groups in sands indicate group 
efficiencies greater than unity. 

Sowers et al. (1961) have shown that the optimum spacing at which the group efficiency 
is unity for long friction piles in clay is given by 

S, = 1.1 + 0.4n°4 ...(Eq. 16.45) 
where S, = optimum spacing in terms of pile diameters; S, is 2 to 3 pile diameters centre to 
centre, 
and n = number of piles in the group. 

The actual efficiency, n p at the theoretical optimum spacing is 

0.4 
(n —0.9)°" 

This has been found to be 0.85 to 0.90, rather than unity. Since a factor of safety is used 

for design, the error in assuming the real efficiency to be 1 at optimum spacing is inconsequential. 


Ng = 0.5 + ...(Eq. 16.46) 


A number of empirical equations for pile group efficiency are available. There is no 
acceptable formula and these should be used with caution as they may be no better than a good 
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guess. These formulae yield efficiency values less than unity, and as such, will not be applica- 
ble to closely spaced friction piles in cohesionless soils and to piles through soft material rest- 
ing on a firm stratum. 

The Converse-Labarre formula, the Feld’s rule and the Seiler-Keeny formula are given 
here: 


Converse-Labarre formula 





b e ~)+nm- >| (Eq. 16.47) 


=i 
Ne 90 mn 


where nn z= efficiency of pile group, 


d 
p = tant m in degrees, d and s being the diameter and spacing of piles, 


m = number of rows of piles, and } 
n = number of piles in a row (interchangeable) 
Feld’s rule 


According to “Feld’s rule”, the value of each pile is reduced by one-sixteenth owing to the effect 
of the nearest pile in each diagonal or straight row of which the particular pile is a member. 
This is illustrated in Fig. 16.16. 




















9 piles 
4 @ 13/16 
4@ 11/16 
1 @ 8/16 
Ng = 72% 





Fig. 16.16 Efficiencies of pile groups using Feld’s rule 


Seiler-Keeney formula 
The efficiency of a pile group, n g 1S given by 


s m+n-2 0.3 
=| 1- 0.479 n ...(Eq. 16.48) 
"e ae] (m+n) 3 





Here m, n and s stand for the number of rows of piles, number of piles in a row and pile 
spacing, respectively. 
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16.7 SETTLEMENT OF PILES AND PILE GROUPS 


Settlement of piles and pile groups cannot be evaluated with any degree of confidence. 


16.7.1 Settlement of Single Pile 


Vesic has proposed an equation for computing the settlement of a single pile in cohesionless 
soil, based on experiments on test piles of different sizes embedded in sands with different 
density index values. These tests were conducted on driven piles, bored piles and jacked piles 
(jacked piles are those that are pushed into the soil by means of the static pressure of a jack). 


The equation for the settlement is 
S=S,+S, ... (Eq. 16.49) 
where S = total settlement, 
S, = settlement of pile tip, and 
S,= settlement due to deformation of pile shaft. 


Further, 
Cug, 
Ss. =o. 5 ... (Eq. 16.50) 
> A+Ip)? as j 
where Q, = point load, 
Ip = density index of sand, 
q, = unit resistance in point-bearing, and 
C „ = settlement coefficient ... 0.04 for driven piles, 
0.18 for bored piles, and 
0.05 for jacked piles. 
L 
S; = (Q, + 00) E ...(Eq. 16.51) 


where, Q; = Friction load, 

L = Length of pile, 

A = Area of cross-section of pile, 

E = Modulus of elasticity of pile material, and 

a = Coefficient which depends on the distribution of skin friction along the shaft and is 
usually taken as 0.6. 


Settlement of a single pile in clay is more difficult to evaluate. An assumption is re- 
quired to be made regarding the level to which the load is transferred. If the pile penetrates 


3 
homogeneous clay, the load may be taken to be transmitted to a depth of 2 the embedded 


length of the pile from the surface. Concepts of stress distribution in soil (Boussinesgq’s, for 
example), coupled with the settlement due to consolidation will be used. If the pile penetrates 
a weak stratum and is embedded into a firm stratum, the load may be taken to be transmitted 


2 
to a level at a depth of 3 of the depth of embedment into the firm stratum from the top of the 


firm stratum. 
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If the pile penetrates a weak stratum and rests on the top of a firm stratum, the load 
may be taken to be transferred to the top of the firm stratum. The computation of the settle- 
ment will involve that due to consolidation of the compressible strata present below the level 
to which the load is assumed to be transmitted. 


16.7.2 Settlement of Groups of Piles 
The computation of settlement of groups of piles is more complex than that for a single pile. 


Settlement of pile groups in sands 
Settlement of pile groups are found to be many times that of a single pile. The ratio, F os of the 
settlement of a pile group to that of a single pile is known as the group settlement ratio. 
F,=S,/8 ... (Eq. 16.52) 
where F, = group settlement ratio, 
S Pi settlement of pile group, and 
S = total settlement of individual pile. 


Vesic has obtained the relation between F, and = where B is the width of the pile 


group (centre to centre of outermost piles), and d is the diameter of the pile (only pile groups, 
square in plan, are considered). This is shown in Fig. 16.17. 
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Fig. 16.17 Group settlement ratio vs. B/d (After Vesic, 1967) 


These results have been obtained for medium dense sand. For sands with other density 
indices the results could be different. 


Settlement of pile groups in clay 

The equation for consolidation settlement may be used treating the pile group as a block or 
unit. The increase in stress is to be evaluated appropriately under the influence of the load on 
the pile group. 

When the piles are embedded in a uniform soil (friction and end-bearing piles), the total 
load is assumed to act at a depth equal to two-thirds the pile length. Conventional settlement 
analysis procedures assuming the Boussinesq or Westergaard stress distribution are then ap- 
plied to compute the consolidation settlement of the soil beneath the pile tip. 
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When the piles are resting on a firmer stratum than the overlying soil (end-bearing 
piles), the total load is assumed to act at the pile tip itself. If the piles are embedded into the 
firmer layer in this case, the load is assumed to be transmitted to a depth equal to two-thirds 
of the embedment from the top of the firmer layer. The rest of the settlement analysis proce- 
dure is applicable. These are illustrated in Fig. 16.18. 
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Fig. 16.18 Conditions assumed for settlement of pile groups in clay 


The total pressure may be assumed to be distributed on a slope of 2 vertical to 1 horizon- 
tal, for the purpose of computation of increment of stress, in an approximate manner. 


*16.8 LATERALLY LOADED PILES 


Piles and pile groups may be subjected to vertical loads, lateral loads or a combination of both. 
If the lateral loads act at an elevation considerably higher than the base of the foundation, 
there will be significant moments acting on it. 

Vertical piles may be relied upon to resist large magnitudes of lateral loads. The lateral 
load capacity of a vertical pile depends upon the nature of the soil, the size of the pile, and the 
conditions at the pile head. If the pile head is fixed rigidly in a pile cap, its lateral load capacity 
will be more than when it is free. 

Extensive theoretical and experimental studies have been made on laterally loaded piles 
by Reese and Matlock (1960), Palmer and Brown (1954), and Murthy (1964). Most of these are 
based on the concept of coefficient of sub grade reaction, which is the pressure required to 
cause unit deflection. 


Winkler’s hypothesis 


Most of the theoretical solutions for laterally loaded piles involve the concept of ‘coefficient of 
subgrade reaction’, or ‘soil modulus’ as it is sometimes called, based on Winkler’s (1867) hy- 
pothesis that a soil medium may be approximated by a series of infinitely closely spaced inde- 
pendent elastic springs, which is only an approximation of a beam on an elastic foundation 
(Fig. 16.19). 
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Terzaghi recommends that the coefficient of sub grade reaction be taken to be constant 
with respect to the depth for preconsolidated clays. For normally loaded clays and silts, Reese 
and Matlock, and Vesic assume that it varies linearly with depth. The constant of proportion- 
ality is termed the coefficient of soil modulus variation. 

k=k’.z ... (Eq. 16.53) 
where k = coefficient of subgrade reaction at depth z, and 

k’ = coefficient of soil modulus variation 

Units for k are N/em?/em or N/em® 

Units for k’ are N/em?/m. 

These will be dependent upon the unconfined compression strength in the case of clays 
and upon the density index in the case of sands. The values of k and k’ are best determined 
from a full-sized pile load test. 

For long flexible piles, the lateral deflection is very nearly zero for most of the length of 
the pile and hence the length of the pile is not important. 
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the deflections at all points 





Reaction at any point is dependent 
only on the deflection at that point 


(a) Beam on elastic foundation (b) Winkler’s hypothesis for soil 
Fig. 16.19 Winkler’s hypothesis for a soil medium 
For short piles, the flexural rigidity of the pile loses its significance, the pile tends to 
rotate as a unit, acting somewhat as a rigid member. 


Reese and Matlock use in their analysis the relative stiffness factor, T, which is the 
ratio of the stiffnesses of the pile and of the soil: 


1⁄5 
T= (5) ... (Eq. 16.54) 

They give the deflection, bending moment and the soil pressure for the pile in terms of 
non-dimensional coefficients in the form of tables and graphs. 





Broms (1964) gives an analysis for laterally loaded piles in cohesive soils. Detailed treat- 
ment of these analyses is outside the scope of this book. 


*16.9 BATTER PILES 


Batter piles combined with vertical piles are most effective for resisting large horizontal thrusts. 
Such combinations have been commonly used to support retaining walls, bridge piers and 
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abutments, tall structures subjected to wind loads and as anchors for wharves, bulkheads and 
other waterfront structures. The batter may be up to 30° with the vertical. Depending on the 
direction of the lateral force relative to the direction of inclination with respect to the vertical, 
the batter may be termed ‘positive’ or ‘negative’. If the tendency of the force is to ‘right’ the pile 
(bring it nearer vertical), the batter is considered positive; otherwise, it is considered negative 
(Fig. 16.20). 
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Fig. 16.20 Batter piles with positive batter and negative batter 


A rational analysis of the action of batter piles is difficult because the problem is statically 
indeterminate to a high degree. One approximate method assumes the piles to be hinged at 
their tips and at their butts. A batter and vertical pile combination that is usually employed in 
sheet-pile bulkhead construction is shown in Fig. 16.21. 
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a sheet-pile bulkhead vertical and batter piles 
Fig. 16.21 Batter and vertical pile combination 


Hrennikoff (1949) and Vesic (1970) have advanced theoretical analyses for batter piles. 
The former assumes the coefficient of a sub grade reaction as constant with the depth for all 
soils, while the latter assumes it as constant for clays and as varying linearly with depth for 
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sands. ‘Pile constants’ and ‘foundation constants’ have been assumed by them in their analy- 
ses. If these constants could be evaluated to a reasonable degree of accuracy, the theories may 
be expected to yield satisfactory results. Murthy (1964) tried to evaluate some of the constants 
for certain angles of batter, both positive and negative. 


16.10 DESIGN OF PILE FOUNDATIONS 


The design of a pile foundation consists of assuming a design, then checking the proposed 
design for safety and revising it until it is satisfactory. The final design is selected on the basis 
of cost and time available for construction. 

Sometimes piles may be valueless in some locations and may be even harmful under 
certain circumstances. For example, a layer of reasonably firm soil over a deep stratum of soft 
soil might act as a natural mat to distribute the load of a shallow footing. The driving of piles 
into the firm layer might break it up or remould it. The result could be a concentration of 
stress in the soft stratum, leading to excessive settlement. 


16.10.1 Selection of Length of Piles 


Selection of the approximate length of the pile is made from a study of the soil profile and the 
strength and compressibility of the soil strata. End-bearing piles must reach a stratum that is 
capable of supporting the entire foundation load without failure or undue settlement and, 
friction piles must be long enough to distribute the stresses through the soil mass so as to 
minimise settlement and obtain adequate safety for the piles. 


16.10.2 Selection of Type of Pile and Material of Pile 
The points to be considered in the selection of type of a pile and material of pile are: (i) the 
loads, (ii) time available for complection of the job, (iii) the characteristics of the soil strata 
involved, (iv) the ground water conditions, (v) the availability of equipment, and (vi) the statu- 
tory requirements of building codes. 

If the structure is a bridge abutment or a water-front structure, the characteristics of 
flow of water and scour must be considered. 


16.10.3 Pile Capacity 

The pile capacity both for an individual pile and for groups of piles shall be determined in 
accordance with the procedures outlined earlier. An appropriate factor of safety shall be applied 
to determine the allowable load. 


16.10.4 Pile Spacing 
The piles are placed so that the capacity of the pile group acting as a unit is equal to the sum 
of the capacities of the individual piles. 

It is impossible to construct piles in exactly the required location or angle because they 


tend to drift out of line when hard or soft spots are encountered. The tolerance at the top could 
be from 5 cm to 15 cm. A pile may be permitted to be out of plumb by 1 to 2% of the length. 
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16.10.5 Inspection and Records 
Competent engineering inspection and keeping complete records of the driving of every pile is 
an essential part of any important job. 

All details such as those relating to the hammer, pile, number of blows, penetration, 
length driven, heaving and shrinkage of adjacent ground, details of pile cap, shall be recorded. 


16.11 CONSTRUCTION OF PILE FOUNDATIONS 


The construction of a pile foundation involves two steps, namely the installation of piles and 
the making of pile caps. The second step is relatively simple and is similar to the construction 
of footings. 

Installation of piles would depend upon whether they are driven or cast-in-place. Some 
details regarding the equipment required to install piles by driving them into soil have already 
been given. Water jetting is used to assist penetration of the piles. 

Cast-in-place piles are mostly concrete piles of standard types such as the Raymond pile 
and the Franki pile, so called after the piling firms which standardised their construction. 

Damage due to improper driving may be avoided if driving is stopped when the penetra- 
tion reaches the desired resistance. 

Some degree of tolerance in alignment has to be permitted since piles can never be 
driven absolutely vertical and true to position. 

A pile may be considered defective if it is damaged by driving or is driven out of position, 
is bent or bowed along its length. A defective pile must be withdrawn and replaced by another 
pile. It may by left in place and another pile may be driven adjacent to it. 

Pile driving may induce subsidence, heave, compaction, and disturbance of the sur- 
rounding soil. These effects are to be carefully studied so as to understand their bearing on the 
capacity of the pile. 


16.12 ILLUSTRATIVE EXAMPLES 


Example 16.1: A timber pile was driven by a drop hammer weighing 30 kN with a free fall of 
1.2 m. The average penetration of the last few blows was 5 mm. What is the capacity of the pile 
according to Engineering News Formula? 
Allowable load on the pile 
500 W, . H 
Qao = “305 + 25) 
H being in metres and s being in mm. 
W,=30kKN H=12m s=3mm 
_ 500x3x 12 
Ra = 3 x (5 + 25) 
Example 16.2: A pile is driven with a single acting steam hammer of weight 15 kN with a free 
fall of 900 mm. The final set, the average of the last three blows, is 27.5 mm. Find the safe load 
using the Engineering News Formula. 


for drop hammer, 


t = 200 KN. 
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Allowable load on the pile 
500 W, . H 
Qao = “B64 25) 
H being in metres and s in mm. 
W,=15kN H= 900 mm = 0.9 m 
_ 500x 15 x 0.9 
Ra = 3(27.5 + 2.5) 
Example 16.3: A pile is driven in a uniform clay of large depth. The clay has an unconfined 
compression strength of 90 kN/m2. The pile is 30 cm diameter and 6 m long. Determine the 


safe frictional resistance of the pile, assuming a factor of safety of 3. Assume the adhesion 
factor & = 0.7. 


for steam hammer, 


KN = 75 KN. 


1 
Cohesion of clay = 5 * 90 = 45 kN/m? 
Frictional resistance =a.cA, 
=0.7 x 45 x tx 0.3 x 6 KN = 178.13 kN 
178.13 





= 59.3 KN. 


Example 16.4: A group of 16 piles of 50 cm diameter is arranged with a centre to centre 
spacing of 1.0 m. The piles are 9 m long and are embedded in soft clay with cohesion 30 kN/m?. 
Bearing resistance may be neglected for the piles—Adhesion factor is 0.6. Determine the ulti- 
mate load capacity of the pile group. 


Safe frictional resistance = 


n=16 d=50cm L=9m s=15m 
Width of group, B = (1 x 3+ 0.50) = 3.5m 
For block failure: 
Q, =c x Perimeter x Length 
=cx4Bx2 
=380x4x35x9 
= 3780 kN 
For piles acting individually: 
Q; =n(a.cA,) 
=16x0.6x30xnmx05x9 
= 4,070 kN 
Hence the foundation is governed by block failure and the ultimate load capacity is 
3,780 KN. 
Example 16.5: A square group of 9 piles was driven into soft clay extending to a large depth. 
The diameter and length of the piles were 30 cm and 9 m respectively. If the unconfined 
compression strength of the clay is 90 kN/m?, and the pile spacing is 90 cm centre to centre, 
what is the capacity of the group? Assume a factor of safety of 2.5 and adhesion factor of 0.75. 


Block failure: 


Since, it is a square group, 3 rows of 3 piles each will be used. 
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Q,=c.N,.A,+¢ PL 
Here, cohesion ¢ = c’ = 45 kN/m? 
Nis taken as 9. 
L=9m B=2s+d=2x0.9+0.3=2.1m 
E: = 4B = 8.4m 
A, = B? = 2.1? m? = 4.41 m? 
Substituting, 
Q, = 45 x 9 x 4.41 + 45 x 8.4 x 9 
= 5,186 kN. 
Individual pile failure: 
Q =nlda 4A, +f,. AJ 
=n[cN A, +0.c.A] 


= 9|45x9x $ x03? +075x45x7x03x9] 


= 2,835 kN 
In this case, individual pile failure governs the design. Allowable load on the pile group 


2,835 
="on * 1,130 KN. 
Example 16.6: Design a square pile group to carry 400 KN in clay with an unconfined com- 
pression strength of 60 kN/m?. The piles are 30 cm diameter and 6 m long. Adhesion factor 


may be taken as 0.6. 





60 
Cohesion, Co = 30 kN/m? 


Frictional resistance of one pile 
=a.c.ad.L 
= 0.6 x 30 x T x 0.3 x 6 = 101.8 KN 





1 
Safe load per pile = = 34 kN (with a factor of safety of 3) 


at =12 

34 

Let us try a square 16-pile group with centre-to-centre spacing of 60 cm. 
D [ze -1)+n(m-— | 

90° 

o = tan-\(d/s) = tan“! (d/2d) = 26.565 


Approximate number of piles required = 





Efficiency n, = 1 
= mn 








26.565 | 4x3+4x3 
= 1 = U. 
90 l 4x4 | gaa 
Safe load on the pile group = 0.56 x 16 x 34 = 305 KN with a factor of safety of 3. 
It will be MONS 288 


400 
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Check for block failure: 

Frictional resistance of the block 
=2.1x4x6~x 30 
= 1512 kN 





. . 1512 
Safe load with n = 2.5 is 


= 605 kN 


Hence, the safe load may be taken as 400 KN for the group, although the factor of safety 
falls short of 2.5 slightly. 


Example 16.7: A 16-pile group has to be arranged in the form of a square in soft clay with 
uniform spacing. Neglecting end-bearing, determine the optimum value of the spacing of the 
piles in terms of the pile diameter, assuming a shear mobilisation factor of 0.6. 
At the optimum spacing, efficiency of the pile group is unity. 
Let d and s be the diameter and spacing of the piles. Let L be their length. 
Width of the block for a 16-pile square group, 
B=3s+d 
Group capacity for block failure 
= 4L(3s +d) xc 
where c is the unit cohesion of the soil. 
Group capacity based on individual pile failure 
= n[(0.6c)(rdL)] 
= 16 x 0.6 nd Le 
Equating these two, 
4Lc(3s + d) = 16 x 0.6 nd Le 
12s + 4d = 9.6 nd 
os (9.67 — 4) 
12 
The optimum spacing is about 2.2 d. 


d = 2.18d 


Example 16.8: A square pile group of 9 piles passes through a recently filled up material of 4.5 
m depth. The diameter of the pile is 30 cm and pile spacing is 90 cm centre to centre. If the 
unconfined compression strength of the cohesive material is 60 kN/m? and unit weight is 15 
kN/m, compute the negative skin friction of the pile group. 


Individual piles: 


1 
Cohesion = 3% 60 = 30 kN/m? 


Negative skin friction 
Qne =nxPD,c 
=9 xn x 0.3 x 4.5 x 30 = 1145 kN 
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Block: 
Bz=2s+d=2x0.9+0.3=2.1m P,=4B=84m 
Negative skin friction A, = B? = 4.41 m? 
Qn = CD,P, +y. DA, 
= 80 x 4.5 x 8.4 + 15 x 4.5 x 4.41 = (1134 + 298) 
= 1432 kN 


Negative skin friction (the larger of the two values) = 1,432 KN. 


Example 16.9: A reinforced cement concrete pile weighing 30 kN (including helmet and dolly) 
is driven by a drop hammer weighing 30 kN with an effective fall of 0.9 m. The average pen- 
etration per blow is 15 mm. The total temporary elastic compression of the pile, pile cap and 
soil may be taken as 18 mm. Coefficient of restitution 0.36. What is the allowable load on the 
pile with a factor of safety of 2? Use Hiley’s formula. 


W, 
W, = 30 kN W, = 30 kN a 
Effective fall = nH = 0.9 m = 900 mm 


1 
s=15mmC= 2 (total elastic compression of pile, pile cap and soil) 


1 
C, = 0.36 = 5 x 18 = 9 mm 














2 
Quo 1|W,.H.n{1+C,?.R ar 
Qp = 3 2| (s+0) +R by Hiley’s formula 
_ 1|380x900x1 1+ (0.36)" x1 
~ 2) (15 +9) (1+ 1) 
so Soe 
2° 24 2 
= 317.7 kN 


Approximate safe load may be taken as 315 KN. 


SUMMARY OF MAIN POINTS 


1. 


Two general forms of deep foundation are recognised: Pile foundation and pier foundation. Piles 
are long, slender members used to bypass soft strata and transmit loads to firmer strata situ- 
ated below. 

Piles, other than sheet piles which are commonly used for reducing seepage, derive their capac- 
ity from end-bearing of the tip and skin friction of the surrounding soil against them. 

Piles may be of timber, steel, concrete or composite. Concrete piles may be precast or cast-in- 
place; the former are driven by pile hammers—drop, steam, pneumatic, diesel or vibratory. 
Pile capacity may be obtained by static analysis—bearing capacity theories such as those of 
Meyerhof and Vesic for deep foundations—or by dynamic analysis. 
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The Engineering News Formula and Hiley’s formula are the most commonly used dynamic pile 
formulae; the former is simple, while the latter is more complete. Load test on a pile is one of the 
best approaches for determining pile capacity. 

Negative skin friction tends to develop when a soil layer surrounding a pile settles more than the 
pile. This decreases the factor of safety. 

Pile groups need not have a capacity equal to the number of piles multiplied by individual piles. 
Usually group capacity is smaller than this and the ratio is termed group efficiency; the group 
efficiency is less than unity for piles in clays, especially where skin friction is involved. This may 
be occasionally greater than unity for piles in sands. Pile spacing is an important factor in this 
regard. 

Block failure must be checked for pile groups in clay. 

Settlement of a pile group is many times that of an individual pile. 

Laterally loaded piles are analysed based on Winkler’s hypothesis and the concept of the coeffi- 
cient of sub grade reaction. 

Batter piles are used to carry large lateral loads. 

Pile-driving records must be carefully kept and studied for a proper evaluation of a pile or Pile 
group. 
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QUESTIONS AND PROBLEMS 


16.1 Write brief critical notes on the Engineering News Formula. 


(S.V.U.—B.E., (N.R.)}—Sep., 1967) 
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16.2 


16.3 


16.4 


16.5 


16.6 


16.7 


16.8 


16.9 


16.10 


16.11 


16.12 


16.13 


16.14 


16.15 


16.16 


16.17 


16.18 


Write brief critical notes on the bearing capacity of piles. 
(S.V.U.—B.E., (R.R.)—Nov. 1974 and May, 1975) 

Explain the function of pile foundation and show how the bearing capacity of the foundation can 
be estimated. (S.V.U.—B.E., (R.R.)—Dec. 1970) 
Explain the basic difference in the bearing capacity computation of shallow and deep founda- 
tions. How are skin friction and point resistance of a pile computed ? 

(S.V.U.—B.E., (R.R.)—Nov. 1973) 
Outline the procedure to determine the bearing capacity of a single driven pile and that of a 
group of piles in a thick layer of soft clay. (S.V.U.—B.E., (R.R.)—May, 1971) 
Distinguish between driven and bored piles. Explain why the settlement of a pile foundation 
(pile group) will be many times that of a single pile even though the load per pile on both cases is 
maintained the same. (S.V.U.—B.Tech., (Part-time)—Sep., 1982) 
Give a method to determine the bearing capacity of a pile in clay soil. What is group effect and 
how will you estimate the capacity of a pile group in clay ? (S.V.U.—B.E., (R.R.)—May, 1970) 
What are the various methods used for determining the capacity of (i) a driven pile and (ii) a 
cast-in-situ pile? 
What is the basis on which the dynamic formulae are derived ? Mention two well known dynamic 
formulae and explain the symbols involved (S.V.U.—B.E., (N.R.)—Mar., 1966) 
A wood pile of 10 m length is driven by a 1500 kg drop hammer falling through 3 m to a final set 
equal to 1.25 cm per blow. Calculate the safe load on the pile using the Engineering News Formula. 

(S.V.U.—B.E., (N.R.)—Mar. 1966) 
A precast concrete pile is driven with a 30 kN drop hammer with a free fall of 1.5 m. The average 
penetration recorded in the last few blows is 5 mm per blow. Estimate the allowable load on the 
pile using the Engineering News Formula. 
What will be the penetration per blow of a pile which must be obtained in driving with a 3 t 
steam hammer falling through 1 m allowable load is 25 tonnes ? 
A 30 cm diameter pile penetrates a deposit of soft clay 9 m deep and rests on sand. Compute the 
skin friction resistance. The clay has a unit cohesion of 0.6 kg/em?. Assume an adhesion factor of 
0.6 for the clay. 
A square pile 25 cm size penetrates a soft clay with unit cohesion of 75 kN/m? for a depth of 18 m 
and rests on stiff soil. Determine the capacity of the pile by skin friction. Assume an adhesion 
factor of 0.75. 
A 30 cm square pile, 15 m long, is driven in a deposit of medium dense sand ( = 36°, N, = 40 and 
N, = 42). The unit wt. of sand is 15 kN/m. What is the allowable load with a factor of safety of 3? 
Assume lateral earth pressure coefficient = 0.6. 
A square pile group of 9 piles of 25 cm diameter is arranged with a pile spacing of 1 m. The length 
of the piles is 9 m. Unit cohesion of the clay is 75 kN/m?. Neglecting bearing at the tip of the piles 
determine the group capacity. Assume adhesion factor of 0.75. 
Determine the group efficiency of a rectangular group of piles with 4 rows, 3 piles per row, the 
uniform pile spacing being 3 times the pile diameter. If the individual pile capacity is 100 kN, 
what is the group capacity according to this concept ? 
A square pile group of 16 piles passes through a filled up soil of 3 m depth. The pile diameter is 
25 cm and pile spacing is 75 cm. If the unit cohesion of the material is 18 kN/m? and unit weight 
is 15 kN/m, compute the negative skin friction on the group. 


Chapter l fá 


SoiL STABILISATION 


17.1 INTRODUCTION 


‘Soil Stabilisation’, in the broadest sense, refers to the procedures employed with a view to 
altering one or more properties of a soil so as to improve its engineering performance. 

Soil Stabilisation is only one of several techniques available to the geotechnical engi- 
neer and its choice for any situation should be made only after a comparison with other tech- 
niques indicates it to be the best solution to the problem. 


It is a well known fact that, every structure must rest upon soil or be made of soil. It 
would be ideal to find a soil at a particular site to be satisfactory for the intended use as it 
exists in nature, but unfortunately, such a thing is of rare occurrence. 


The alternatives available to a geotechnical engineer, when an unsatisfactory soil is 
met with, are (i) to bypass the bad soil (e.g., use of piles), (ii) to remove bad soil and replace 
with good one (e.g., removal of peat at a site and replacement with selected material), (iii) 
redesign the structure (e.g., floating foundation on a compressible layer), and (iv) to treat the 
soil to improve its properties. 

The last alternative is termed soil stabilisation. Although certain techniques of 
stabilisation are of a relatively recent origin, the art itself is very old. The original objective of 
soil stabilisation, was, as the name implies, to increase the strength or stability of soil. How- 
ever, techniques have now been developed to alter almost every engineering property of soil. 
The primary aim may be to alter the strength and/or to reduce its sensitivity to moisture 
changes. 

The most common application of soil stabilisation is the strengthening of the soil compo- 
nents of highway and airfield pavements. 


17.2 CLASSIFICATION OF THE METHODS OF STABILISATION 


A completely consistent classification of soil stabilisation techniques is difficult. Classifica- 
tions may be based on the treatment given to soil, on additives used, or on the process in- 
volved. 
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Broadly speaking, soil stabilisation procedures may be brought under the following two 
heads: 


I. Stabilisation without additives 
II. Stabilisation with additives 


Stabilisation without additives may be ‘mechanical’—rearrangement of particles through 
compaction or addition or removal of soil particles. It may be by ‘drainage’—drainage may be 
achieved by the addition of external load, by pumping, by electro—osmosis, or by application 
of a thermal gradient—heating or cooling. 

Stabilisation with additives may be cement stabilisation (that is, soil cement), bitumen 
stabilisation, or chemical stabilisation (with fly ash, lime, calcium or sodium chloride, sodium 
silicate, dispersants, physico-chemical alteration involving ion-exchange in clay-minerals or 
injection stabilisation by grouting with soil, cement or chemicals). 

The appropriate method for a given situation must be chosen by the geotechincal engi- 
neer based on his experience and knowledge. Comparative laboratory tests followed by limited 
field tests, should be used to select the most economical method that will serve the particular 
problem on hand. Field-performance data may help in solving similar problems which arise in 
future. 

It must be remembered, however, that soil stabilisation is not always the best solution 
to a problem. 


17.3 STABILISATION OF SOIL WITHOUT ADDITIVES 


Some kind of treatment is given to the soil in this approach; no additives are used. The treat- 
ment may involve a mechanical process like compaction and a change of gradation by addition 
or removal of soil particles or processes for drainage of soil. 


17.3.1 Mechanical Stabilisation 


‘Mechanical stabilisation’ means improving the soil properties by rearrangement of particles 
and densification by compaction, or by changing the gradation through addition or removal of 
soil particles. 


Rearrangement of particles—compaction 

The process of densification of a soil or ‘compaction’, as it is called, is the oldest and most 
important method. In addition to being used alone, compaction constitutes an essential part of 
a number of other methods of soil stabilisation. 

The important variables involved in compaction are the moisture content, compactive 
effort or energy and the type of compaction. The most desirable combination of the placement 
variables depends upon the nature of the soil and the desired properties. Fine-grained soils 
are more sensitive to placement conditions than coarse-grained soils. 

Compaction has been shown to affect soil structure, permeability, compressibility char- 
acteristics and strength of soil and stress-strain characteristics (Leonards, 1962). Soil compaction 
has already been studied in some detail in Chapter 12. 
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Change of gradation—addition or removal of soil particles 

The engineering behaviour of a soil depends upon (among other things) the grain-size distri- 
bution and the composition of the particles. The properties may be significantly altered by 
adding soil of some selected grain-sizes, and, or by removing some selected fraction of the soil. 
In other words, this approach consists in manipulating the soil fractions to obtain a suitable 
grading, which involves mixing coarse material or gravel (called ‘aggregate’), sand, silt and 
clay in proper proportions so that the mixture when compacted attains maximum density and 
strength. It may involve blending of two or more naturally available soils in suitable propor- 
tions to achieve the desired engineering properties for the mixture after necessary compaction. 

Soil materials can be divided into two fractions, the granular fraction or the ‘aggregate’, 
retained on a 75-micron I.S. Sieve, and the fine soil fraction or the ‘binder’, passing this sieve. 
The aggregate provides strength by internal friction and hardness or incompressibility, white 
the binder provides cohesion or binding property, water-retention capacity or imperviousness 
and also acts as a filler for the voids of the aggregate. 

The relative amounts of aggregate and binder determine the physical properties of the 
compacted stabilised soil. The optimum amount of binder is reached when the compacted binder 
fills the voids without destroying all the grain-to-grain contacts of coarse particles. Increase in 
the binder beyond this limit results in a reduction of internal friction, a slight increase in 
cohesion and greater compressibility. Determination of the optimum amount of binder is an 
important component of the design of the mechanically stabilised mixture. 

Mechanical stabilisation of this type has been largely used in the construction of low- 
cost roads. Guide specifications have been developed based on past experience, separately for 
base courses and surface courses. 


The grading obtained by a simple rule given by Fuller has been found to be satisfactory: 


Percent passing a particular sieve = 100 ,/— ...(Eq. 17.1) 


= 


where d = aperture size of the sieve, and 
D = size of the largest particle. 


Suggested gradings for mechanically stabilised base and surface courses for roads are 
given in Table 17.1. 

If the primary aim is to reduce the permeability of a soil, sodium montmorillonite—a 
clay mineral, called “bentonite”—may be added. For example, the permeability of a silty sand 
could be reduced from 10~ cm/s to 10° cm/s by the addition of 10% of bentonite. However, it 
must be remembered that bentonite is costly and its effectiveness may be reduced by flowing 
water, and wetting and drying. Naturally available local clay can be blended with pervious 
soils to result in a more nearly permanent blanket; this may be a much cheaper and superior 
approach, if such a material is available in the proximity of the site. 
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Table 17.1 Suggested gradings for mechanically stabilised base 
and surface courses (adapted from HMSO, 1952) 














Per cent passing Base or surface course 
I.S. Sieve size Base course Surface course Max. size 
Max. size Max. size 
80 mm 40 mm 20 mm 20 mm 10 mm 5mm 

80 mm 100 — — — — — 
40 mm 80-100 100 — — — — 
20 mm 60-80 80-100 100 100 — — 
10 mm 45-65 55-80 80-100 80-100 100 — 
5 mm 30-50 40-60 50-75 60-85 80-100 100 
2.36 mm — 30-50 35-60 45-70 50-80 80-100 
1.18 mm — — — 35-60 40-65 50-80 
600 micron 10-30 15-30 15-35 — — 30-60 
300 micron — — — 20—40 20—40 20-45 
75 micron 5-15 5-15 5-15 10-25 10-25 10-25 





























Note: 1. Not less than 10% should be retained between each pair of successive sieves specified, 
excepting the largest pair. 


2. Material passing I.S. Sieve No. 36 shall have the following properties: 


For base courses: For surface courses: 
Liquid limit p 25% Liquid limit + 35% 
Plasticity Index þ 6% Plasticity Index : between 4 and 9. 


Gravel is used for base courses of pavements and for filter courses. The presence of fines 
to an extent more than the optimum might make the gravel unsatisfactory.The limit for the 
fines may be 3 to 7%, depending upon its intended use. The upper limit is for filter purposes. 

An obvious treatment, for a gravel with larger amount of fines than desired, is to wash 
out excess fines. This may sound very easy, but it is not that simple in practice. When supplies 
of dirty gravel along with a satisfactory source of water are available locally, the procedure of 
removal of fines from gravel by washing is employed. 


Mehra’s method of stabilisation 
The procedure advocated by S.R. Mehra (IRC, 1976) for mechanical stabilisation has been 
widely used in the construction of base and surface courses for low-cost roads. The method 
involves the use of just three sieves for the mechanical analysis (instead of ten as advocated by 
ASTM and HMSO) and only the plasticity index. The three sieves are equivalents of I.S. Sieves 
of sizes 1.18 mm, 300—u and 75-. 

Mehra recommends a compacted thickness of 76 mm for the base course with a mini- 
mum of 50% sand (fraction between 300-u and 75-u), and a plasticity index of 5 to 7. The 
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surface course also should be 76 mm thick with a minimum of one-third portion of sand in the 
soil mixture to which brick aggregate is added at 50% of the soil mixture. The plasticity index 
for the mix is recommended to be 9.5 to 12.5 for roads without surface treatments, and 8 to 10 
for roads with surface treatments. 

Although the grading is not conducive to producing the densest mix, it is supposed to 
yield a satisfactory road surface under mixed traffic conditions prevailing in India. 

Mehra’s method has been very popular, especially in the northern parts of the country. 


17.3.2 Stabilisation by Drainage 
Generally speaking, the strength of a soil generally decreases with an increase in pore water 
and in the pore water pressure. Addition of water to a clay causes a reduction of cohesion by 
increasing the electric repulsion between particles. The strength of a saturated soil depends 
directly on the effective or intergranular stress. For a given total stress, an increase in pore 
water pressure results in a decrease of effective stress and consequent decrease in strength. 

Thus, drainage of a soil is likely to result in an increase in strength which is one of the 
primary objectives of soil stabilisation. 

The methods used for drainage for this purpose are: 

1. application of external load to the soil mass, 

2. drainage of pore water by gravity and/or pumping, using well-points, sand-drains, 
etc., 

3. application of an electrical gradient or electro-osmosis; and, 

4. application of a thermal gradient. 


Application of external load to the soil mass 


The aim is to squeeze out pore water. The common load is by way of adding an earth sur- 
charge. Other miscellaneous techniques are also used. 


Drainage of pore water by gravity and/or pumping 

Well-points are used to drain pore water either by gravity and/or pumping (Barron, 1948). 
Vertical sand drains or sand piles (Rutledge and Johnson, 1958) are used to expedite 

drainage of a soil stratum. The diameter of the sand-drains may be 40 to 50 cm and the spacing 


may be 2 to 3 m. A drainage blanket is placed on top and a surcharge fill is placed on top of this 
blanket. 


A proper design of sand-drain installation involves the determination of diameter and 
spacing of sand drains, the thickness of the drainage blanket, and, amount and duration of 
surcharge fill loading (Terzaghi, 1943). 


Application of electrical gradient or electro-osmosis 

When a direct electric current is passed through a saturated soil, water moves towards the 
cathode. If this is removed the soil undergoes consolidation. This phenomenon is called “electro— 
osmosis”. 

In addition to electro-osmotic consolidation, passage of electric current can cause ion 
exchange, alteration of arrangement of the particles, and electro-chemical decomposition of 
the electrodes. The combination of these changes brought about in the soil is called ‘electrical 
stabilisation’. This procedure has been successfully employed to increase skin friction of piles 
(Casagrande, 1952 and 1953). 
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Application of thermal gradient 

Heating or cooling a soil can cause significant changes in its properties. The main drawback of 
thermal stabilisation is the cost involved, which makes it seldom cost-competitive with other 
techniques. 


Even a slight increase in temperature can reduce the electric repulsion between clay 
particles and can cause slight increase in strength. Temperature, in excess of 100°C, drives off 
the adsorbed moisture on clay particles, thereby increasing its strength. Temperatures of the 
order of 400 to 600°C, cause irreversible changes in the clay minerals, making them less water- 
sensitive. Heat has been known to change an expansive clay to an essentially non-expansive 
type. 

Soviet engineers have used thermal stabilisation for deep deposits of partially satu- 
rated loess soil up to about 12 m (Lambe, 1962). The method consisted in burning a mixture of 
liquid fuel and air injected through a network of pipes. Cylinders of solidified soil about 2.7 m 
in diameter were formed which served as pile foundations. Rumanian engineers have also 
used this technique for cohesive soils (Beles and Stanculescu, 1958). The heat was provided by 
burning liquid or gas fuel in a unit lowered into a boring. 

Freezing pore water in a wet soil increases its strength. Clay soil requires temperatures 
much lower than 0°C for this purpose. Ice piles, ice coffer dams and underpinning buildings by 
this approach are examples. 


17.4 STABILISATION OF SOIL WITH ADDITIVES 


Stabilisation of soil with some kind of additive is very common. The mode and degree of alter- 
nation necessary depend on the nature of the soil and its deficiencies. If additional strength is 
required in the case of cohesionless soil, a cementing or a binding agent may be added and if 
the soil is cohesive, the strength can be increased by making it moisture-resistant, altering the 
absorbed water films, increasing cohesion with a cement agent and adding internal friction. 
Compressibility of a clay soil can be reduced by cementing the grains with a rigid material or 
by altering the forces of the adsorbed water films on the clay minerals. Swelling and shrinkage 
may also be reduced by cementing, altering the water adsorbing capacity of the clay mineral 
and by making it moisture-resistant. Permeability of a cohesionless soil may be reduced by 
filling the voids with an impervious material or by preventing flocculation by altering the 
structure of the adsorbed water on the clay mineral; it may be increased by removing the fines 
or modifying the structure to an aggregated one. 

A satisfactory additive for soil stabilisation must provide the desired qualities and, in 
addition, must meet the following requirements: Compactibility with the soil material, perma- 
nency, easy handling and processing, and low cost. 

Many additives have been employed but with varying degrees of success. No material 
has been found to meet all the requirements, and most of the materials are expensive. 


17.4.1 Types of Additives Used 
The various additives used fall under the following categories: 


(i) Cementing materials: Increase in strength of the soil is achieved by the cementing 
action of the additive. Portland cement, line, fly-ash and sodium silicate are exam- 
ples of such additives. 
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(ii) Water-proofers: Bituminous materials prevent absorption of moisture. These may 
be used if the natural moisture content of the soil is adequate for providing the 
necessary strength. Some resins also fall in this category, but are very expensive. 

(iii) Water-retainers: Calcium chloride and sodium chloride are examples of this category. 

(iv) Water-repellents or retarders: Certain organic compounds such as stearates and 
silicones tend to get absorbed by the clay particles in preference to water. Thus, 
they tend to keep off water from the soil. 

(v) Modifiers and other miscellaneous agents: Certain additives tend to decrease 
the plasticity index and modify the plasticity characteristics. Lignin and 
lignin-derivatives are used as dispersing agents for clays. 


17.4.2 Cement Stabilisation 


Portland cement is one of the most widely used additives for soil stabilisation. A mixture of soil 
and cement is called “soil-cement”. If a small percentage of cement is added primarily to re- 
duce the plasticity of fat soils, the mixture is said to be a “cement-modified soil”. If the soil- 
cement has enough water which facilitates pouring it as mortar, it is said to be a ‘plastic soil 
cement”. It is used in canal linings. 

The chemical reactions of cement with the silicious soil in the presence of water are 
believed to be responsible for the cementing action. Many of the grains of the coarse fraction 
get cemented together, but the proportion of clay particles cemented is small. 


Almost any inorganic soil can be successfully stabilised with cement; organic matter 
may interfere with the cement hydration. 

Soil-cement has been widely used for low-cost pavements for highways and airfields, 
and as bases for heavy traffic. Generally, it is not recommended as a wearing coarse in view of 
its low resistance to abrasion. 


Factors affecting soil-cement 


The important factors which affect the properties of soil-cement are the nature of the soil, 
cement content, compaction, and the method of mixing. 


Nature of the soil 

Almost all soils, devoid of organic matter and capable of being pulverised, can be stabilised 
with the addition of cement. The requirement of cement will increase with the increase in 
specific surface of the soil; in other words, it increases with the fines content. Expansive clays 
are difficult to deal with. Well-graded soils with less than 50% of particles finer than 75-u and 
a plasticity index less than 20 are most suitable for this method of stabilisation. Approximate 
limits of gradation of soil for economic stabilisation with cement are obtained by research 
(HRB, 1943). 

Soils containing more than 2% of organic matter are generally considered to be unsuit- 
able, since the strength of soil-cement is reduced by the organic matter interfering with the 
hydration of cement. The presence of sulphates also renders a soil unsuitable for stabilisation 
with cement. 

The nature of the exchangeable ions on the soil grains is an important factor. Calcium is 
the most desirable ion for the case of cement stabilisation. Addition of less than 1% of lime or 
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calcium chloride may render a soil more suitable for stabilisation with cement in spite of the 
presence of organic matter. 


Cement content 


The normal range of cement content used is 5 to 15% by weight of the dry soil, finer soils 
requiring greater quantity of cement. The more the cement content, the greater is the strength 
of the resulting soil-cement. A compressive strength of 2000 to 3000 kN/m? as obtained from a 
test on a cylinder of soil-cement after 7 days of during must be satisfactory. High early strength 
cement yields better results than ordinary cement. 


Compaction 


Adequate compaction is essential. Optimum moisture is to be used in the process as there is no 
problem of stability as for concrete. 


Mixing 

Uniform mixing will lead to strong soil-cement. The efficiency of mixing depends upon the 
type of plant used. Mixing should not be done after hydration has begun. 

Admixtures 


Addition of about 0.5 to 1.0% of certain chemicals such as lime or calcium chloride to soil- 
cement has been found to accelerate the set and to improve the properties of the final products 
(Lambe, Michaels and Moh, 1959). 


Designing and testing soil-cement 


Soil-cement mix design consists of selecting the amount of cement, the amount of water and 
the compaction density to be achieved in the field. The thickness of the stabilised soil and also 
the placement conditions are to be decided upon. The thickness of a soil-cement base is to be 
taken equal to that required for a granular base for a good subgrade, and as equal to 75% of 
that required for a granular base for a poor subgrade. Usually 15 to 20 cm thickness is ad- 
equate for a soil-cement base. 


The procedures adopted for design are: 
(i) Complete method, using moisture-density, freeze-thaw, and wet-dry tests; 


(ii) Short-cut method for sandy soils, using moisture-density and strength tests in con- 
junction with the charts prepared by the Portland Association; and 


(iii) Rapid method, using moisture-density tests and visual inspection. 


Field construction of soil-cement 
The steps in the construction of soil-cement are: 
(i) Pulverization of soil 
(ii) Adding water and cement 
(iii) Mixing 
(iv) Spreading and compaction 
(v) Finishing and curing 
In advanced countries most of the operations are mechanised. The method may be mixed- 
in-place, travelling plant, or stationary plant type. 
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Applications 


Soil-cement is used as base course for pavements for light traffic. Pressed soil-cement blocks 
can be used in place of bricks. Rammed earth walls with just 2% cement are used for low-cost 
housing. Soil-cement blocks may be used in place of concrete blocks for pitching of banks of 
canals or canal linings. 


17.4.3 Bitumen Stabilisation 
Bituminous materials such as asphalts and tars have been used for soil stabilisation. This 
method is better suited to granular soils and dry climates. 

‘Bitumens’ are nonaqueous system of hydrocarbons which are completely soluble in 
‘Carbon disulphide’. 

‘Asphalts’ are natural materials or refined petroleum products, which are bitumens. 

‘Tars’ are bituminous condensates produced by the destructive distillation of organic 
materials such as coal, oil, lignite and wood. (Lambe, 1962). 

Most bitumen stabilisation has been with asphalt. Asphalt is usually too viscous to be 
incorporated directly with soil. Hence, it is either heated or emulsified or cut back with a 
solvent like gasoline, to make it adequately fluid. 

Tars are not emulsified but are heated or cut back prior to application. 

Soil-asphalt is used mostly for base courses of roads with light traffic. 

Bitumen stabilises soil by one or both of two mechanisms: (i) binding soil particles to- 
gether, and (ii) making the soil water-proof and thus protecting it from the deleterious effects 
of water. 


Obviously, the first mechanism occurs in cohesionless soils, and the second in cohesive 
soils, which are sensitive to water. Asphalt coats the surfaces of soil particles and protects 
them from water. If also plugs the voids in the soil, inhibiting a flow of pore water. 


Bitumen stabilisation maay produce one of the following: 
(i) Sand-bitumen 

(ii) Soil-bitumen 

(iii) Water-proof mechanical stabilisation 

(iv) Oiled earth 


Sand-bitumen 


Cohesionless soils like sand stabilised by bitumen are called sand-bitumen. The primary func- 
tion of bitumen is to bind the sand grains. The quantity of asphalt may range from 5 to 12%. 


Soil-bitumen 
Cohesive soil stabilised by bitumen is referred to as soil-bitumen; the primary objective is to 
make it water-proof and preserve its cohesive strength. 

For best results the soil must conform to the following requirements: 

Max. size : less than one-third the compacted thickness 

Passing 4.75 mm sieve : greater than 50% 

Passing 425-1 Sieve : 35 to 100% 


706 GEOTECHNICAL ENGINEERING 





Passing 75-1 sieve : 10 to 30% 
Liquid limit : less than 40% 
Plasticity Index : less than 18 


Water-proof mechanical stabilisation 


Small quantities of bitumen—1 to 3%—may be added to mechanically stabilised soils to make 
them water-proof. 


Oiled earth 
Slow-curing and medium-curing road oils are sprayed to make the earth water-resistant and 
resistant to abrasion. The oils penetrate a short depth into the soil without any mechanical 
mixing. 
Admixtures 
The addition of small quantities of phosphorus pentoxide or certain amines was found to im- 
prove the effectiveness of asphalt as a soil stabiliser. 

The construction of soil-asphalt is very much similar to that of soil-cement; usual thick- 
ness ranges from 15 to 20 cm as with soil-cement. 


17.4.4 Chemical Stabilisation 


Chemical stabilisation refers to that in which the primary additive is a chemical. The use of 
chemicals as secondary additives to increase the effectiveness of cement and of asphalt has 
been mentioned earlier. 

Lime and salt have found wide use in the field. Some chemicals are used for stabilising 
the moisture in the soil and some for cementation of particles. Certain aggregates and disper- 
sants have also been used. 


Lime stabilisation 
Lime is produced from natural limestone. The hydrated limes, called ‘slaked lines’, are the 
commonly used form for stabilisation. 

In addition to being used alone, lime is also used in the following admixtures, for soil 
stabilisation: 

(i) Lime-fly ash (4 to 8% of hydrated lime and 8 to 20% of fly-ash) 

(ii) Lime-portland cement 

(iii) Lime-bitumen 

The use of lime as a soil stabiliser dates back to Romans, who used it in the construction 
of the ‘Appian way’ in Rome. This road has given excellent service and is maintained as a 
traffic artery even today. 

There are two types of chemical reactions that occur when lime is added to wet soil. The 
first is the alteration of the nature of the adsorbed layer through ion exchange of calcium for 
the ion naturally carried by the soil, or a change in the double layer on the soil colloids. The 
second is the cementing action or pozzolanic action which requires a much longer time. This is 
considered to be a reaction between the calcium with the available reactive alumina or silica 
from the soil. 


SOIL STABILISATION 707 





Lime has the following effects on soil properties: 

Lime generally increases the plasticity index of low-plasticity soil and decreases that of 
highly plastic soils; in the latter case, lime tends to make the soil friable and more easily 
handled in the field. 

It increases the optimum moisture content and decreases the maximum compacted den- 
sity; however, there will be an increase in strength. About 2 to 8% of lime may be required for 
coarse-grained soils, and 5 to 10% for cohesive soils. 

Certain sodium compounds (e.g., sodium hydroxide and sodium sulphate), as secondary 
additives, improve the strength of soil stabilised with lime. 

Lime may be applied in the dry or as a slurry. Better penetration is obtained when it is 
used as a slurry. The construction of lime-stabilised soil is very much similar to that of soil- 
cement. The important difference is that, in this case, no time limitation may be placed on the 
operations, since the lime-soil reactions are slow. Care should be taken, however, to prevent 
the carbonation of lime. Lime stabilisation has been used for bases of pavements. 


Salt stabilisation 
Calcium chloride and sodium chloride have been used for soil stabilisation. Calcium chloride is 
hygroscopic and deliquiscent. It absorbs moisture from the atmosphere and retains it. It also 
acts as a soil flocculant. The action of sodium chloride is similar. 

The effect of salt on soil arises from colloidal reactions and the alteration of the charac- 
teristics of soil water. Salt lowers the vapour pressure of pore water and also the freezing 
point; the frost heave will be reduced because of the latter phenomenon. 


The main disadvantage is that the beneficial effects of salt are lost, ifthe soil gets leached. 


Lignin and chrome-lignin stabilisation 


Lignin is one of the major constituents of wood and is obtained as a by-product during the 
manufacture of paper from wood. Lignin, both in powder form and in the form of sulphite 
liquor, has been used as an additive to soil for many years. A concentrated solution, partly 
neutralised with calcium base, known as Lignosol, has also been used. 

The stabilising effects of lignin are not permanent since it is soluble in water; hence 
periodic applications may be required. In an attempt to improve the action of lignin, the ‘Chrome- 
lignin process” was developed (Smith, 1952). The addition of sodium bichromate or potassium 
bichromate to the sulphite waste results in the formation of an insoluble gel. 

If the lignin is not neutralised, it is acid and acts as a soil aggregant; when neutralised 
as with Lignisol, it acts as a dispersant. Chrome lignin imparts considerable strength to soils 
as a cementing agent (Lambe, 1962). 


Stabilisers with water-proofers 


It is well known that cohesive soils possess considerable strength when they are dry. When 
they have access to water, they imbibe it and lose strength. Water-proofers, i.e., chemicals 
which prevent the deleterious effects of water on soils, are useful in such cases. Siliconates, 
amines and quaternary ammonium salts fall in this category. 


Water-proofers do not increase the strength, but help the soil retain its strength even in 
the presence of water. 
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Stabilisation with natural and synthetic resins 

Certain natural as well as synthetic resins, which are obtained by polymerisation of organic 
monomers, have also been used for soil stabilisation. They act primarily as water-proofers. 
Vinol resin and Rosin, both of which are obtained from pinetrees, are the commonly used 
natural resins. Aniline-furfural, polyvinyl alcohol (PVA), and calcium acrylate are commonly 
used synthetic resins. Asphalt and lignin, which are also resinous materials, have already 
been discussed separately. 


Aggregants and dispersants 

Aggregants and dispersants are chemicals which bring about modest changes in the proper- 
ties of soil containing fine grains. These materials function by altering the electrical forces 
between the soil particles of colloidal size, but provide no cementing action. They affect the 
plasticity, permeability and strength of the soil treated. Low treatment levels are adequate for 
the purpose. 

Aggregants increase the net electrical attraction between adjacent fine-grained soil par- 
ticles and tend to flocculate the soil mass. Inorganic salts such as calcium chloride and ferric 
chloride, and polymers such as Krilium are important examples. Change in adsorbed water 
layers, ion-exchange phenomena and increase in ion concentration are the possible mecha- 
nisms by which the aggregants work. 

Dispersants are chemicals which increase the electrical repulsion between adjacent fine- 
grained soil particles, reduce the cohesion between them, and tend to cause them to disperse. 
Phosphates, sulphonates and versanates are the most common dispersants, which tend to 
decrease the permeability. Ion exchange and anion adsorption are the possible mechanisms by 
which the dispersants work. 


Miscellaneous chemical stabilisers 


Sodium silicate can be used as a primary stabiliser as well as a secondary additive to conven- 
tional stabilisers such as cement. Injection is the usual process by which this is used. Phos- 
phoric acid also has been used to some extent. 


Molasses, tung oil, sodium carbonate, paraffin and hydrofluoric acid are some miscella- 
neous chemicals which have been considered but have not received any extensive application. 


17.4.5 Injection Stabilisation 


Injection of the stabilising agent into the soil is called ‘Grouting’. This process makes it possi- 
ble to improve the properties of natural soil and rock formations, without excavation, process- 
ing, and recompaction. Grouting may have one of the two objectives—to improve strength 
properties or to reduce permeability. This is achieved by filling cracks, fissures and cavities in 
the rock and the voids in soil with a stabiliser this is initially in a liquid state or in suspension 
and which subsequently solidifies or precipitates. 

Injection is a very common technique in the oil industry; petroleum engineers frequently 
use this method for sealing or operating wells. Injection techniques, unfortunately, are rather 
complex. The selection of proper grout material and appropriate technique can normally be 
made best only after field exploration and testing. The results of the injection process are 
rather difficult to assess. Grouting must be called an art rather than a science. 
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Grouting materials 
The following have been used for grouting: 
(i) Soil 
(ii) Portland cement 
(iii) Bitumen 
(iv) Chemicals 
Bitumen is not used as much as other materials for this purpose. 


The properties of the grout must fit the soil or rock formation being injected. The dimen- 
sions of the pores or fissures determine the size of grout particle so that these can penetrate. 
The following are the guide lines recommended: 


1 
Dp; (Grout) < 15 D; (Soil) Œq. 17.1) 
1 
D,; (Grout) < 3 B (Fissure) (Eq. 17.2) 
R, = Dgs Grout/D,, Soil) > 15 ...(Eq. 17.3) 


R,: Groutability ratio. 

(Johnson, 1958; Kennedy, 1958) 

Viscosity and rate of hardening are important characteristics of the grout material. Low 
viscosity and slow hardening permits penetration to thin fissures and small voids whereas 
high viscosity and rapid hardening restrict flow to large voids. 

The grout must not be unduly diluted or washed away by ground water. Insoluble or 
rapid setting grouts are used in situations where there is ground water flow. 

‘Mudjacking’ is a form of soil injection used to raise highway pavements, railway tracks 
and even storage tanks. This technique consists of injecting a mixture of soil, Portland cement 
and water to shallow depths at relatively low pressures. 

Cement grouting has been used to stabilise rock formations, as also alluvial sands and 
gravels. 

A number of chemicals have been used for grouting; among them, sodium silicate in 
water, known as ‘water glass’ is the most common. This solution contains both free sodium 
hydroxide and colloidal silicic acid. The addition of certain salts such as calcium chloride, mag- 
nesium chloride, ferric chloride and magnesium sulphate, or of certain acids such as hydro- 
chloric acid and sulphuric acid, results in the formation of an insoluble silica gel. 

On ageing, the gel shrinks and cracks. Hence, the effectiveness of silicate injection in 
the presence of ground water remains doubtful. 

The grouting plant includes the material handling system, mixers, pumps and delivery 
hoses. The mixing of components is done by a proportioning valve or pump at the point of 
injection. A perforated pipe is driven into soil to the level of grouting; if it is rock, grouting 
holes are drilled. 

The injection pattern depends on the purpose of grouting. Generally a grid pattern is 
used. The spacing may be 6 to 15 m. Sufficient pressure is used to force the grout into voids and 
fissures. 
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17.5 CALIFORNIA BEARING RATIO 


The strength of the subgrade is an important factor in the determination of the thickness 
required for a flexible pavement. It is expressed in terms of its ‘California Bearing Ratio’, 
usually abbreviated as ‘C.B.R.’. 

The CBR value is determined by an empirical penetration test devised by the California 
State Highway Department (U.S.A.), and derives its name thereof. The results obtained by 
these tests are used in conjunction with empirical curves, based on experience, for the design 
of flexible pavements. 

The test is arbitrary and the results give an empirical number, expressed usually in per 
cent, which may not be directly related to fundamental properties governing the shear strength 
of soils, such as cohesion and angle of internal friction. However, attempts have been made 
recently to correlate CBR value with the bearing capacity and plasticity index of the soil. 

The California bearing ratio (CBR) is defined as the rate of the force per unit area 
required to penetrate a soil mass with a standard circular plunger of 50 mm diameter at the 
rate of 1.25 mm/min to that required for the corresponding penetration of a standard material. 


The standard material is crushed stone and the load which has been obtained from a 
test on it is the standard load, this material being considered to have a CBR of 100%. 

The CBR value is usually determined for penetrations of 2.5 mm and 5 mm. Where the 
ratio at 5 mm is consistently higher than that at 2.5 mm, the value at 5 mm is used. Otherwise, 
the value at 2.5 mm is used, which is more common. 

The CBR test is usually carried out in the laboratory either on undisturbed samples or 
on remoulded samples, depending upon the condition in which the subgrade soil is likely to be 
used. Efforts shall be put in to simulate in the laboratory the pressure and the moisture condi- 
tions to which the subgrade is expected to be subjected in the field. 


17.5.1 Determination of CBR Value 


The C.B.R. Test as standardised by ISI [IS: 2720 (Part-XVD-1979—Laboratory Determination 
of CBR] is as follows: 


The apparatus consists of a cylindrical mould of 150 mm inside diameter and 175 mm in 
height. It is provided with a detachable metal extension collar 50 mm in height and a detach- 
able perforated base plate 10 mm thick. A circular metal spacer disc 148 mm in diameter and 
47.7 mm in height is also provided. A handle for screwing into the disc to facilitate its removal 
is also available. A standard metal rammer (IS: 9198-1979) is used for compaction for prepar- 
ing remoulded specimens. The apparatus is shown in Fig. 17.1. 

One annular metal weight and several slotted weights weighing 24.5 N (2.5 kg) each 
(147 mm in diameter with a central hole 53 mm in diameter) are used for providing the neces- 
sary surcharge pressure. 

A metal penetration plunger, 50 mm in diameter and not less than 100 mm long, is used 
for penetrating the specimen in the mould. If it is necessary to use a plunger of greater length, 
a suitable extension rod may be used. Dial gauges reading to 0.01 mm are used to record the 
penetration. 
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Fig. 17.1 CBR apparatus [IS : 2720 (Part-XVI)-1979] 


I.S. Sieves (20 mm and 4.75 mm), and other general apparatus such as a mixing bowl, 
straight edge, scales, soaking tank or pan, drying oven, filter paper, dishes and a calibrated 
measuring jar are also required. 

A loading machine of capacity 50 kN (5,000 kg approx.) in which the rate of displace- 
ment of 1.25 mm/min can be maintained is necessary. 


Preparation of test specimen 
The test may be performed on undisturbed specimens or on remoulded specimens which may 
be compacted either statically or dynamically. 

Undisturbed specimens shall be obtained by fitting to the mould, the steel cutting edge 
of 150 mm internal diameter and pushing the mould as gently as possible into the ground. 
When the mould is sufficiently full of soil, it shall be removed by underdigging. The top and 
bottom undersurfaces are then trimmed to give the desired length to the specimen. 

If the specimen is loose in the mould, the annular cavity shall be filled with paraffin wax 
thus ensuring that the soil receives proper support from the sides of the mould during the 
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penetration test. The density of the soil and the water content of the soil must be determined 
by one of the available standard methods. 


Remoulded specimens must be prepared in such a way that the dry density and water 
content correspond to those values at which the CBR value is desired. The material shall pass 
a 20-mm IS sieve. Allowance for larger material shall be made by replacing it by an equal 
amount of material which passes a 20 mm IS sieve but is retained on 4.75 mm IS Sieve. 

Statically compacted specimens may be obtained by placing the calculated mass of soil 
in the mould and pressing in the displacer disc, a filter paper being placed between the disc 
and the soil. The pressing may be stopped when the top of the displacer disc is flush with the 
rim of the mould. 

Dynamically compacted specimens may be obtained by using the standard metal rammer 
in accordance with “IS: 2720 (Part VII)—1983—Determination of water content—dry density 
relation using light compaction” or “IS: 2720 (Part VIII)-1983—Determination of water content— 
dry density relation using heavy compaction”. The mould with the extension collar attached 
shall be clamped to the base plate. The spacer disc shall be inserted over the base plate and a 
disc of coarse filter paper placed on the top of the spacer disc. After compacting the soil into the 
mould, the extension collar shall be removed and the top of the sample struck off level with the 
rim of the mould by means of a straight edge. The perforated base plate and spacer disc shall 
be removed for recording the mass of the mould and the compacted soil. A disc of coarse filter 
paper shall be placed on the perforated base plate, the mould and the compacted soil shall be 
inverted, and the perforated base plate clamped to the mould with the compacted soil in contact 
with the filter paper. 

In both cases of compaction, if soaking of the sample is required, representative samples 
of the material shall be taken both before compaction and after compaction for determination 
of water content. 


If the sample is not to be soaked, representative sample of the material after the pen- 
etration shall be taken for the determination of the water content. 


Test procedure 

The mould containing the specimen, with the base plate in position, shall be placed on the 
lower plate of the loading machine. Surcharge weights, sufficient to produce a pressure equal 
to the weight of the base material and the pavement, shall be placed on the specimen. If the 
specimen has been soaked previously, the surcharge shall be equal to that used during the 
soaking period. The annular weight above which the slotted weights are placed prevents the 
upheaval of the soil into the slots of the weights. The plunger shall be seated under a load of 
39.2 N (4 kg) so that, full contact is established between surface of the specimen and plunger. 
The dial gauges of the proving ring and those for penetration are set to zero. The seating load 
for the plunger is ignored for the purpose of showing the load penetration relation. Load shall 
be applied such that the rate of penetration is approximately 1.25 mm/min. Load readings 
shall be recorded at penetrations of 0, 0.5, 1.0, 1.5, 2.0, 2.5, 4.0, 5.0, 7.5, 10.0 and 12.5 mm. The 
maximum load and penetration shall be recorded if it occurs for a penetration of less than 12.5 
mm. The plunger shall be raised and detached from the loading machine. About 0.5 N (50 g) of 
soil shall be collected from the top 30 mm layer of the specimen and the water content determined 
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as per IS: 2720 (Part-II)-1973. The presence of any oversize particles shall be verified which 
may affect the results if they happen to be located directly below the penetration plunger. 

The penetration test may be repeated for the reverse end of the sample as a check. The 
set-up is shown schematically in Fig. 17.2. 


Applied load 











Proving ring 
for measuring load 
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Fig. 17.2 Schematic of the set-up for CBR test 


Load-penetration curve 

Load vs penetration curve is plotted. This curve will be mainly convex upwards although the 
initial portion of the curve may be concave upwards due to surface irregularities. A correction 
shall then be applied by drawing a tangent to the upper curve at the point of contraflexure. 
The corrected curve shall be taken to be this tangent plus the convex portion of the original 
curve with the origin of penetrations shifted to the point where the tangent cuts the horizontal 
penetration axis as illustrated in Fig. 17.3. 


CBR value 


Corresponding to the penetration value at which the CBR is desired, corrected load shall be 
taken from the load penetration curve and the CBR calculated as follows: 


Pr 
CBR = Pp * 100 ...(Eq. 17.4) 


sS 
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Fig. 17.3 Load vs penetration curves for CBR test 
where P, = Corrected unit (or total) test load corresponding to the chosen penetration from the 
load-penetration curve, and 


P, = standard unit (or total) load for the same depth of penetration as for P,, taken from 
Table 17.2. 

The CBR values are usually calculated for penetrations of 2.5 mm and 5 mm. Generally, 
the CBR value at 2.5 mm penetration will be greater than that at 5 mm penetration and in 
such a case the former shall be taken as the CBR value for design purposes. If the CBR value 
corresponding to a penetration of 5 mm exceeds that for 2.5 mm the test shall be repeated. If 
identical results follow, the CBR corresponding to 5 mm penetration shall be taken for design. 

The CBR value shall be reported correct to the first decimal place. 


Table 17.2 Standard load 











Depth of Unit standard load Total standard load 
Penetration (mm) kg/cm? RN/m? kg kN 
2.5 70 6,867 1370 13.44 
5.0 105 10,300 2055 20.16 
7.5 134 13,145 2630 25.80 
10.0 162 15,892 3180 31.20 
12.5 183 17,952 3600 35.32 
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17.5.2 Use of CBR 


Design curves have been developed by different authorities for determining the appropriate 
thickness of construction above subgrade materials of known CBR for different wheel loads 
and traffic conditions. This approach is one of the popular ones for the design of flexible pave- 
ments. 

Typical design charts developed by the Road Research Laboratory, London, which are 
also used in India, are shown in Fig. 17.4 and 17.5. 
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Fig. 17.4 Design charts for flexible pavements—CBR method 
(After R.R.L., London & Alam Singh, 1967) 
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Fig. 17.5 Use of CBR in the design of flexible pavements 
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It has been suggested that C.B.R. curve may be drawn using the equation: 
W A 
d= Jaren = ... (Eq. 17.5) 
where, d = total thickness of construction (cm), 





W = maximum wheel load (kg), and 
A = area of tyre contact (cm?). (Hansen, 1959) 


*17.6 REINFORCED EARTH AND GEOSYNTHETICS 


Reinforced Earth: The idea of retaining earth behind a metallic facing element connected to 
anchor or tieback elements, which may be thin metal strips, or strips of wire mesh, is of rela- 
tively recent origin. The resulting structure is known as “reinforced earth”. The facing ele- 
ment is restrained by the mobilization of friction and or cohesion to ‘grip’ the anchor or tieback; 
the latter are extended into the backfill zone. A layer of these strips is placed at one elevation 
and backfilling is carried out; the entire process is repeated to the next higher elevation until 
the desired height is obtained. Typical spacings between the reinforcing ties are 0.3 to 1.0 min 
the vertical direction and 0.60 to 1.50 m in the horizontal direction. Metal strips of 5 to 12 m 
width and 1.5 mm thickness may be used. If welded wire mesh is used it can be 1 cm diameter 
in grids of 15 cm x 60 cm. Strips as well as mesh must be galvanized to prevent corrosion. In 
highly corrosive environments like marine areas, even this may not ensure durability for the 
anticipated lifetime of the structure. 


Backfill soils of free-draining type such as sands and gravels are preferred; of course, 5 
to 10% of material passing No. 75-u IS sieve will be helpful for achieving good compaction. 


A sectional elevation of a reinforced earth embankment is shown in Fig. 17.6. 
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Fig. 17.6 Reinforced earth embankment 


Active Rankine pressures are assumed to be mobilized in the design procedure for the 
element spacing and length. Reinforced earth walls prove to be more economical than the 
conventional reinforced concrete types for a given height. 
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17.6.1 Geosynthetics 


“Geotextile” means a textile used in geotechnical practice and is of relatively recent origin. A 
brief treatment of the evolution, functions, and applications of geosynthetics in Civil Engi- 
neering practice is given herein: 

Forms of geotextiles have been used since time immemorial. The Chinese have used 
wood, bamboo and straw to strengthen soils; even the Great Wall included reinforced soil 
structures in some of its portions. The Dutch, in their age-old battle with the sea, have exten- 
sively used willow fascines to reinforce dikes and protect them from wave action. The Romans 
used reed and wood for soil reinforcement; even animal hides were used in the Middle Ages. 
Cotton fabrics were tried for strengthening road pavements in the USA between 1926 and 
1935 A.D. 

During the Second World War, the British Army used rolls of fascines or canvas to 
strengthen the ground during their invasion of France. The advent of synthetic fibres in the 
twentieth century spurred geotextile techniques—the first synthetic fibre, made from Poly 
Vinyl Chloride (PVC) in 1913, the advent of nylon in 1930, polyester fibre in 1949, and 
polypropylene fibre in 1954 have all contributed to this. Another major advance was the devel- 
opment in the mid-1960’s of manufacturing process for non-woven fabrics made from continu- 
ous synthetic filament (Spun-bonded non-woven fabrics) in France, the U.K., and the U.S.A. 


The term “Geosynthetics” has been proposed by J.E. Fleut, Jr. in 1983 to encompass all 
these synthetic materials, including geomembranes. Systematic applications followed the ad- 
vent of a synthetic fibre capable of resisting rot. Today geosynthetics are being widely used in 
a number of applications in geotechnical practice the world over. 

Geosynthetics are classified into the following: 

(a) Geotextiles: These are permeable textiles—woven or non-woven synthetic poly- 
mers. Woven fabrics consist of two threads (warp and weft) combined systematically by mak- 
ing them cross each other perpendicularly. Threads could be multi-filaments or thick 
monofilaments, or tape threads got by splitting a plastic film. Multi-filament threads are made 
of polyester and polyamide; polypropylene and polyethylene are used to make tape threads. 

Non-woven fabrics consist of randomly placed short fibres (60 to 150 mm) or continuous 
filaments. First, the randomly placed fibres form a web with no strength. In the second stage, 
strength is obtained by mechanical bonding through needle punching, by chemical bonding, or 
by thermal bonding. 

(b) Geogrids: These are relatively stiff net-like materials with large open spaces be- 
tween the ribs that make up the structure. They can be used to reinforce aggregate layers in 
bituminous pavements and for construction of geo-cells for improvement of bearing capacity. 

(c) Geomembrances: A continuous membrance—type liner composed of asphaltic, poly- 
meric materials with sufficiently low permeability so as to control fluid migration. 

(d) Geocomposites: These are various combinations of geotextiles, geogrids, geomem- 
brances and/or other materials to serve all the primary functions with better performance. 


Functions of Geosynthetics 


Geosynthetics are increasingly being used in many fields of geotechnical engineering. Differ- 
ent functions or specialized actions of geosynthetics are to be distinguished. 
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1. Fluid Transmission: A geosynthetic provides fluid transmission when it collects a 
liquid or a gas and conveys it towards an outlet within its own plane. Permeability is the key 
property of the geosynthetic here. 

2. Filtration: A geosynthetic acts as a filter when it allows liquid to pass normal to its 
own plane, while preventing most soil particles from being away by the liquid current. Perme- 
ability and continuity are the key properties of the geosynthetic here. 

3. Separation: A geosynthetic acts as a separator when placed between a fine soil and 
a coarse material. It prevents the fine soil and the coarse material from mixing under the 
action of repeated applied loads. ‘Continuity’ is the key property of the geosynthetic here. 

4, Protection: A geosynthetic protects a material when it alleviates or distributes 
stresses and strains transmitted to the protected material. Two cases may be considered— 

(a) Surface protection—a geotextile, placed on the soil prevents its surface being dam- 
aged by weather, light traffic, etc. 

(b) Interface protection—a geotextile, placed between two materials (such as asphalt 
overlay/cracked pavement, or geomembrane/stony ground) from being damaged by the large 
stresses or strains imposed by the other material. Continuity is the key property of the geotextile 
here. 

5. Reinforcement: A geosynthetic can provide tensile strength to a soil through inter- 
face shear strength (i.e., friction, cohesion/adhesion, and/or interlocking between geotextile 
and soil). It can also act as a tensioned membrane when it is placed between two materials, its 
tension balancing the pressure difference between them; this, in effect, is the reinforcement 
function of the geosynthetic, the key property being its tensile strength. 

6. Wrapping: Specially fabricated geosynthetics, filled with sand, act as construction 
elements using the soil material at the site. This is the wrapping function, the key property 
being again the tensile strength. 


Applications of geosynthetics 
The following is a brief list of the broad fields of application 


1. Hydraulic Words: Coastal works, bank and shore protection, canal and river works, 
and earth dams. 


2. Earth Works: Dams on poor foundation, erosion control and retaining structures. 


3. Traffic Structures: Paved and unpaved roads on poor subgrades, highway embank- 
ments, railway structures, and tunnels. 


4, Pollution Control: Pond linings, and solid waste disposal; and, 
5. Drainage: Agriculture, soil stabilization, and vertical drains. 


17.7 ILLUSTRATIVE EXAMPLES 


Example 17.1: Following are the results obtained in a CBR test. Determine the CBR value: 
Penetration (mm) 0.60 1.20 1.80 2.40 3.60 4.80 7.20 
Load (kN) 3.2 5.0 6.4 7.3 8.5 9.4 10.6 
(S.V.U—Four-year B.Tech.—Apr., 1983) 
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Load versus penetration curve is drawn as shown in Fig. 17.7. 
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Fig. 17.7 Load versus penetration curve (Example 17.1) 
Standard Load: 
At 2.5 mm ... 13.44 KN 
At 5.0 mm ... 20.16 KN 
Test load at 2.5mm 








CBR at 2.5 tration = 
a a Serie Standard load at 2.5 mm x 
= [i 100 = 55% 
= ggg 599A 


Test load at 5.0 mm 
Standard load at 5.0 mm 


9.6 





CBR at 5.0 mm penetration 


x 100 





= x 100 = 47.6 
20.16 
Since, the CBR is greater at 2.5 mm penetration, it is to be taken. 
CBR = 55%. 


Example 17.2: The following observations are made in a standard CBR test. Plot the values 
and evaluate the CBR value of the soil. 


Penetration (mm) 2.5 5.0 7.5 10.0 12.5 
Load on piston (kg/em?) 10 28 49 60 63 
(S.V.U.—B.E., (Part-time)—Dec., 1981) 
Standard Load: 
At 2.5 mm penetration ... 70 kg/cm? 
At 5.0 mm penetration ... 105 kg/cm? 
The observations are plotted as shown in Fig. 17.8. 
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Fig. 17.8 Pressure versus penetration curve (Example 17.2) 


Note. Since the initial portion of the curve is concave upwards, correlation is applied to 
the penetration; the corrected zero being 2 mm. 
The test pressures at corrected values of penetration of 2.5 and 5.0 mm are obtained as 
23.5 and 45.8 kg/cm?, respectively; 
C.B.R. at 2.5 mm penetration = 23.5/70 = 33.6% 
C.B.R. at 5.0 mm penetration = 45.8/105 = 43.6% 
Since the value at 5 mm is greater, it is to be reported as the CBR assuming that it will 
be consistently higher even when the test is repeated. 
Example 17.3: A road expected to carry medium traffic is to be constructed in an area where 
the CBR value of the subgrade is 10%. The base material chosen has a CBR value of 50%. No 
sub-base is to be provided. Determine the thickness required for the base course and for the 
surface course. 
CBR value of subgrade = 10%; CBR value of base material = 50% 
Using Fig. 17.5, for medium traffic, thickness of construction required for CBR 10% = 25 
cm, and thickness required for CBR 50% = 10 cm, nearly. 
Thickness of the surface course (over the base) = 10 cm. 
Thickness of the base course (over the subgrade) 
= Total thickness over the subgrade — Thickness of surface course = (25 — 10) cm 
= 15 cm. 
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SUMMARY OF MAIN POINTS 


1. 


2. 


‘Soil stabilisation’ means treatment of a soil with the objective of improving its engineering 
properties. This may be done without any additives or with one or more additives. 

Mechanical stabilisation involves rearrangement of particles and densification by compaction or 
by changing the gradation by addition or removal of some of the fractions. 

It may also include stabilisation by effecting drainage of the soil including the application of 
thermal or electrical gradient. 

Cement stabilisation is one of the most widely used among the methods in which additives are 
used. The soil-cement, thus obtained, is used primarily as a base for pavements. Cohesive soils 
are most suited for this treatment, although finer grains need more cement. 

Bitumen stabilisation is also commonly used especially for granular soils. It may also be used for 
waterproofing of cohesive soils. 

Chemical stabilisation involves a chemical as the primary additive. Lime and salt have been 
very commonly used. Lime modifies the plasticity characteristics of clays, and is also used as a 
secondary additive along with bitumen or cement. 

Natural and synthetic resins, lignin, chrome-lignin and certain aggregants and dispersants are 
also used as additives to soil. 

Stabilisation by grouting or injection is also an important technique. Soil, cement, bitumen, or 
some chemicals may be used for grouting either soil or rock. 

California Bearing Ratio (CBR) is an empirical concept which is used to indicate the strength of 
a subgrade soil. It is defined as the ratio of the load or pressure required to cause an arbitrary 
penetration under standard test conditions to that required by a standard crushed rock mate- 
rial. It may be determined in the laboratory or in-situ. 

It is used for the design of flexible pavements with the aid of design charts developed specifically 
for the purpose. 
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QUESTIONS AND PROBLEMS 


17.1 


17.2 


17.3 


17.4 


17.5 


17.6 


17.7 


Discuss the different methods of improving the bearing capacity of weak soils. 
(S.V.U.—B.E., (Part-time)—Apr., 1982) 
Describe the different steps involved in the process of soil stabilisation using cement as the 
additive. (S.V.U.—B.E., (R.R.)—Sep., 1978) 
Outline the basic principle of soil stabilisation and briefly outline the various methods of 
stabilisation. (S.V.U.—B.E., (R.R.)—May, 1975) 
(a) Describe the basic principles involved in successful stabilisation of (i) sand, (ii) inert clay and 
(iii) expansive soil. 
(b) Describe a method suitable to stabilise a highway fill foundation in hilly terrain with high 
rainfall. (S.V.U.—B.E., (R.R.)—Nov., 1974) 
Write brief critical notes on the principles of soil stabilisation. 
(S.V.U.—B.E., (R.R.)—Nov., 1973, Nov. & June, 1972) 
What are the methods available for soil stabilisation ? Describe its use for roads. 
(S.V.U—B.E., (R.R.)—May., 1970) 
Write brief critical notes on methods suitable for stabilising black cotton clay. 


(S.V.U.—B.E., (N.R.)—Sep., 1967) 
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17.8 


17.9 


17.10 


17.11 


17.12 


17.13 


17.14 


17.15 


17.16 


17.17 


17.18 


‘CBR Test is an arbitrary test’, justify. Describe the procedure for conducting the CBR test in the 
field. Surcharge loads are used in the CBR test; explain their significance. 


(S.V.U.—Four-year B.Tech.—Sep, 1983) 
Write brief critical notes on the CBR test and its use. 
(S.V.U.—B.Tech., (Part-time)—Sep., 1983 B.E., (R.R.)—Dec., 1970) 
(a) Under what circumstances is CBR test conducted under saturated condition ? 
(6) Under what circumstances is CBR test conducted on: 
(i) Compacted samples and (ii) Undisturbed samples. 
(S.V.U.—Four-year B.Tech.—Apr., 1983) 
What is CBR test ? What are its uses? Describe in detail the CBR test with neat sketches. 
(S.V.U.—Four-year B.Tech.—Oct., 1982) 
Give a critical review of the methods of evaluating the CBR of subgrade soils. 
(S.V.U.—B.E., (Part-time)—Dec., 1981) 
Briefly describing the test procedure, explain how CBR is used to design flexible pavements. 
(S.V.U.—B.E., (R.R.)—Sep., 1978, Nov., 1975, June, 1972, Dec., 1981) 


Describe the standard procedures for California Bearing Ratio test in the laboratory and in the 
field. (S.V.U.—B.E., (R.R.)—May, 1975) 


Describe the “CBR” test. What is the standard for comparison in this test ? 
(S.V.U.—B.E., (R.R.)—May, 1970) 
Describe the CBR test procedure and explain the usefulness of the test in pavement design. 
(S.V.U.—B.E., (R.R.)—Dec., 1971 and Dec., 1970) 
The following results were obtained for a CBR test on compacted soil: 
Penetration (mm) 1.25 2.50 3.75 5.00 7.50 10.00 12.50 


Load (kN) 0.32 1.32 2.40 3.32 4.32 4.96 5.35 
Assuming the standard loads as 14.72 kN and 22.07 KN for penetrations of 2.5 mm and 5.0 mm 
respectively, determine CBR for the soil. (S.V.U.—B.E., (R.R.)—May, 1969) 


The CBR values of a proposed subgrade, base and sub-base are 6%, 15%, and 50% respectively. 
Determine the thicknesses, required for the base, sub-base and surface courses for light traffic 
conditions. 


Chapter l 8 


Soi. EXPLORATION 


18.1 INTRODUCTION 


A fairly accurate assessment of the characteristics and engineering properties of the soils at a 
site is essential for proper design and successful construction of any structure at the site. The 
field and laboratory investigations required to obtain the necessary data for the soils for this 
purpose are collectively called soil exploration. 

The choice of the foundation and its depth, the bearing capacity, settlement analysis 
and such other important aspects depend very much upon the various engineering properties 
of the foundation soils involved. 

Soil exploration may be needed not only for the design and construction of new struc- 
tures, but also for deciding upon remedial measures if a structure shows signs of distress after 
construction. The design and construction of highway and airport pavements will also depend 
upon the characteristics of the soil strata upon which they are to be aligned. 

The primary objectives of soil exploration are: 

(i) Determination of the nature of the deposits of soil, 

(ii) Determination of the depth and thickness of the various soil strata and their extent 

in the horizontal direction, 

(iii) the location of groundwater and fluctuations in GWT, 

(iv) obtaining soil and rock samples from the various strata, 

(v) the determination of the engineering properties of the soil and rock strata that affect 
the performance of the structure, and 

(vi) determination of the in-situ properties by performing field tests. 


18.2 SITE INVESTIGATION 


‘Site investigation’ refers to the procedure of determining surface and subsurface conditions in 
the area of proposed construction. Thus, this term has a broader connotation than ‘soil 
exploration’, and includes the latter. 

Information regarding surface conditions is necessary for planning construction 
technique. Accessibility of a site to men, materials and equipment is affected by the surface 
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topography. The nature and extent of vegetative cover will determine costs relating to site 
clearance. Availability of water and electrical power, proximity to major transporation routes, 
environmental protection regulations of various agencies and availability of sufficient area for 
post-construction use may be the other factors which could affect construction procedures. 

Information on subsurface conditions existing at a site is also an important requirement. 
The possible need for dewatering will be revealed by the subsurface investigation. Necessity 
for bracing of excavations for foundations can be established. 

The importance of adequate site investigation and soil exploration cannot be overem- 
phasised because the lack of it could lead to increased costs due to unforeseen difficulties and 
the consequent modifications in the design and execution of the project. Usually, the cost of a 
thorough investigation and exploration programme will be less than 1% of the total cost of the 
entire project. 

Site investigations may involve one or more of the following preliminary steps: 

1. Reconnaissance 

2. Study of maps 

3. Aerial photography 


18.2.1 Reconnaissance 


Reconnaissance involves an inspection of the site and study of the topographical features. This 
will yield useful information about the soil and ground-water conditions and also help the 
engineer plan the programme of exploration. The topography, drainge pattern, vegetation and 
land use provide valuable information. Ground-water conditions are often reflected in the 
presence of springs and the type of vegetation. The water levels in wells and ponds may indi- 
cate ground-water but these can be influenced by intensive use or by irrigation in the proxim- 
ity of the area. 

Valuable information about the presence of fills and knowledge of any difficulties en- 
countered during the building of other nearby structures may be obtained by inquiry. Aerial 
reconnaissance is also undertaken if the area is large and the project is a major one. 

Reconnaissance investigation gives a preliminary idea of the soils and other conditions 
involved at the site and its value should not be underestimated. Further study may be avoided 
if reconnaissance reveals the inadequacy or unsuitability of the site for the proposed work for 
any glaring reasons. 


18.2.2 Study of Maps 


Information on surface and subsurface conditions in an area is frequently available in the 
form of maps. Such sources in India are the Survey of India and Geological Survey of India, 
which provide topographical maps, often called ‘toposheets’. Soil conservation maps may also 
be available. 

A geological study is essential. The primary purpose of such a study is to establish the 
nature of the deposits underlying the site. The types of soil and rock likely to be encountered 
can be determined, and the method of exploration most suited to the situation may be selected. 
Faults, folds, cracks, fissures, dikes, sills and caves, and such other defects in rock and soil 
strata may be indicated. Data on the availability of natural resources such as oil, gas and 
minerals will have to be considered carefully during the evaluation of a site. Legal and 
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engineering problems may arise where structures settle because of mine workings in their 
proximity. 

Seismic potential or potential seismic activity is a major factor in structural design in 
many regions of the world, especially in the construction of major structures such as dams and 
nuclear power plants. Maps are now available showing the earthquake zones of different de- 
grees of vulnerability. A lot of work has been done in this regard by the “Centre for Research 
and Training in Earthquake Engineering” located at Roorkee in India. 


18.2.3 Aerial Photography 


Aerial photography is now a fairly well-developed method by which site investigation may be 
conducted for any major project. Air photo interpretation is the estimation of underground 
conditions by relating landform development and plant growth to geology as reflected in aerial 
photographs. 

Photographs are obtained in sequence by flying in more or less straight lines across a 
site with a two-thirds overlap in the direction of flight and one-quarter overlap between suc- 
cessive flight lines. For general mapping, a scale of 1 : 20,000 may be adequate but for more 
detailed work larger scales obtained by low altitude photography are necessary. 

Analysis consists of an identification of all the natural and man-made features and 
their grouping by geological association. Finally the probable geological formation of soil or 
rock is determined from the total pattern of associations. 

The features include topography, stream patterns, erosion details, colour and tone, veg- 
etation, man-made features, natural and man-made foundations and micro details in topogra- 
phy such as sink holes, rock outcrops and accumulations of boulders. Each of these features is 
used to associate with a particular type of rock or soil stratum. For example, vegetation differ- 
ences frequently reflect both drainage and soil character. 


Land form represents the total effect of environment and geological history on the un- 
derlying rock and soil foundations. The study of evolutionary processes that produce a given 
land form is termed ‘geomorphology’. Once the land form is identified the geological associa- 
tions are defined. 


Air photo interpretation requires a thorough grounding in geology, geomorphology, ag- 
riculture and hydrology. The technique, though highly specialised, is a valuable preview and 
supplement to site reconnaissance. 


18.3 SOIL EXPLORATION 


The subsoil exploration should enable the engineer to draw the soil profile indicating the se- 
quence of the strata and the properties of the soils involved. 


In general, the methods available for soil exploration may be classified as follows: 
1. Direct methods ... Test pits, trial pits or trenches 

2. Semi-direct methods ... Borings 

3. Indirect methods ... Soundings or penetration tests and geophysical methods 


In an exploratory programme, one or more of these methods may be used to yield the 
desired information. 
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18.3.1 Test Pits 


Test pits or trenches are open type or accessible exploratory methods. Soils can be inspected in 
their natural condition. The necessary soils samples may be obtained by sampling techniques 
and used for ascertaining strength and other engineering properties by appropriate labora- 
tory tests. 

Test pits will also be useful for conducting field tests such as the plate-bearing test. 

Test pits are considered suitable only for small depths—up to 3m; the cost of these 
increases rapidly with depth. For greater depths, especially in pervious soils, lateral supports 
or bracing of the excavations will be necessary. Ground water table may also be encountered 
and may have to be lowered. 

Hence, test pits are usually made only for supplementing other methods or for minor 
structures. 


18.3.2 Boring 
Making or drilling bore holes into the ground with a view to obtaining soil or rock samples 
from specified or known depths is called ‘boring’. 

The common methods of advancing bore holes are: 

1. Auger boring 

2. Auger and shell boring 

3. Wash boring 

4. Percussion drilling more commonly employed for sampling in rock 

5. Rotary drilling strata. 


Auger Boring 
‘Soil auger’ is a device that is useful for advancing a bore hole into the ground. Augers may be 
hand-operated or power-driven; the former are used for relatively small depths (less than 3 to 
5 m), while the latter are used for greater depths. The soil auger is advanced by rotating it 
while pressing it into the soil at the same time. It is used primarily in soils in which the bore 
hole can be kept dry and unsupported. As soon as the auger gets filled with soil, it is taken out 
and the soil sample collected. 

Two common types of augers, the post hole auger and the helical auger, are shown in 
Fig. 18.1. 


Auger and Shell Boring 


If the sides of the hole cannot remain unsupported, the soil is prevented from falling in by 
means of a pipe known as ‘shell’ or ‘casing’. The casing is to be driven first and then the auger; 
whenever the casing is to be extended, the auger has to be withdrawn, this being an impedi- 
ment to quick progress of the work. 

An equipment called a ‘boring rig’ is employed for power-driven augers, which may be 
used up to 50 m depth (A hand rig may be sufficient for borings up to 25 m in depth). Casings 
may be used for sands or stiff clays. Soft rock or gravel can be broken by chisel bits attached to 
drill rods. Sand pumps are used in the case of sandy soils. 
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(a) Post-hole auger b) Helical auger 








Fig. 18.1 Soil augers 


Wash Boring 

Wash boring is commonly used for exploration below ground water table for which the auger 
method is unsuitable. This method may be used in all kinds of soils except those mixed with 
gravel and boulders. The set-up for wash boring is shown in Fig. 18.2. 











Water flow 





Chopping bit 
(replaced by sampling spoon during sampling operations) 








Fig. 18.2 Set-up for Wash Boring 
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Initially, the hole is advanced for a short depth by using an auger. A casing pipe is 
pushed in and driven with a drop weight. The driving may be with the aid of power. A hollow 
drill bit is screwed to a hollow drill rod connected to a rope passing over a pulley and supported 
by a tripod. Water jet under pressure is forced through the rod and the bit into the hole. This 
loosens the soil at the lower end and forces the soil-water suspension upwards along the annu- 
lar surface between the rod and the side of the hole. This suspension is led to a settling tank 
where the soil particles settle while the water overflows into a sump. The water collected in 
the sump is used for circulation again. 

The soil particles collected represent a very disturbed sample and is not very useful for 
the evaluation of the engineering properties. Wash borings are primarily used for advancing 
bore holes; whenever a soil sample is required, the chopping bit is to be replaced by a sampler. 

The change of the rate of progress and change of colour of wash water indicate changes 
in soil strata. 


Percussion Drilling 


A heavy drill bit called ‘churn bit’ is suspended from a drill rod or a cable and is driven by 
repeated blows. Water is added to facilitate the breaking of stiff soil or rock. The slurry of the 
pulverised material is bailed out at intervals. The method cannot be used in loose sand and is 
slow in plastic clay. 


The formation gets badly disturbed by impact. 


Rotary Drilling 

This method is fast in rock formations. A drill bit, fixed to the lower end of a drill rod, is rotated 
by power while being kept in firm contact with the hole. Drilling fluid or bentonite slurry is 
forced under pressure through the drill rod and it comes up bringing the cuttings to the sur- 
face. Even rock cores may be obtained by using suitable diamond drill bits. This method is not 
used in porous deposits as the consumption of drilling fluid would be prohibitively high. 


18.3.3 Planning an Exploration Programme 


The planning of an exploration programme depends upon the type and importance of the struc- 
ture and the nature of the soil strata. The primary purpose vis-a-vis the cost involved should 
be borne in mind while planning a programme. The depth, thickness, extent, and composition 
of each of the strata, the depth of the rock, and the depth to the ground water table are impor- 
tant items sought to be determined by an exploration programme. Further, approximate idea 
of the strength and compressibility of the strata is necessary to make preliminary estimates of 
the safety and expected settlement of the structure. 

The planning should include a site plan of the area, a layout plan of proposed structures 
with column locations and expected loads and the location of bore holes and other field tests. A 
carefully planned programme of boring and sampling is the crux of any exploration job. Re- 
sourceful and intelligent personnel trained in the principles of geology and geotechnical engi- 
neering are necessary. 

The two important aspects of a boring programme are ‘spacing of borings’ and ‘depth of 
borings’. 
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18.3.4 Spacing of Borings 


The spacing of borings, or the number of borings for a project, is related to the type, size, and 
weight of the proposed structure, to the extent of variation in soil conditions that permit safe 
interpolation between borings, to the funds available, and possibly to the stipulations of a local 
building code. 

It is impossible to determine the spacing of borings before an investigation begins, since 
it depends on the uniformity of the soil deposit. Ordinarily a preliminary estimate of the spac- 
ing is made. Spacing is decreased if additional data are necessary and is increased if the thick- 
ness and depth of the different strata appear about the same in all the borings. 


The following spacings are recommended in planning an exploration programme: 


Table 18.1 Spacing of Borings (Sowers and Sowers, 1970) 











S.No. Nature of the project Spacing of borings (metres) 

1. Highway (subgrade survey) 300 to 600 

Zs Earth dam 30 to 60 

3. Borrow pits 30 to 120 

4. Multistorey buildings 15 to 30 

5. Single story factories 30 to 90 
Note : For uniform soil conditions, the above spacings are doubled; for irregular conditions, these 
are halved. 











“IS: 1892-1979—Code of Practice for Subsurface Investigation for Foundations” has made 
the following recommendations: 

For a compact building site covering an area of about 0.4 hectare, one bore hole or trial 
pit in each corner and one in the centre should be adequate. For smaller and less important 
buildings even one bore hole or trial pit in the centre will suffice. For very large areas covering 
industrial and residential colonies, the geological nature of the terrain will help in deciding 
the number of bore holes or trial pits. Cone penetration tests may be performed at every 50 m 
by dividing the area in a grid pattern and number of bore holes or trial pits decided by exam- 
ining the variation in penetration curves. The cone penetration tests may not be possible at 
sites having gravelly or boulderous strata. In such cases geophysical methods may be suitable. 


18.3.5 Depth of Borings 


In order to furnish adequate information for settlement predictions, the borings should pen- 
etrate all strata that could consolidate significantly under the load of the structure. This nec- 
essarily means that, for important and heavy structures such as bridges and tall buildings, the 
borings should extend to rock. For smaller structures, however, the depth of boring may be 
estimated from the results of previous investigations in the vicinity of the site, and from geo- 
logic evidence. 

Experience indicates that damaging settlement is unlikely to occur when the additional 
stress imposed on the soil due to the weight of the structure is less than 10% of the initial 
stress in the soil due to self-weight. E.De Beer of Belgium adopted this rule for determining 
the so-called ‘critical depth of boring’ (Hvorslev, 1949). Based on this, recommended depths of 
borings for buildings are about 3.5 m and 6.5 m for single- and two-storey buildings. For dams 
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and embankments, the depth ranges between half the height to twice the height depending 
upon the foundation soil. 

According to IS: 1892-1979: “The depth of exploration required depends upon the type of 
the proposed structure, its total weight, the size, shape and disposition of the loaded area, soil 
profile and the physical properties of the soil that constitutes each individual stratum. Nor- 
mally, it should be one and half times the width of the footing below foundation level. If a 
number of loaded areas are in close proximity, the effect of each is additive. In such cases, the 
whole area may be considered as loaded and exploration should be carried out up to one and 
half times the lower dimension. In any case, the depth to which seasonal variations affect the 
soil should be regarded as the minimum depth for the exploration of the sites. But, where 
industrial processes affect the soil characteristics, this depth may be more. The presence of 
fast-growing and water-seeking trees also contributes to the weathering processes...” 

The depth of exploration at the start of the work may be decided as given in Table 18.2, 
which may be modified as exploration proceeds, if required. 


18.3.6 Boring Log 


Information on subsurface conditions obtained from the boring operation is typically presented 
in the form of a boring record, commonly known as “boring log”. A continuous record of the 
various strata identified at various depths of the boring is presented. Description or classifica- 
tion of the various soil and rock types encountered, and data regarding ground water level 
have to be necessarily given in a pictorial manner on the log. A “field” log will consist of this 
minimum information, while a “lab” log might include test data presented alongside the bor- 
ing sample actually tested. 


Table 18.2 Depth of Exploration (IS: 1892-1979) 








S.No. Type of foundation Depth of exploration 
1. Isolated spread footings or raft or adjacent footings One and half times the width 
with clear spacing equal or greater than four times 
the width 
2; Adjacent footings with clear spacing less than One and half times the length 
twice the width 
3. Adjacent rows of footings 
(i) With clear spacing between rows less than Four and half times the width 
twice the width 
(ii) With clear spacing between rows Three times the width 
greater than twice the width 
(iii) With clear spacing between rows greater One and half times the width 
than or equal to four times the width 
4. Pile and Well foundations One and half times the width 
of structure from bearing level 
(toe of pile or bottom of well) 
5. Road cuts Equal to the bottom width 
of the cut 
6. Fill Two metres below the ground 
level or equal to the height of 
the fill whichever is greater 
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RECORD OF BORING [IS : 1892-1979] 


Name of boring organization: 





Bored Tor aanrennen Locatión-sitepeseiecsin he 
Ground level. ercsi Boring NO} corrie mieias 
Type of boring vs Soil sampler used . 

Diameter of boring................ Date started ccicccsccccssisssrisercess 
Inclination: Vertical............... Date completed .............cce 
BIN: ws cccssessonnsisstiasoasosnseesaavens Recorded <cesscsisseiesssisescontevesss 


Description Soil Thickness | Depth from R.L. of Samples 


of strata classification| of stratum GL lower Re- 
contact _ |Depth and marks 


thickness 
of sample 





Fine 
to medium 
sand with : Undistur- 
practically bed 
no binder 


Silty clays 
of medium 
plasticity 


no coarse or Undistur- 


medium bed 
sands 


























Fig. 18.3 Sample boring log 


Sometimes a subsurface profile indicating the conditions and strata in all borings in 
series is made. This provides valuable information regarding the nature of variation or degree 
of uniformity of strata at the site. This helps in delineating between “good” and “poor” area. 

The standard practice of interpolating between borings to determine conditions surely 
involves some degree of uncertainty. 

A sample record sheet for a boring is shown in Fig. 18.3. A site plan showing the dispo- 
sition of the borings should be attached to the records. 


18.4 SOIL SAMPLING 


‘Soil Sampling’ is the process of obtaining samples of soil from the desired depth at the desired 
location in a natural soil deposit, with a view to assessing the engineering properties of the soil 
for ensuring a proper design of the foundation. The ultimate aim of the exploration methods 
described earlier, it must be remembered, is to obtain soil samples besides obtaining all rel- 
evant information regarding the strata. The devices used for the purpose of sampling are 
known as ‘soil samplers’. 

Determination of ground water level is also considered part of the process of soil sampling. 
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18.4.1 Types of Samples 
Broadly speaking, samples of soil taken out of natural deposits for testing may be classified as: 

Disturbed samples, and undisturbed samples, depending upon the degree of disturbance 
caused during sampling operations. 

A disturbed sample is that in which the natural structure of the soil gets modified partly 
or fully during sampling, while an undisturbed sample is that in which the natural structure 
and other physical properties remain preserved. ‘Undisturbed’, in this context, is a purely 
relative term, since a truly undisturbed sample can perhaps be never obtained as some little 
degree of disturbance is absolutely inevitable even in the best method of sampling devised till 
date. 

Disturbed samples may be further subdivided as: (i) Non-representative samples, and 
(ii) Representative samples. Non-representative samples consist of mixture of materials from 
various soil or rock strata or are samples from which some mineral constituents have been lost 
or got mixed up. 

Soil samples obtained from auger borings and wash borings are non-representative sam- 
ples. These are suitable only for providing qualitative information such as major changes in 
subsurface strata. 

Representative samples contain all the mineral constituents of the soil, but the struc- 
ture of the soil may be significantly disturbed. The water content may also have changed. They 
are suitable for identification and for the determination of certain physical properties such as 
Atterberg limits and grain specific gravity. 

Undisturbed samples may be defined as those in which the material has been subjected 
to minimum disturbance so that the samples are suitable for strength tests and consolidation 
tests. Tube samples and chunk samples are considered to fall in this category. 


Besides using a suitable tube sampler for the purpose, undisturbed samples may be 
obtained as ‘chunks’ from the bottom of test pits, provided the soil possesses at least some 
cohesion. 

The soil at the bottom of the pit is trimmed as a chunk to the required shape and size 
approximately. A cylindrical container open at both ends is placed carefully over this chunk 
after covering the top with paraffin wax. The bottom is scooped with a steel spatula and trimmed 
after reversing the box along with the sample. Paraffin wax is again used to seal the face and 
any gaps in the sides, before transporting it to the laboratory. The procedure will become 
obvious from Fig. 18.4. 


Open-ended cylindrical box 





Fig. 18.4 Obtaining a chunk sample 
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18.4.2 Types of Samplers 

Soil samplers are classified as ‘thick wall’ samplers and ‘thin wall’ samplers. Split spoon sam- 
pler (or split tube sampler) is of the thick-wall type, and ‘shelby tubes are of the thin-wall 
type. 

Depending upon the mode of operation, samplers may be classified as the open drive 
sampler, stationary piston sampler and rotary sampler. 

Open drive sampler can be of the thick wall type as well as of the thin wall type. The 
head of the sampler is provided with valves to permit water and air to escape during driving. 
The check valve helps to retain the sample when the sampler is lifted. The tube may be seam- 
less or may be split in two parts; in the latter case it is known as the split tube or split spoon 
sampler. 

Stationary piston sampler consists of a sampler with a piston attached to a long piston 
rod extending up to the ground surface through drill rods. The lower end of the sampler is kept 
closed with the piston while the sampler is lowered through the bore hole. When the desired 
elevation is reached, the piston rod is clamped, thereby keeping the piston stationary, and the 
sampler tube is advanced further into the soil. The sampler is then lifted and the piston rod 
clamped in position. The piston prevents the entry of water and soil into the tube when it is 
being lowered, and also helps to retain the sample during the process of lifting the tube. The 
sampler is, therefore, very much suited for sampling in soft soils and saturated sands. 

Rotary samplers are of the core barrel type (USBR, 1960) with an outer tube provided 
with cutting teeth and a removable thin liner inside. It is used for sampling in stiff cohesive 
soils. 


18.4.3 Sample Disturbance 


The design features of a sampler, governing the degree of disturbance of a soil sample are the 
dimensions of the cutting edge and those of the sampling tube, the characteristics of the non- 
return valve and the wall friction. In addition, the method of sampling also affects the sample 
disturbance. The lower end of a sampler with the cutting edge is shown in Fig. 18.5. 








i¢—__ D; —_>| 

: 

p a Dg : Inner diameter 

A of cutting edge 

A Dw : Outer diameter 

Z of cutting edge 

2 Dg : Inner diameter 

d ; of sampling tube 
Cutting D, : Outer diameter 
edge 





of sampling tube 





Fig. 18.5 Sampling tube with cutting edge 
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The following are defined with respect to the diameters marked in Fig. 18.5: 


D; -D2 
Area Ratio, A,= ag ed x 100% ... (Eq. 18.1) 
D, 
Inside clearance, C,= ee x 100% ...(Eq. 18.2) 
Outside clearance, C, = a= Pa) x 100% ...(Eq. 18.3) 
T 


The walls of the sampler should be kept smooth and properly oiled to reduce wall fric- 
tion in order that sample disturbance be minimised. The non-return valve should have a large 
orifice to allow the air and water to escape quickly and easily when driving the sampler. 

Area ratio is the most critical factor which affects sample disturbance; it indicates the 
ratio of displaced volume of soil to that of the soil sample collected. If A, is less than 10%, the 
sample disturbance is supposed to be small. A, may be as high as 30% for a thick wall sampler 
like split spoon and may be as low as 6 to 9% for thin wall samplers like shelby tubes. The 
inside clearance, C,, should not be more than 1 to 3%, the outside clearance C, should also not 
be much greater than C,. Inside clearance allows for elastic expansion of the soil as it enters 
the tube, reduces frictional drag on the sample from the wall of the tube, and helps to retain 
the core. Outside clearance facilitates the withdrawal of the sample from the ground. 


The recovery ratio R,„ = L/H ... (Eq. 18.4) 
where, L = length of the sample within the tube, and 
H = depth of penetration of the sampling tube. 


This value should be 96 to 98% for a satisfactory undisturbed sample. This concept is 
more commonly used in the case of rock cores. 


18.4.4 Split-Spoon Sampler 


The split spoon sampler is basically a thick-walled steel tube, split length wise. The sampler as 
standardised by the I.S.I. (IS: 2131-1986—Standard Penetration Test for soils) is shown in 
Fig. 18.6. 

A drive shoe attached to the lower end serves as the cutting edge. A sample head may be 
screwed at the upper end of split spoon. The standard size of the spoon sampler is of 35 mm 
internal and 50.8 mm external diameter. The sampler is lowered to the bottom of the bore hole 
by attaching it to the drill rod. The sampler is then driven by forcing it into the soil by blows 
from a hammer. The assembly of the sampler is then extracted from the hole and the cutting 
edge and coupling at the top are unscrewed. The two halves of the barrel are separated and the 
sample is thus exposed. The sample may be placed in a glass jar and sealed, after visual exami- 
nation. 

If samples need not be examined in the field, a liner is inserted inside the split spoon. 
After separating the two halves, the liner with the sample is sealed with wax. 


18.4.5 Thin-walled Sampler 


Thin-walled sampler, as standardised by the ISI (I.S.: 2132-1986 Code of Practice for Thin- 
walled Tube Sampling of Soils), is shown in Fig. 18.7. 


GEOTECHNICAL ENGINEERING 





736 








E 

€ 

£ 

ie} 

c 

2 

a o . 

E 5E © : 

o 2 n £ 

€ EE aD E 

= De O D 

5 S c= E 

z ZE 6 9 = 
IE T8 a 
,2o Eon x 
=r 





+ 
ik 














BSS ANT TIS BD ILL MMU ANA 



























Fig. 18.6 Split spoon sampler (I.S.) 
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Fig. 18.7 Thin-walled sampler (I.S.) 
The sampling tube shall be made of steel, brass, or aluminium. The lower end is levelled 


to form a cutting edge and is tapered to reduce wall friction. The salient dimensions of three of 


the sampling tubes are given in Table 18.3. 
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Table 18.3 Requirements of Sampling Tubes (I.S: 2132-1986) 





Inside diameter, mm 38 70 100 Area ratio in this case is 
D,2 — DÈ 
Outside diameter, mm 40 74 106 D2 
l 
Minimum effective length 300 450 450 where 
available for soil sample, mm D, = External dia. 
Area Ratio, A,% 10.9 11.8 12.4 D, = Internal dia. 











Note: Sampling tubes of intermediate or larger diameters may also be used. 


After having extracted the sample in the same manner as in the case of split spoon type, 
the tube is sealed with wax on both ends and transported to the laboratory. 


18.4.6 Ground Water Level 


Determination of the location of ground water is an essential part of every exploratory pro- 
gramme. Ordinarily, it is measured in the exploratory borings; however, it may sometimes 
become necessary to make borings purely for this purpose, when artesian or perched ground 
water is expected, or the use of drilling mud obscures ground water. 

A correct indication of the general ground water level is found by allowing the water in 
the boring to reach an equilibrium level. In sandy soils, the level gets stabilised very quickly— 
within a few hours at the most. In clayey soils it will take many days for this purpose. Hence, 
standpipes or piezometers are used in clays and silt. A piezometer is an open-ended tube (may 
be about 50 mm in diameter) perforated at its end. The tube is packed around with gravel and 
sealed in position with puddle clay. Observations must be taken for several weeks until the 
water level gets stabilised. The arrangement is shown in Fig. 18.8. 
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Fig. 18.8 Piezometer for observation of GWL in a bore hole 


In the case of impermeable clays, pressure measuring devices are used. 


The elevation of ground water table affects the design of the foundation, since the bear- 
ing capacity and a few other engineering properties of the soil strata depend upon it. 


738 GEOTECHNICAL ENGINEERING 





18.5 SOUNDING AND PENETRATION TESTS 


Subsurface soundings are used for exploring soil strata of an erratic nature. They are useful to 
determine the presence of any soft pockets between drill holes and also to determine the den- 
sity index of cohesionless soils and the consistency of cohesive soils at various desired depths 
from the ground surface. 

Methods of sounding normally consist of driving or pushing a standard sampling tube 
or a cone. The devices involved are also termed ‘penetrometers’, since they are made to pen- 
etrate the subsoil with a view to measuring the resistance to penetration of the soil strata, and 
thereby try to identify the soil and some of its engineering characteristics. The necessary field 
tests are also called ’penetration tests’. 

If a sampling tube is used to penetrate the soil, the test is referred to as the Standard 
Penetration Test (SPT, for brevity). If a cone is used to penetrate the soil, the test is called a 
‘Cone penetration test’. Static and dynamic cone penetration tests are used depending upon 
the mode of penetration—static or dynamic. 

A field test called ‘Vane Test’ is used to determine the shearing strength of the soil 
located at a depth below the ground. 


18.5.1 Standard Penetration Test (SPT) 


The Standard Penetration Test (SPT) is widely used to determine the parameters of the soil 
in-situ. The test is especially suited for cohesionless soils as a correlation has been established 
between the SPT value and the angle of internal friction of the soil. 

The test consists of driving a split-spoon sampler (Fig. 18.6) into the soil through a bore 
hole 55 to 150 mm in diameter at the desired depth. A hammer of 640 N (65 kg) weight with a 
free fall of 750 mm is used to drive the sampler. The number of blows for a penetration of 300 
mm is designated as the “Standard Penetration Value” or “Number” N. The test is usually 
performed in three stages. The blow count is found for every 150 mm penetration. If full pen- 
etration is obtained, the blows for the first 150 mm are ignored as those required for the 
seating drive. The number of blows required for the next 300 mm of penetration is recorded as 
the SPT value. The test procedure is standardised by ISI and set out in “IS: 2131-1986— 
Standard Penetration Test”. 

Usually SPT is conducted at every 2 m depth or at the change of stratum. If refusal is 
noticed at any stage, it should be recorded. 


In the case of fine sand or silt below water-table, apparently high values may be noted 
for N. In such cases, the following correction is recommended (Terzaghi and Peck, 1948): 


1 
N= 15+>(N’-15) (Eq. 18.4) 


where N’ = observed SPT value, 
and WN = corrected SPT value. 
For SPT made at shallow levels, the values are usually too low. At a greater depth, the 
same soil, at the same density index, would give higher penetration resistance. 
The effect of the overburden pressure on SPT value may be approximated by the equation: 
350 


=N’. 
N (o + 70) 





(Eq. 18.5) 
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where N’ = observed SPT value, 
N = corrected SPT value, and 


o = effective overburden pressure in KN/m?, not exceeding 280 KN/m?. This implies 
that no correction is required if the effective overburden pressure is 280 kN/m?. 


Terzaghi and Peck also give the following correlation between SPT value, D, and 6: 


Table 18.4 Correlation between N, D, and © 











S. No. Condition N D, o 
1. Very loose 0-4 0 — 15% Less than 28° 
2. Loose 4-10 15 — 35% 28° — 30° 
3. Medium 10 — 30 35 — 65% 30° — 36° 
4. Dense 30 — 50 65 — 85% 36° — 42° 
5. Very dense Greater Greater Greater than 42° 
than 50 than 85% 








For clays the following data are given: 


Table 18.5 Correlation between N and q, 











S. No. Consistency N q, kN/m?) 
1. Very soft 0-2 Less than 25 
2. Soft 2-4 25 — 50 
3. Medium 4-8 50 — 100 
4. Stiff 8-15 100 — 200 
5. Very stiff 15 — 30 200 — 400 
6. Hard Greater than 30 Greater than 400 








The correlation for clays is rather unreliable. Hence, vane shear test is recommended 
for more reliable information. 


18.5.2 Static Cone Penetration Test (Dutch Cone Test) 


The Static cone penetration test, which is also known as Dutch Cone test, has been standard- 
ised by the ISI and given in “IS: 4968 (Part-IID-1976—Method for subsurface sounding for 
soils—Part III Static cone penetration test”. 

Among the field sounding tests the static cone tests in a valuable method of recording 
variation in the in-situ penetration resistance of soils, in cases where the in-situ density is 
disturbed by boring operations, thus making the standard penetration test unreliable espe- 
cially under water. The results of the test are also useful in determining the bearing capacity 
of the soil at various depths below the ground level. In addition to bearing capacity values, it is 
also possible to determine by this test the skin friction values used for the determination of the 
required lengths of piles in a given situation. The static cone test is most successful in soft or 
loose soils like silty sands, loose sands, layered deposits of sands, silts and clays as well as in 
clayey deposits. In areas where some information regarding the foundation strata is already 
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available, the use of test piles and loading tests thereof can be avoided by conducting static 
cone penetration tests. 

Experience indicates that a complete static cone penetration test up to depths of 15 to 
20 m can be completed in a day with manual operations of the equipment, making it one of the 
inexpensive and fast methods of sounding available for investigation. 

The equipment consists of a steel cone, a friction jacket, sounding rod, mantle tube, a 
driving mechanism and measuring equipment. 

The steel cone shall be of steel with tip hardened. It shall have an apex angle of 60° + 15’ 
and overall base diameter of 35.7 mm giving a cross-sectional area of 10 cm?. The friction 
jacket shall be of high carbon steel. These are shown in Fig. 18.9. 
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(a) Cone assembly (b) Friction jacket 


Fig. 18.9 Cone assembly and friction jacket for 
static cone penetration test (IS) 


The sounding rod is a steel rod of 15 mm diameter which can be extended with addi- 
tional rods of 1 m each in length. The mantle tube is a steel tube meant for guiding the sound- 
ing rod which goes through it. It should be of one metre in length with flush coupling. 

The driving mechanism should have a capacity of 20 to 30 kN for manually operated 
equipment and 100 kN for the mechanically operated equipment. The mechanism essentially 
consists of a rack and pinion arrangement operated by a winch. The reaction for the thrust 
may be obtained by suitable devices capable of taking loads greater than the capacity of the 
equipment. 
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The hand operated winch may be provided with handles on both sides of the frame to 
facilitate driving by four persons for loads greater than 20 KN. For the engine driven equip- 
ment the rate of travel should be such that the penetration obtained in the soil during the test 
is 10 to 15 mm/s. 

Hydraulic pressure gauges should be used for indicating the pressure developed. Alter- 
natively, a proving ring may also be used to record the cone resistance. Suitable capacities 
should be fixed for the gauges. 

Basically, the test procedure for determining the static cone and frictional resistances 
consists of pushing the cone alone through the soil strata to be tested, then the cone and the 
friction jacket, and finally the entire assembly in sequence and noting the respective resist- 
ance in the first two cases. The process is repeated at predetermined intervals. After reaching 
the deepest point of investigation the entire assembly should be extracted out of the soil. 

The results of the test shall be presented graphically, in two graphs, one showing the 
cone resistance in kN/m? with depth in metres and the other showing the friction resistance in 
kN/m? with depth in metres, together with a bore hole log. 

The cone resistance shall be corrected for the dead weight of the cone and sounding rods 
in use. The combined cone and friction resistance shall be corrected for the dead weight of the 
cone, friction jacket and sounding rods. These values shall also be corrected for the ratio of the 
ram area to the base area of the cone. 

The test is unsuitable for gravelly soils and for soils with standard penetration value N 
greater than 50. Also, in dense sands the anchorage becomes too cumbersome and expensive 
and for such cases dynamic cone penetration tests may be carried out. 


18.5.3 Dynamic Cone Penetration Test 

The dynamic cone penetration test is standardised by the ISI and given in “IS: 4968 (Part I)- 
1976—Method for Subsurface Sounding for Soils—Part I Dynamic method using 50 mm cone 
without bentonite slurry”. 
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(a) Cone without threads (b) Cone adopter (c) Threaded cone 


Fig. 18.10 Cone details for dynamic cone penetration test (IS) 


The equipment consists of a cone, driving rods, driving head, hoisting equipment and a 
hammer. 


742 GEOTECHNICAL ENGINEERING 





The cone with threads (recoverable) shall be of steel with tip hardened. The cone with- 
out threads (expendable) may be of mild steel. For the cone without threads, a cone adopter 
shall be provided. These are shown in Fig. 18.10. 

The driving rods should be A rods of suitable length with threads for joining A rod 
coupling at either end. The rods should be marked at every 100 mm. 


The driving head shall be of mild steel with threads at either end for a rod coupling. It 
shall have a diameter of 100 mm and a length of 100 to 150 mm. 


Any suitable hoisting equipment such as a tripod may be used. A typical set-up using a 


tripod is shown in Fig. 18.11. 
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Fig. 18.11 Typical set-up for dynamic cone penetration test (IS) 


The hammer used for driving the cone shall be of mild steel or cast-iron with a base of 
mild steel. It shall be 250 mm high and of suitable diameter. The weight of the hammer shall 
be 640 N (65 kg). 

The cone shall be driven into the soil by allowing the hammer to fall freely through 750 
mm each time. The number of blows for every 100 mm penetration of the cone shall be re- 
corded. The process shall be repeated till the cone is driven to the required depth. To save the 
equipment from damage, driving may be stopped when the number of blows exceeds 35 for 
100 mm penetration. 
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When the depth of investigation is more than 6 m, bentonite slurry may be used for 
eliminating the friction on the driving rods. The cone used in this case is of 62.5 mm size and 
the details of the dynamic method using bentonite slurry, as standardised by the ISI, are 
available in “IS: 4968 (Part-ID-1976—Method for subsurface Sounding for Soils—Part II 
Dynamic method using 62.5 mm cone and bentonite slurry”. 

Dynamic Cone Penetration test is a simple device for probing the soil strata and it has 
an advantage over the standard penetration test in that making of a bore hole is avoided. 
Moreover, the data obtained by cone test provides a continuous record of soil resistance. 

Efforts are being made to correlate the cone resistance with the SPT value for different 
zones. 


18.5.4 In-situ Vane Shear Test 


In-situ vane shear test is best suited for the determination of shear strength of saturated 
cohesive soils, especially of sensitive clays, susceptible for sampling disturbances. The vane 
shear test consists of pushing a four-bladed vane in the soil and rotating it till a cylindrical 
surface in the soil fails by shear. The torque required to cause this failure is measured and this 
torque is converted to a unit shearing resistance of the cylindrical surface. The test may be 
conducted from the bottom of a bore hole or by direct penetration from ground surface. 

The test, as standardised by the ISI, is given in “IS: 4434-1978—Code of Practice for In- 
situ Vane Shear Test for Soils”. 

The equipment consists of a shear vane, torque applicator, rods with guides, drilling 
equipment and jacking arrangement. 


D may be 
37.5, 50, 65, 


75 or 100 mm 




















k— D —— 
Fig. 18.12 Field vane (IS) 
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The area ratio of the vane shall be kept as low as possible, and shall not exceed 15%, 
calculated as follows: 
_ 8t(D-d)+nd” 


A 
r nD? 


(Eq. 18.6) 


where, A, = area ratio, 
t = thickness of the blades of the vane, 
D = overall diameter of the vane, and 
d = diameter of central vane rod including any enlargement due to welding. 
A diagrammatic vane test arrangement is shown in Fig. 18.13. 
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Fig. 18.13 Arrangement for vane test, from bottom of bore hole (IS) 


The vane is pushed with a moderately steady force up to a depth of four-times the 
diameter of the bore hole or 50 cm, whichever is more, below the bottom. No torque shall be 
applied during the thrust. The torque applicator is tightened to the frame properly. After 
about 5 minutes, the gear handle is turned so that the vane is rotated at the rate of 0.1°/s. The 
maximum torque reading is noted when the reading drops appreciably from the maximum. 

For a rectangular vane the shear strength of the soil is computed from the following 
formula: 

T 


T= TD? |(H/2)+(D/6)| 





(Eq. 18.7) 
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where, t = shear strength (N/mm?) 
T = torque in mm-N, 
D = overall diameter of the vane in mm, and 
H = height of the vane in mm. 
The assumptions involved are: 
(i) shearing strengths in the horizontal and vertical directions are the same; 


(ii) at the peak value, shear strength is equally mobilised at the end surface as well as 
at the centre; 


(iii) the shear surface is cylindrical and has a diameter equal to the diameter of the 
vane; and 


(iv) the shear stress distribution on the vane is as shown in Fig. 18.14. 














Fig. 18.14 Assumed stress distribution on blades of vane 


For equilibrium, the applied torque, T = moment of resistance of the blades of the vane. 
T = surface area x surface stress x lever arm 
+ end areas x average stress x lever arm. 
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This leads to Eq. 18.7 for Tt. 
If H = 2D, Eq. 18.7 reduces to 
6T 3T 
T= ea) ea a: 
7nD 11.D 
A shoe is used for protecting the vane if it is to penetrate direct from the ground surface. 


.. (Eq. 18.8) 


A 100-mm vane is recommended for very soft soils. For moderately firm saturated soils, 
a 75-mm vane is recommended. The 50-mm vane is used infrequently but is intended for firm 
saturated soils. 
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The vane test may have a laboratory version also, the vane being relatively much smaller 
than the field vane. 


18.6 INDIRECT METHODS—GEOPHYSICAL METHODS 


The determination of the nature of the subsurface materials through the use of borings and 
test pits can be time-consuming and expensive. Considerable interpolation between checked 
locations is normally required to arrive at an area-wide indication of the conditions. Geophysi- 
cal methods involve the technique of determining subsurface materials by measuring some 
physical property of the materials, and through correlations, using the values obtained for 
identifications. Most geophysical methods determine conditions over large distances and can 
be used to obtain rapid results. Thus, these are suitable for investigating large areas quickly, 
as in preliminary investigations. 

A number of methods have been devised, but are mostly useful in the study of geologic 
structure and exploration for mineral wealth. However, two methods have been found to be 
useful for site investigation in the geotechnical engineering profession. They are the seismic 
refraction and the electrical resistivity methods. Although these have proven to be reliable, 
there are certain limitations as to the data that may be got; hence, spot checking with borings 
and pits has to be necessarily undertaken to complement the data obtained by the geophysical 
methods. 


18.6.1 Seismic Refraction 

When a shock or impact is made at a point on or in the earth, the resulting seismic (shock or 
sound) waves travel through the surrounding soil at speeds related to their elastic character- 
istics. The velocity is given by: 


v = C [— 
Y 


...(Eq. 18.9) 


where, v = velocity of the shock wave, 
E = modulus of elasticity of the soil, 
g = acceleration due to gravity, 
y = density of the soil, and 

C = a dimensionless constant involving Poissons’s ratio. 

The magnitude of the velocity is determined and is utilised to identify the material. 

A shock may be created with a sledge hammer hitting a strike plate placed on the ground 
or by detonating a small explosive charge at or below the ground surface. The radiating shock 
waves are picked up by detectors, called ‘geophones’, placed in a line at increasing distances, 
d,, də ..., from the origin of the shock (The geophone is actually a transducer, an electrome- 
chanical device that detects vibrations and converts them into measurable electric signals). 
The time required for the elastic wave to reach each geophone is automatically recorded by a 
‘seismograph’. 

Some of the waves, known as direct or primary waves, travel directly from the source 
along the ground surface or through the upper stratum and are picked up first by the geophone. 
If the sub soil consists of two or more distinct layers, some of the primary waves travel down- 
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wards to the lower layer and get refracted as the surface. If the underlying layer is denser, the 
refracted waves travel much faster. As the distance from the source and the geophone in- 
creases, the refracted waves reach the geophone earlier than the direct waves. Figure 18.15 
shows the diagrammatic representation of the travel of the primary and the refracted waves. 

The distance of the point at which the primary and refracted waves reach the geophone 
simultaneously is called the ‘critical distance’ which is a function of the depth and the velocity 
ratio of the strata. 
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Fig. 18.15 Travel of primary and refracted waves 


The results are plotted as a distance of travel versus time graph, known as the ‘time- 
travel graph’. A simple interpretation is possible if each stratum is of uniform thickness and 
each successively deeper stratum has a higher velocity of transmission. 


Critical 
distance 


Time, t seconds —> 





Geophone distance, d metres ——» 
Fig. 18.16 Typical travel time graph for soft layer overlying hard layer 


The reciprocal of the slope of the travel-time graph gives the velocity of the wave. The 
travel-time graph in the range beyond the critical distance is flatter than that in the range 
within that distance. The velocity in this range also can be computed in a similar manner. The 
break in the curve represents the point of simultaneous arrival of primary and refracted waves, 
or the critical distance. The travel-time graph appears somewhat as shown in Fig. 18.16. 
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In terms of the critical distance, d,, and the velocities V, and V, in the upper soft layer 
of thickness H, and the lower hard layer respectively, the thickness of the upper layer may be 
written as follows: 

de (V2 - V1) 
1= 2 04V) (Eq. 18.10) 

The method can be extended to any situation with greater number of strata, provided 

each is successively harder than the one above. Typical wave velocities are given in Table 18.6. 


Table 18.6 Typical Wave Velocities for Different Materials 
(IS: 1892-1979 Appendix B) 








Material Velocity (m/s) Material Velocity (m/s) 
Sand and top soil 180 to 365 Water in 
loose materials 1400 to 1830 
Sandy clay 365 to 580 Shale 790 to 3350 
Gravel 490 to 790 Sandstone 915 to 2740 
Glacial till 550 to 2135 Granite 3050 to 6100 
Rock talus 400 to 760 Limestone 1830 to 6100 











There are certain significant limitations to the use of the seismic refraction method for 
determining the subsurface conditions. These are: 

1. The method cannot be used where a hard-layer overlies a soft layer, because there 
will be no measurable refraction from a deeper soft layer. Test data from such an 
area would tend to give a single-slope line on the travel-time graph, indicating a 
deep layer of uniform material. 

2. The method cannot be used in an area covered by concrete or asphalt pavement, 
since these materials represent a condition of hard surface over a softer stratum. 

3. A frozen surface layer also may give results similar to the situation of a hard layer 
over a soft layer. 

4. Discontinuities such as rock faults or earth cuts, dipping or irregular underground 
rock surface and the existence of thin layers of varying materials may also cause 
misinterpretation of test data. 


18.6.2 Electrical Resistivity 

Resistivity is a property possessed by all materials. The electrical resistivity method is based 
on the fact that in soil and rock materials the resistivity values differ sufficiently to permit 
that property to be used for purposes of identification. 

Resistivity is usually defined as the resistance between opposite faces of a unit cube of 
the material. Each soil has its own resistivity depending upon the water content, compaction 
and composition; for example, the resistivity is high for loose dry gravel or solid rock and is low 
for saturated silt. 

To determine the resistivity at a site, electrical currents are induced into the ground 
through the use of electrodes. Soil resistivity can then be measured by determining the change 
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in electrical potential between known horizontal distances within the electric field created by 
the current electrodes. 
The Wenner configuration with four equally spaced electrodes is simple and is popu- 


larly used. The four electrodes are placed in a straight line at equal distances as shown in 
Fig. 18.17. 
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Fig. 18.17 Wenner configuration for electrical resistivity 


A direct voltage, causing a current of 50 to 100 milliamperes typically, is applied be- 
tween the outer electrodes and the potential drop is measured between the two inner elec- 
trodes by a null-point circuit that requires no flow of current at the instant of measurement. 

In a semi-infinite homogeneous isotropic materials the electrical resistivity, p, is given 


by: 


E 
p = 2nD.— ...(Eq. 18.11) 


where, D = distance between electrodes (m), 

E = potential drop between the inner electrodes (Volts), 

I = current flowing between the outer electrodes (Amperes), and 
p = mean resistivity (ohm/m). 

The calculated value is the apparent resistivity, which is a weighted average of all ma- 
terial within the zone created by the electrical field of the electrodes. The depth of material 
included in the measurement (depth of penetration) is approximately the same as the spacing 
between the electrodes. 

It is necessary to make a preliminary trial on known formations, in order to be in a 
position to interpret the resistivity data for knowing the nature and distribution of soil 
formations. Average values of resistivity p for various rocks, minerals and soils are given in 
Table 18.7. 

Two different field procedures are used to obtain information on subsurface conditions. 
One method, known as “electrical profiling”, is well-suited for establishing boundaries between 
different underground materials and has practical application in prospecting for sand and 
gravel deposits or ore deposits. The second method, called “electrical sounding’, can provide 
information on the variation of subsurface conditions with depth and has application in site 
investigation for major civil engineering construction. It can also provide information on depth 
of water-table. 
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Table 18.7 Typical Values of Electrical Resistivity of Soils and Rocks 
(1 to 8 from IS: 1892-1979 Appendix B) 








S.No. Material p (Ohm/m) 
1, Limestone (Marble) 10” 
2. Quartz 101° 
3. Rock-salt 10° — 107 
4. Granite 5000 — 10° 
5. Sandstone 35 — 4000 
6. Moraines 8 — 4000 
Ty Limestones 120 — 400 
8. Clays 1-120 
9. Saturated inorganic clay or silt 10 — 50 
10. Saturated organic clay or salt 5 — 20 
11. Dry clays, silts 100 — 500 
12. Dry sands, gravels 200 — 1000 

















In electrical profiling, an electrode spacing is selected, and this same spacing is used in 
running different profile lines across an area, as in Fig. 18.18 (a). 

In electrical sounding, a centre location for the electrodes is selected and a series of 
resistivity readings is obtained by systematically increasing the electrode spacing, as shown in 
Fig. 18.18 (6). Thus, information on layering of materials is obtained as the depth of informa- 
tion recovered is directly related to electrode sparing. This method is capable of indicating 
subsurface conditions where a hard-layer underlies a soft layer and also the situation of a soft 
layer underlying a hard layer. 
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(a) Profiling arrangement (b) Sounding arrangement 








Fig. 18.18 Electrode arrangement for electrical profiling and electrical sounding 


The data may be plotted as electrode spacing versus apparent resistivity either in arith- 
metic or in logarithmic co-ordinates. A change in the curve indicates change in strata. 


18.7 THE ART OF PREPARING A SOIL INVESTIGATION REPORT 


A report is the final document of the whole exercise of soil exploration. A report should be 
comprehensive, clear and to the point. Many can write reports, but only very few can produce 
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a good report. A report writer should be knowledgeable, practical and pragmatic. No theory, 
books or codes of practice can provide all information required to produce a good report. It is 
only the experience of a number of years of dedicated service in the field that helps a geotechnical 
consultant to make the report writing an art. 

A good soil exploration report should normally comprise the following: 

1. Introduction, which includes the scope of the investigation. 

2. Description of the proposed structure, the location and the geological conditions at 
the site. 

3. Details of the field exploration programme, indicating the number of borings, their 
location and depths. 

4. Details of the methods of exploration 

5. General description of the sub-soil conditions as obtained from in-situ tests, such as 
standard penetration test and cone penetration test. 

6. Details of the laboratory tests conducted on the soil samples collected and the re- 
sults obtained. 

7. Depth of the ground water table and the changes in water levels. 

8. Analysis and discussion of the test results. 

9. Recommendations about the allowable bearing pressure, the type of foundation of 
structure. 

10. Calculations for determining safe bearing pressure, pile loads, etc. 

11. Tables containing bore logs, and other field and laboratory test results. 

12. Drawings which include an index plan, a site-plan, test results plotted in the form of 
charts and graphs, soil profiles, etc. 

13. Conclusions. The main findings of investigations should be clearly stated. It should 
be brief but should mention the salient points. 

Limitations of the investigations should also be briefly stated. 

A sub-soil investigation report should contain the data obtained from bore holes, site 
observations and laboratory findings along with the recommendations about the suitable type 
of foundation, allowable soil pressure including anticipated settlements, and expected behav- 
iour of the foundation. 

If the recommended types of foundation requires any special attention during construc- 
tion phase, like dewatering and/or bracing, it should be so stated and the client should be 
cautioned about the problems that might arise during construction phase. 

It is essential to give a complete and accurate record of the data collected. Each bore 
hole should be identified by a code number. The location of each bore hole should be fixed by 
measurement of its distance or angles from some permanent features in the vicinity. All rel- 
evant data for the bore hole is recorded in a boring log. A boring log gives the description or 
classification of various strata encountered at different depths. Any additional information 
that is obtained in the field, such as soil consistency, unconfined compression strength, stand- 
ard penetration number, and cone penetration value, is also indicated on the boring log. It 
should also show the position of water table. If the laboratory tests have been conducted, the 
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information about index properties, compressibility, shear strength, permeability, etc., should 
also be provided. 

The data obtained from a series of borings is presented in the form of a subsurface 
profile. A sub-surface profile is a vertical section through the ground along the line of explora- 
tion. It indicates the boundaries of different strata, along with their classification. The condi- 
tions between bore holes are estimated by interpolation which may not be correct/true. Obvi- 
ously, the larger the number of bore holes, the more accurate the sub-surface profile is. 

The report should contain the discussion of the results which forms the heart of the 
investigation report. The reporter should try to discuss the problem clearly and concisely with- 
out ‘if ’s’ and ‘but’s’. The reporter should come straight to the point. For readability, this sec- 
tion of the report should be divided into a number of sub-headings. In writing this section of 
the report, care should be taken to avoid wishful thinking based on preconceived ideas on the 
foundation design. The problem should be studied without prejudice. The recommendations 
for foundation design must be based on the facts stated in the report, i.e., on the bore hold 
records and test data. They must not be based on conjecture. 

If the report is lengthy, it may be convenient to summarise the main findings in item- 
ized form. This would be of help to the busy field engineer who may not have time to read 
through pages of discussion. Alternatively, the report may commence with a brief summary of 
the investigation procedure and the main conclusions which have been drawn from it. 

The last stages are the final typing and checking of the report, printing the drawings, 
and assembling and binding the whole. A neatly printed/type-written and bound report with 
good, clear drawings, free of typing and draughtsman’s errors reflect the care with which the 
whole preparation of the report has been made. Slipshod writing and careless typing and 
drawing may lead the client to think that the whole investigation perhaps has been carried out 
in a similar manner. 


18.8 ILLUSTRATIVE EXAMPLES 


Example 18.1: One sampler has an area ratio of 8% while another has 16%; which of these 
samplers do you prefer and why ? (S.V.U.—B.Tech., (Part-time)—Sept., 1983) 


The sampler with area ratio of 8% is to be preferred since the sample disturbance is 
inversely proportional to it. It is considered desirable that the area ratio be less than 10% for 
undisturbed sampling. 


Example 18.2: Compute the area ratio of a thin walled tube samples having an external 
diameter of 6 cm and a wall thickness of 2.25 mm. Do you recommend the sampler for obtain- 
ing undisturbed soil samples ? Why ? (S.V.U.—Four-year B.Tech.—Dec., 1984) 


External diameter, D,=6 cm = 60 mm 
Wall thickness = 2.25 mm 
Internal diameter, D, = (60 — 2 x 2.25) mm = 55.5 mm 


_ (60° - (55.5) ] 


= 2 
(55.5) 
Since the area ratio is more than 10%, the sampler is not recommended for obtaining 
undisturbed samples. The sample disturbance will not be insignificant. 


Area ratio, = 16.88% 
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Example 18.3: A SPT is conducted in fine sand below water table and a value of 25 is obtained 
for N. What is the corrected value of N ? 


Corrected N = 15+ Sin’ — 15) 
Here N’ = 25 
N=15+ 525 - 15) = 20. 


Example 18.4: A SPT was conducted in a dense sand deposit at a depth of 22 m, and a value 
of 48 was observed for N. The density of the sand was 15 kN/m?. What is the value of N, 
corrected for overburden pressure? 





N =48 
350 
=N. 
N= i +70) 
where o = overburden pressure in kN/m?. 
Here, o = 22 x 15 = 330 kN/m? 


350 — 48x 350 
(330+70) 400 ~ 
Example 18.5: A vane, used to test a deposit of soft alluvial clay, required a torque 72 metre- 
newtons. The vane dimensions are D = 100 mm, and H = 200 mm. Determine a value for the 
undrained shear strength of the clay. 
D=100mm H = 200 mm = 2D 
Torque, T=72mN = 72,000 mm N. 
T 
o(H D 
nD (4 + 4 


Corrected N = 48 x 





T= 


6T 
= -— 3 for H = 2D 
7TnD~, 
P 6 x 72000 
~ 7x mx 100x 100 x 100 


= 19.64 x 10 N/mm? 


_ 19.64 x 10 x 1000 x 1000 


1000 
= 19.64 kN/m?. 


Example 18.6: A seismic refraction study of an area has given the following data: 





N/mm? 





kN/m? 


Distance from impact 15 30 60 90 120 
point to geophone (m) l 
Time to receive wave (s) 0.025 0.05 0.10 0.11 0.12 


(a) Plot the time travel data and determine the seismic velocity for the surface layer 
and underlying layer. 


(b) Determine the thickness of the upper layer. 
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(c) Using the seismic velocity information, give the probable earth materials in the two 


layers. 


(a) The time-travel graph is shown in Fig. 18.19, Critical distance d, = 60 m. 


odes (60 — 15) 
Velocity in the upper layer, V, = (0.10 —0.025) = 600 m/s 


oe 120-60 
Velocity in the lower layer, V, = (0.12 0.10) ~ 3000 m/s 


0.12 
0.11 
0.10 
0.09 
0.08 
0.07 
0.06 
0.05 
0.04 
0.03 
0.02 
0.01 








Time, seconds —» 
































15 30 45 60 75 90 105 135 150 
Distance, metres —» 
Fig. 18.19 Time-travel graph (Example 18.6) 
(b) Thickness of upper layer, 
H = de [V21 _ G9 / 2) [8000 = 600) _ 30V2 
17 2VV,4+V, (8000 +600) 3 


(c) From the seismic velocity values, the probable materials are hard clay overlying 





=10J/6m = 24.5 m 





sound rock. 


SUMMARY OF MAIN POINTS 


1. 


Site investigation and soil exploration involve field and laboratory investigations required to 
obtain necessary data for the soil strata existing at a site where an engineering construction is 
proposed. Reconnaissance, study of maps and aerial photography are the important steps in site 
investigation. 

Test pits, trial pits or trenches are direct methods, borings are semi-direct methods, and sound- 
ings or penetration tests and geophysical methods are indirect methods. 

Planning an exploratory programme involves the fixation of spacing and depth of bore holes. 
Record of boring data is usually given in the form of a boring log. 

Taking out soil samples from soil strata for laboratory testing is known as ‘soil sampling’. A 
sample may be disturbed or undisturbed (relatively speaking), the latter being necessary for the 
evaluation of certain engineering properties like strength and compressibility. Sample disturbance 
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is dependent on a parameter called area ratio of the sampler. Thin-walled samplers are preferred 
for minimising sample disturbance. 

Penetration tests commonly used are the standard penetration test and the cone test—static or 
dynamic. The standard penetration number is correlated to the density index and friction angle 
for granular soils. The in-situ vane shear test is used to determine the in-situ shearing strength 
of clayey soils. 

Seismic refraction and electrical resistivity are the two most popular geophysical methods of soil 
exploration. Seismic refraction method utilises the variation of the velocity of propagation of 
shock waves through various earth materials; its significant limitation is that it fails when hard 
strata overly soft strata. 

Electrical resistivity method utilises the variation of electrical resistivity with the composition 
of and presence of water in various earth materials. Wenner configuration is commonly used. 
Electrical profiling for areal coverage up to a certain depth and electrical sounding for evalua- 
tion of strata depthwise are used. 
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QUESTIONS AND PROBLEMS 


18.1 


18.2 


18.3 


18.4 


18.5 


18.6 


18.7 


18.8 


18.9 


18.10 


18.11 


18.12 


(a) Describe with a neat sketch how will you carry out the wash boring method of soil explora- 
tion. What are its merits and demerits ? 


(b) Explain the terms ‘inside clearance’ and ‘outside clearance’ as applied to a sampler. Why are 
they provided ? (S.V.U.—Four-year B.Tech.—Dec., 1984) 


Write a short note on Geophysical exploration using electrical resistivity. 
(S.V.U.—Four-year B.Tech.—Dec., 1984) 


Under what circumstances are geophysical methods used in exploration ? Discuss the usefulness 
of a dynamic cone penetration test and its limitations. Write a brief note on wash borings. 


(S.V.U.—Four-year B.Tech.—Sep., 1983) 
(a) Discuss with neat sketches any two boring methods used in soil exploration. 
(b) Sketch a split-spoon sampler and explain its parts. 

(S.V.U.—B.Tech. (Part-time)—Sep., 1983) 

What are the various steps considered in the planning of sub-surface exploration programme? 
Describe the standard penetration test. In what way is it useful in foundation design? 

(S.V.U.—Four-year B.Tech.—Apr., 1983) 
Write short notes on: 
(a) Geophysical methods, (b) Penetration Tests. 

(S.V.U.—Four-year B.Tech.—Apr., 1983) 


Why are undisturbed samples required? Describe any one procedure of obtaining undisturbed 
samples for a multi-storeyed building project. 


For what purpose are geophysical methods used? Describe any one method. 
(S.V.U.—Four-year B.Tech.—Dec., 1982) 


What are the advantages and disadvantages of accessible exploration? Discuss. Explain (a) Wash 
boring, (b) Split spoon sampler. Write a brief note on the precautions to be taken in transporting 
undisturbed samples. (S.V.U.—Four-year B.Tech.—Oct., 1982) 


(a) Explain and discuss the various factors that help decide the number and depth of bore holes 
required for subsoil exploration. 


(b) What is ‘N-value’ of Standard Penetration Test? How do you find the relative density from 
‘N-value’? Explain the various corrections to be applied to the observed value of N. 


(S.V.U.—B.Tech. (Part-time)—Sept., 1982) 


(a) Enumerate the various methods of soil exploration and mention the circumstances under 
which each is best suited. What do you mean by undisturbed sample? 


(b) Explain with a neat sketch the construction and use of a split spoon sampler. 
(S.V.U.—B.E., (R.R.)—Feb., 1976) 


Describe the “Standard Penetration Test” used in soil exploration. List the information that can 
be obtained by the test when made in (a) clay, (b) sand. 


Comment on the correction factors to be used for N-values 

(a) for sands for depth below ground level 

(6) for fine sand under water table. (S.V.U.—B.E., (R.R.)—May, 1969) 
Write a brief critical note on vane shear test. (S.V.U.—B.E., (N.R.)—Sep., 1967) 
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18.13 


18.14 


18.15 


18.16 


18.17 


18.18 


Two samplers have area ratios of 10.9% and 21%. 

Which do you recommend for better soil sampling and why? 

Compute the area ratio of a sampler with inside diameter 70 mm and thickness 2 mm. Com- 
ment. 

A N-value of 35 was obtained for a fine sand below water-table. What is the corrected value of 
N? 

A SPT was performed at a depth of 20 m in a dense sand deposit with a unit weight of 
17.5 kN/m?2. If the observed N-value is 48, what is the N-value corrected for overburden? 

A vane, 75 mm overall diameter and 150 mm high, was used in a clay deposit and failure oc- 
curred at a torque of 90 metre-newtons. What is the undrained shear strength of clay? 

The inner diameters of a sampling tube and that of a cutting edge are 70 mm and 68 mm respec- 
tively, their outer diameters are 72 and 74 mm respectively. Determine the inside clearance, 
outside clearance and area ratio of the sampler. 


Chapter l 9 


Caissons AND WeLL FOUNDATIONS 


19.1 INTRODUCTION 


A ‘Caisson’ is a type of foundation of the shape of a box, built above ground level and sunk to 
the required depth as a single unit. This terminology is popular in the U.S.A., and is used to 
refer to a water-tight chamber employed for laying foundations under water as in lakes, riv- 
ers, seas, and oceans. 

Caissons are broadly classified into three types, based on the method of construction: 

(a) Open Caissons 

(b) Pneumatic Caissons 

(c) Floating or box Caissons 

(a) Open Caissons: These are of box-shape, open both at the top and the bottom during 
construction. The caisson is sunk into position, and upon reaching its final position, a concrete 
seal is placed at its bottom in water. Finally, the inside is pumped dry and filled with concrete. 

(b) Pneumatic Caissons: These are of box-shape, closed at the top, with a working cham- 
ber at the bottom from which water is kept off with the aid of compressed air. Thus excavation 
is facilitated in the dry, and the Caisson sinks as excavation proceeds. Finally, the working 
chamber is filled with concrete, upon reaching the final location at the desired depth. 

(c) Floating or Box Caissons: These are also of box-shape, closed at the bottom and 
open at the top. This type of Caisson is cast on land, launched in water, towed to the site, and 
sunk into position by filling it with sand, gravel, concrete, or water. 

Timber, Steel, and Reinforced Concrete are the materials used to construct Caissons, 
depending upon the importance and magnitude of the job. Timber is much less used these days 
than steel and Reinforced Concrete. 

Steel Caissons are made of steel skin plate, internal steel frames, and Concrete fill, the 
last one being meant only to provide the necessary weight to aid in the sinking process, which 
is more continuous, and relatively faster when compared with Caissons built of reinforced 
Concrete. 


Reinforced Concrete Caissons utilise concrete for the dual purpose of providing the nec- 
essary strength and the dead weight for sinking. These must be poured in convenient heights, 
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called ‘Lifts’, cured for the mandatory period, and each lift sunk into position. This necessarily 
involves some loss of time, the time required for the sinking operation being much more than 
that for a Steel Caisson. However, Concrete Caissons prove to be much more economical than 
Steel ones for large and heavy jobs. 

Generally speaking, a Caisson is advantageous compared to other types of deep founda- 
tions when one or more of the following conditions exist: 

(i) The soil contains large boulders which obstruct the penetration of piles or place- 
ment of drilled piers (‘drilled piers’ are nothing but large diameter bored piles.) 

(ii) A massive substructure is required to extend below the river bed to resist destruc- 

tive forces due to scour and/or floating objects. 

(iii) Large magnitudes of lateral forces are expected. 

Caissons are mostly used as the foundation for bridge piers and abutments in lakes, 
rivers, and seas, breakwaters and other shore protection works, and large water-front struc- 
tures such as pump houses, subjected to huge vertical and horizontal forces. Occasionally 
Caissons, especially Pneumatic Caissons, have been used as foundations for large and tall 
multi-storey buildings and other structures. 


19.2 DESIGN ASPECTS OF CAISSONS 


Certain important design aspects of Caissons will now be considered in the following sub- 
sections. 


19.2.1 Shape and Size 


Caissons are constructed with practically straight and vertical sides from top to bottom. The 
shape of a Caisson in plan may be Circular, Square, Rectangular, Octogonal, Twin-Circular, 
Twin-Rectangular, Twin-Hexagonal, Twin-Octogonal, or Double-D as shown in Fig. 19.1. 

Sometimes, the choice of shape of a Caisson is influenced by its size (for example, the 
shape is governed by the outline of the base of the superstructure, especially for large 
superstructures; smaller ones may, however, be made circular for convenience in sinking and 
achieving economy), and by the shape of the superstructures (for example, oblong shape may 
be preferred for the superstructure either to avoid restriction of flow or for convenience in 
navigation; or circular or pointed shape may be preferred on the upstream side to minimise 
the possible impact from large and heavy floating objects or ice floes). Twin-Circular, Twin- 
Rectangular, Twin-Hexagonal, Twin-octogonal, and the Double-D types are used to support 
heavy loads from large bridge piers. 

The size of a Caisson is governed by the following factors: 

(i) Size of Base: The size of Caisson should be such that the Caisson has a minimum 
projection of 0.3 m all round the base of the superstructure; this would help take care of a 
reasonable amount of inevitable tilting and misalignment. 

(ii) Bearing Pressure: The area required is obviously governed by the allowable bearing 
pressure of the soil (dealt with in later subsections). 

(iit) Practical Minimum Size: A minimum size of 2.5 m is considered necessary from the 
point of view of convenience in sinking and economy in construction; smaller sizes of Caisson 
frequently prove more expensive than other types of deep foundation. 
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OOO? 


a) Circular b) Square c) Rectangular d) Octogonal 


nate 


e) Twin-circular f) Twin-rectangular g) Twin-hexagonal 


h) Twin-octogonal i) Double-D 











Fig. 19.1 Different shapes of cross-section of a caisson 


19.2.2 Design Loads 


A Caisson must be designed to resist all kinds of loads which may act at different times during 


service: 


(a) Temporary Loads: A Caisson is likely to be subjected to large stresses temporarily 


during the construction period. For example, large stresses may occur when the 
Caisson gets dropped suddenly during sinking, when it is supported on one side 
only at some stage during sinking, or when it is pulled to its correct position to 
rectify tilts and shifts; further, a Caisson may be subjected to unbalanced earth 
pressure, in which case it may be designed as a vertical beam or a cantilever. In the 
case of floating Caissons, Water Pressure during floating, which may cause stresses 
due to hogging and sagging, and Torsion, has to be considered in addition to the 
towing force. Internal strutting may be needed to take care of towing force as in ship 
design. 


(b) Permanent Loads: These are the maximum Vertical and Horizontal Loads acting on 


the Caisson after it is constructed and sunk into position. Vertical Loads may be 
those from the superstructure and the self-weight of the Caisson, less the buoyancy 
force at low water level. Horizontal loads may be those due to earth pressure, water 
pressure, and wind pressure. In seismic zones, earthquake forces should also be 
considered. Wave Pressure, Tractive forces from traffic, ice pressure and forces of 
water flow are additional sources of lateral forces. A floating Caisson is subjected to 
lateral pressure from inside exerted by the sand and gravel fill at low water stage 
(box caissons are seldom filled with concrete). 
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19.2.3 Allowable Bearing Pressure 
Caissons are carried to a hard stratum, such as compact sand, hard clay, gravel, or rock and 
never to a soft stratum or weathered rock. 


The Net allowable bearing pressure, q,,,, for a Caisson in cohesionless soil may be ob- 
tained from the following equation: 
dna = 0.22N°BR, + 0.67(100 + N?) Dr R, ...(Eq. 19.1) 
where B = Smaller dimension of the Caisson, m 
D, = Depth of Foundation below scour level, m 
N = Standard penetration number (corrected) 
and R ,andR,= Correction Factors for Water Table (Refer Fig. 14.14) 
The factor of safety is 3 and q,,, will be got in kN/m?. In the case of pure clays, undis- 
turbed samples should be tested to determine the value of cohesion, c. 
The ultimate bearing capacity is obtained from 
Quit = ON, ... (Eq. 19.2) 
where q_,, = Ultimate bearing capacity, kN/m? 
c = Unit Cohesion, kN/m? 
and WN. = Bearing capacity factor (Refer Eqs. 16.11 and 16.12) 
The allowable bearing pressure of Caissons resting on Rock should not exceed that for 


the concrete seal. Since the seal is in water or in adverse working conditions, the allowable 
bearing pressure is usually limited to 3,500 kN/m?. 


19.2.4 Skin Friction and Sinking Effort 


Skin Friction is the shearing resistance between the soil and the exterior surface of the Cais- 
son, encountered during the process of sinking. Caissons are usually designed to have suffi- 
cient weight in each lift to overcome skin friction to facilitate the sinking process. If the self- 
weight is not adequate, additional ballast, known as ‘Sinking Effort’ would become necessary 
to sink the Caisson. Occasionally, the use of water jets on the sides tends to reduce the skin 
friction. Even the injection of bentonite solution on to the exterior of the well has been found to 
reduce skin friction. 

Values of the skin friction vary within a wide range for each type of soil. Terzaghi and 
Peck (1948) give the following values (Table 19.1): 


Table 19.1 Values of skin friction (after Terzaghi and Peck, 1967) 








S.No. Type of Soil Skin Friction kN/m? 
1, Silt and soft clay 7.3 to 29.3 
2. Very stiff clay 49 to 195 
3. Loose Sand 12.2 to 34.2 
4. Dense Sand 34.2 to 68.4 
5. Dense Gravel 49 to 98 
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If it is desired to proportion a circular Caisson such that no ballast is required for sink- 
ing, the self-weight should be at least equal to the force due to Skin Friction. 


This leads us to the Equation 
*(D, - D,?)D.y, = f(nD,.D) 


or TD,” - D,?)y, = ATD) (Eq. 19.3) 


where D, and D, = External and Internal diameters of the Caisson 
D = Depth of Penetration 
y, = Unit weight of the Caisson Material 

and f = Unit Skin Friction. 


19.2.5 Concrete Seal 


After the Caisson is placed in its final position a thick concrete layer is placed at the bottom to 
plug it. This is known as ‘Concrete Seal’ or ‘Plug’, and forms the permanent base for the Cais- 
son. In Open Caissons, the top of the Concrete Seal is carried to a level higher than the bevel- 
led portion of the cutting edge (See subsection 19.2.6). In Pneumatic Caissons, the entire working 
chamber, filled with concrete, serves as the concrete seal. 


During the period of construction, the concrete seal serves to seal off the inflow of water 
while placing concrete above it. After construction, it serves as the permanent base. 

The thickness of the seal should be sufficient to withstand the upward hydrostatic pres- 
sure after dewatering is complete and before concreting of the Caisson shaft is done. The seal 
may be designed as a thick plate subjected to uniform pressure due to maximum vertical loads 
from the Caisson. 


The thickness of the concrete seal, t, may be obtained from the following equations: 


t= 069D,,[— (Eq. 19.4) 


For rectangular caissons: 


q 
— 0.866B, |? 
i 'Yo,(1+ 1610) ...(Eq. 19.5) 


These are for simply supported conditions. 


For Circular Caissons: 


Here, D, = internal diameter of caisson, 
a = BJL,, 
L, B; = internal length and breadth of caisson, 
q = net upward pressure on the seal, 
and 6, = allowable flexural stress for concrete (< 3,500 kN/m2). 
If H is the depth of water above the base, q can be got from the equation 
q = YH = Y8) ...(Eq. 19.6) 
Some designers check for perimeter shear stress also for the seal. 
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The perimeter shear stress may be calculated as follows: 
The force causing perimeter shear = A,(H — t)y,, 
Area resisting this force along the Perimeter of the concrete seal = P,t 
Perimeter shear stress, o, is 
TE A;(H -Yu 
P P..t 
Here A, is the inside area of the caisson and P, its inside perimeter. 


...(Eq. 19.7) 


The value of the perimeter shear stress as calculated from Eq. 19.7 should be less than 
the allowable value for concrete. The overall stability of the caisson against buoyancy should 
also be ensured. 


Total downward force = Weight of Caisson + Weight of Seal + Skin Friction Force. This 
should be equal to or greater than the force of buoyancy caused by the pressure y,,. H. If 
necessary, the thickness of the seal may be increased to ensure this. 


19.2.6 Cutting Edge 


Except for box or floating Caissons which are sunk through water only, the lower ends of the 
Caisson wells are made with an inside bevel, reducing the wall thickness to about 100 mm to 
450 mm at the bottom. The inside bevel is usually made two vertical to one horizontal. This 
bevelled portion of the wall is called the ‘Cutting Edge’, which is meant to facilitate the pen- 
etration of the Caisson. 

The Cutting Edge also protects the walls of the Caisson against impact and obstacles 
encountered during penetration. 

A cutting edge is usually made of angles and plates of structural steel or reinforced 
concrete and steel. Since sharp edges are easily damaged, blunt edges are more commonly 
used. To avoid tearing off the cutting edge, the shell concrete must be anchored to the cutting 
edge (Fig. 19.2). The lower portion of the cutting edge is provided with a 12 mm thick steel 
plate anchored to the concrete by means of steel straps. 


Strap 
Anchors 





(a) Sharp edge (b) Blunt edge 
Fig. 19.2 Cutting edge of a caisson 


19.3 OPEN CAISSONS 


As mentioned earlier, this type of Caisson is open both at the top and the bottom during con- 
struction. It is provided with a cutting edge at the bottom to facilitate sinking. When the 
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caisson has reached the desired location, a fairly thick concrete seal is provided. The thickness 
of the seal may range from 1.5 to 4.5 m. 
A special type of open Caissons used in India are known as “WELL FOUNDATIONS”, 
dealt with in detail in later sections. 
Advantages of Open Caissons are: 
(i) It is feasible to extend to large depths. 
(ii) The cost of construction is relatively low. 
Disadvantages are: 
(i) The bottom of the Caissons cannot be inspected and thoroughly cleaned. 
(ii) The concrete seal is necessarily placed in water, and may not be satisfactory. 
(iii) The help of divers may be necessary for excavation near the haunches at the cutting 
edge. 
(iv) If obstructions of boulders or logs are encountered, the work is slowed down signifi- 
cantly. 


19.4 PNEUMATIC CAISSONS 


Since a Pneumatic Caisson is closed at the top and open at the bottom, with a working cham- 
ber under compressed air pressure at the bottom, the work can proceed in the dry by excluding 
water and mud from the working chamber. Pneumatic Caissons are suitable in soft soils with 
danger of scour and erosion. When the Caisson is sunk to the final position, the working cham- 
ber is filled with concrete. 


19.4.1 Component Parts 
A pneumatic caisson consists of the following component parts: 
(i) Working Chamber 
(ii) Air Shaft 
(iii) Air Lock 
(iv) Miscellaneous Equipment 
These are shown in Fig. 19.3. 

(i) Working Chamber: This is made of structural steel, about 3 m high, with a strong 
roof, and is absolutely air tight. The air pressure in the Chamber is raised above 
atmospheric and is kept at a certain specified value to prevent entry of water and 
soil into it. This pressure varies with the depth at which excavation is proceeding at 
any time. The outside surface is made smooth to reduce friction. A cutting edge is 
provided at the bottom to facilitate the sinking process. The air pressure must be 
sufficient to balance the full hydrostatic pressure due to water outside. However, 
there is a maximum limit to the air pressure in view of the physiological character- 
istics of human beings; a pressure greater than 0.4 N/mm? (400 kN/m?) is beyond 
the endurance limit of human beings. Therefore, the maximum depth of water 
through which a pneumatic caisson can be sunk successfully is about 40 m. Working 
under a pressure greater than 0.4 N/mm? may cause a special sickness called ‘Cais- 
son disease’. 
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Fig. 19.3 Component parts of a pneumatic caisson 


(ii) Air Shaft: This is a vertical passage which connects the working chamber with an 
airlock. It is meant to provide access to the working chamber for workmen. It is also 
used to transport the excavated material to the ground surface. In large caissons, 
separate shafts may be provided for men and materials. Air-shafts are made of Steel, 
the joints being provided with rubber gaskets to make them leak proof. Each Shaft 
is provided with its own air lock at its top. As the caisson sinks, the air shaft is 
extended to keep the airlock always above the water level. 

(iii) Air Lock: This is a steel chamber provided at the upper end of the air shaft above the 
water level. Its function is to permit the workmen to go in or come out of the Caisson 
without releasing the air pressure in the working chamber. 

The chamber of the airlock is provided with two air-tight doors, one of which 
opens to the shaft and the other to the atmosphere outside. When a workman enters 
the airlock through the outside door the pressure in the chamber is kept at atmos- 
pheric value. This is gradually raised till it becomes equal to that in the working 
chamber, and the workman allowed to enter the airshaft through the door to it, and 
to descend into the working chamber. The procedure is just reversed when one has 
to come out. However, the decompression must be effected much more slowly to 
prevent caisson disease. A minimum of half-an-hour is necessary for the pressure to 
be reduced from 0.3 N/mm? to atmospheric pressure. Fresh air is circulated into the 
working chamber by opening a valve in the airlock in order to prevent the air inside 
becoming stale. The workmen should not be made to work inside the working cham- 
ber under compressed air pressure for more than two hours at a stretch. 
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(iv) Miscellaneous Equipment: Certain miscellaneous equipment such as motors, pres- 
sure pumps, and compressors are usually located outside at bed level. Pressure in 
the working chamber is maintained through an air pipe connected to a compressor. 
At least one stand-by unit for all equipment should be provided to cope with any 
emergency. 


19.4.2 Safety Precautions 


Working in an atmosphere of compressed air poses health hazards for physiological reasons. If 
adequate safety precautions are not observed, workmen may be afflicted with what is known 
as “caisson disease”. It can range from giddiness in the mild form to death in the ultimate 
depending upon the seriousness of decompression. Compared to recompression, decompres- 
sion poses more problems and has to be done much more slowly. 


Labour laws are stringent in respect of work force employed under compressed air at- 
mosphere. After every shift of two hours of work, a rest period of four hours is recommended; 
further, not more than four hours of work is permitted per day. 


19.4.3 Merits and Demerits of Pneumatic Caissons 
The following are the merits of Pneumatic Caissons: 
(i) Control over the work and foundation preparation are better, since all work is done 
in the dry. 
(ii) Obstruction from boulders or logs may be readily removed since direct visual in- 
spection of the bottom near the cutting edge is possible. 
(iii) Concrete placed in the dry is more capable of attaining better quality are reliability. 
(vi) Plumbness of Caisson is easier to control than with other types. 
(v) Soil can be inspected, samples taken, and bearing capacity ascertained more reli- 
ably, if necessary, by in-situ testing. 
(vi) No settlement of adjoining structures need be apprehended since no lowering of 
ground water table is expected to occur. 
(vii) Large depths of foundation can be achieved to bed rock through difficult strata for 
major civil engineering works. 
The following are the demerits of Pneumatic Caissons: 


(i) Pneumatic Caissons are highly expensive and hence should be used only when other 
types of caissons are not feasible. 


(ii) The depth of penetration is limited to 30 m to 40 m below water table. 


(iii) A lot of inconvenience is caused to the workmen while working under compressed 
air pressure, and they may be afflicted with caisson disease. 


(iv) Extreme care is required for the proper working of the system; even a small degree 
of slackness may lead to an accident. 


19.5 FLOATING CAISSONS 


Floating Caissons are also called ‘Box Caissons’ in view of their shape resembling an open box. 
They are called Floating Caissons as they are floated to the site after casting on land for 
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sinking at the desired location. Sand or gravel is invariably used as the ballast inside the 
caisson to aid the sinking process. Concrete is seldom used to fill a box caisson. 

Unlike open and Pneumatic Caissons, a floating caisson does not penetrate the soil. It 
simply rests on a hard, level surface; thus, the load-carrying capacity depends solely on the 
resistance at the base as there is no frictional resistance at the sides. A concrete cap is cast on 
its top to receive the loads from the superstructure. To prevent scour, rip rap is placed around 
the base. (Fig. 19.4). It may also be constructed to contain a number of cells formed by diaphragm 
walls. If the caisson is to be floated in rough waters, it is designed as a ship and suitable 
internal strutting is provided. 






Pe Box 
-'#, Va caisson 





Rip rap 








Fig. 19.4 Component parts of a floating caisson 


19.5.1 Stability Aspect of Floating Caissons 
The caisson must be stable during flotation. When a body is immersed in water, a buoyancy 
force equal to the weight of water displaced acts on the body, according to the principle of 
Archimedes. For equilibrium, the weight of the body and the force of buoyancy should be equal. 

While the weight, W, acts through the centre of gravity, G, of the body, the force of 
buoyancy, U, acts through the centre of gravity of the displaced water, known as the centre of 
buoyancy, B (Fig. 19.5). If the caisson is tilted through a small angle 9, the centre of gravity of 
the body, G, remains at the same location with respect to the caisson itself, while the centre of 
buoyancy, B, changes its position as shown in Fig. 19.5 (6). The point of intersection of the 
vertical line passing through B and the centre line of the caisson is known as the metacentre, 
M. The caisson would be stable if the metacentre M is above G, when the metacentric height 
MG is considered positive. 

The metacentric height can be determined analytically (See any standard book on Fluid 
Mechanics): 

The distance BM is given by 


I 
— .. (Eq. 19.8 
BM V (Eq ) 
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where J = second moment of area of the plan of the caisson at the water surface, 


and V = Volume of water displaced. 





(a) Vertical position (b) Tilted position 
Fig. 19.5 Stability of floating caisson 


The metacentric height is computed as 


MG=BM+BG .. (Eq. 19.9) 

Plus sign is used when G lies below B. When M is above B, the couple caused by W and 

U will be such as to rectify the caisson to its original vertical position, thus ensuring its stabil- 

ity. If B is above M, the tilt goes on increasing, thus the caisson becoming unstable. In this 

latter case, it should be either redesigned, or ballast be added to ensure stability. A minimum 
of 1 m of free board is recommended. 





19.5.2 Merits and Demerits of Floating Caissons 
The merits of floating caissons are as follows: 
(i) Since floating caissons are precast, good quality can be ensured. 
(ii) The installation of a floating caisson is quick and convenient. 
(iii) Floating caissons are less expensive than other types; they may also be transported 
at a low cost by floating. 
The demerits of floating caissons are as follows: 
(i) The foundation bed has to be levelled before installing the caisson. 
(ii) The base of the caisson must be protected against scour. 
(iii) The load carrying capacity is smaller than that of other types of comparable size. 


(iv) This type is suitable only if a good supporting stratum is available at shallow eleva- 
tion; otherwise, it becomes costly owing to deep excavation, as the saturated soil 
tends to flow into the excavation. 


19.6 CONSTRUCTION ASPECTS OF CAISSONS 


Certain salient features of the construction of different types of caissons are considered in the 
following subsections. 


19.6.1 Construction of Open Caissons 

The sinking of an open caisson is achieved either in the dry, or from a dewatered construction, 
or from an artificial island. The last approach, is popularly known as the ‘Sand Island Method’ 
of placing an open caisson. 
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Fig. 19.6 Sand island method of placing open caisson 


An artificial island of sand is made for temporarily raising the ground surface above the 
water level. Thus a relatively dry area is obtained for sinking the caisson. The size of the sand 
island should be sufficient to provide adequate working space around the caisson (Fig. 19.6). 


For the construction of sand island, a woven willow mattress is first sunk to the river 
bed to provide protection against scour. A timber staging is then constructed around the pe- 
riphery of the proposed island. Sheet piles are driven to enclose the area, the mattress cut 
along the inside of the sheet piling, and the inside mattress removed. The area is filled with 
sand upto the required level. 

In case it is not possible to create dry conditions, the caisson is constructed in slipways 
or barges and towed to its final position by floating. Guide piles are used for sinking the first 
few lifts. Sinking is done through open water and then penetrating it into the soil. 

As the soil is excavated from the dredge wells, the caisson sinks by its own weight. The 
excavation is done by dredging with grab buckets. The soil near the cutting edge is removed by 
hand, if necessary. During the period of casting a lift and curing, the sinking process is neces- 
sarily stopped. Water jets are occasionally used on the exterior to facilitate sinking. 

When the caisson reaches the desired final depth, its bottom is plugged by providing a 
concrete seal, which is more commonly done by the ‘Tremie Method’. After the concrete has 
fully matured, the water inside the caisson is pumped out. The top surface of the concrete seal 
is cleaned and further concreting is done, depending upon the need. 

Although it is desirable to sink the caisson perfectly vertical, it is extremely difficult to 
sink it true to position. Corrective measures are to be used when tilts occur, as indicated in a 
later section. 
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19.6.2 Construction of Pneumatic Caissons 


Pneumatic caissons may be constructed at the site or floated to the site and lowered from 
barges. The sand island approach may also be used. The cutting edge is carefully positioned. 
Compressed air is introduced into the working chamber to keep off mud and water. After 
dewatering the working chamber and keeping it dry, workmen descend into the working cham- 
ber through the air-shafts via airlocks. As workmen carry out the excavation in the dry, the 
Caisson gradually sinks. The air pressure is increased to equalise the pressure due to the head 
of water as the sinking goes on. The excavated material is removed by buckets through the air 
shafts. In granular soils, the excavated material can be removed by the blow-out method through 
the blow-out pipe. When the valve in the blow-out pipe is opened, the granular material is 
blown out by high value of air pressure in the working chamber. 

After the caisson has reached the desired depth, the working chamber is filled with 
concrete. The air pressure in the chamber is kept constant till the concrete has hardened. A 
stiff mix of concrete is then packed into the working chamber upto the ‘roof level’. Cement 
grout is used to pack any space left between the concrete and the underside of the roof of the 
working chamber. No space is to be left since it may lead to settlement when the caisson is 
loaded. The shaft tubes are then dismantled, and finally, the shaft itself is filled with lean 
concrete. 


19.6.3 Construction of Floating Caissons 


As indicated earlier, floating caissons are constructed or cast on land, floated to the desired 
location, and sunk to the desired depth in an already excavated space. The sinking will be 
aided by ballast such as sand or gravel. Unlike other types, a floating caisson does not pen- 
etrate the soil, but is made to rest on a levelled surface. This means more of work with regard 
to the preparation of the base. Further, this places limitations on the depth to which it can be 
taken, as also the load-carrying capacity, which is much less compared to that of an open or a 
pneumatic caisson of comparable size. 

A concrete cap is cast at the top to receive the loads from the superstructure. Floating 
caissons are invariably constructed with reinforced concrete, and sometimes with steel. Inter- 
nal strutting and diaphragm walls may be required, especially if it is to be floated in rough 
waters. 


19.7 ILLUSTRATIVE EXAMPLES ON CAISSONS 


Example 19.1: Determine the cross-sectional dimensions of a cylindrical open caisson to be 
sunk through 33 m of sand and water to bed rock if the allowable bearing pressure is 1800 kN/m?. 
The caisson has to support a load of 55 MN from the superstructure. Test the feasibility of 
sinking if the skin friction is 30 kN/m?. Also calculate the necessary thickness of the seal. 


Solution: 
Let D, m be the external diameter of the caisson (Fig. 19.7) and D; m its internal diam- 


eter. D; may be taken as 2e nearly. 
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For equilibrium of the forces in the vertical direction, 
xV =0 
Superstructure load + self weight = Frictional resistance 
+ Buoyancy force + Base reaction 
Hence, assuming y, = 24 kN/m? and y, = 10 kN/m? (approx.), 


55000 + 7D, — D;2)33 x 24 = TD, x 33 x 30 + TD? x33x 10+ TD? x 1800 
DO D, 
Substituting D; = 2° 
(zas x 10 + 1800 - ž x 33 x 24))D," + (mx 33 x 30)D, — 55000 = 0 

or D2 + 2.578D, — 45.59 = 0 


whence D, = 5.585 m 
Let us adopt the external diameter as 6.00 m. 


Feasibility of Sinking 
In order to overcome the skin friction resistance for sinking the caisson, we can determine the 
internal diameter for giving adequate self-weight, from Eq. 19.3. 


1O -= D,?)D.y,. = fnD,,.D) 


7 (6.00? - D;2)33 x 24 = 30(n x 6.00 x 33) 
(36 — D?) = 30 
D2=6 
D, = V6 =2.45m 


Let us take the internal diameter as 2.4 m (rounded off to the lower side to provide 
sufficient weight to overcome skin friction) 


Thickness of the wall = 60728 m 


=1.8 m 


t = 0.59D; -2 
Oe 


Assuming 6, = 3500 kN/m?, 


Thickness of Concrete Seal 
From Eq. 19.4, 


0.59 x 2.4 ar 1.016 
t=0. x 2. 3500 == A m 


A Concrete seal of 1 m thickness may be provided at the base of the caisson. 


Example 19.2: An open caisson, 20 m deep, is of cylindrical shape, with external and internal 
diameters of 9 m and 6 m, respectively. If the water level is 2 m below the top of the caisson, 
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determine the minimum thickness of the seal required. Check for perimeter shear also. 
Assume o, = 2400 kN/m? and y, = 24 kN/m®, for concrete. Allowable perimeter shear stress 
= 650 kN/m?. 
Solution: 
Referring to Fig. 19.8, 
H=20-2=18m 
From Eq. 19.6, 
q = (7,4 - Y8) 
t being the thickness of concrete seal. 
q = (10 x 18 — 24t) 


t = 0.59D, |- 
Oe 


Squaring, t? = (0.59)7(6)? x 


| 


From Eq. 19.4, 


(180 — 24t) 
2400 










Concrete 
seal 








= perre 
[e 6.0m >| 
Fig. 19.7 Open Caisson (Ex. 19.1) 
or t? + 0.125t — 0.940 = 0 
or t=0.91m 


t may be taken as 1 m. 
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Fig. 19.8 Concrete seal for open caisson (Ex. 19.2) 
Check for Perimeter Shear 


T 
Force causing perimeter shear =y, H-t) x 12 


= 10(18 — 1) x 7 x 67KN 


= 4,806.65 kN 
Area taking this force =nx6x1=18.85 m? 
4806.65 
Perimeter shear stress = "4895 ` 255 kN/m2 


Since this is far less than the permissible value of 650 kN/m? the concrete seal of 1 m 

thickness is adequate. 
Example 19.3: A box caisson, 10 m high, is 18 m x 9 m at the base. The weight of the caisson 
is 9 MN and its centre of gravity is 4.2 m above the base. Check whether the Caisson is stable. 
If it is not, suggest how it can be made stable. Assume the unit weight of the water at the site 
is 10.2 kN/m. 

If the base is at a depth of 9 m below the water level after installation, determine the net 
values of maximum and minimum pressures on the soil. The total weight is 45 MN, which acts 
at an eccentricity of 0.15 m. 

Solution: 
Referring to Fig. 19.9, 
Displaced volume of Water, 





9000 
= 3- 3 
V= 102 ™ = 882.35 m 
Depth of immersion during floating, 
9000 
d=-za 30a MW = 545m 


10.2x18x9 
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774 
Ht. of centre of buoyancy, B, above the base 
— 5A 
AB= = = 2.725 m 


AG is given as 4.200 m 
BG = 4.200 — 2.725 = 1.475 m 


== I 
BM (M being the Metacentre) = V 


1 


= —x18x9?x = 
T 1.240 m 





882.35 
AM = AB + BM = 2.725 + 1.240 = 3.965 m 





AG being 4.200 m, M is below G, and the metacentric height MG is negative (the nu- 
merical value of MG is 0.235 m). The caisson is, therefore, unstable. 
The caisson can be made stable by filling it with, say, sand ballast (Assume Yyang 
kN/m°). 
Let us try a thickness of 0.5 m of sand. 
The height of the new centre of gravity, G’, above the base 
A@’ = 9000 x 4.2 + 9 x 18 x 0.5 x 22 x 0.25 
(9000 + 9 x 18 x 0.5 x 22) 
= 3.55 m 


= 22 








|e 9m >| 











Fig. 19.9 Stability of box caisson (Ex. 19.3) 


New depth of i i ge U O ga 
ew depth of immersion, d' = Too x9x18 ~Ê m 


AB =°2 m = 3.263 m 


BM =1/V=(1/1)x18x98x—— l m -=1.035m 
9 x 18 x 6.525 


AM’ = AB’ + B' M’ = 3.263 + 1.035 = 4.298 m 
Since AM’ > AG’, M’ is above G’(M’ G’ = 4.298 — 3.550 = 0.748 m) . Since M’ is above G’, 


the metacentric height M’G’ being positive, the caisson is stable. 
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After Installation 
Upward force on the Caisson 
=9 x 18 x 9 x 10.2 kN = 14, 871.6 kN, 


This is more than the downward force of 10,782 KN; further ballast is required to keep 
the caisson in position. 


The weight of additional ballast = (14872 — 10782) kN 
= 4,090 kN, nearly. 
Additional height of sand required = oY =1.15m 
9x18 x 22 i 


Thus the total height of sand ballast required is 1.65 m. Stability is automatically en- 
sured by the additional weight, which may be verified, if necessary. 
The maximum and minimum pressures may be obtained after installation as follows:- 


x{ =) 
q = —| 1+ — 


_ 45000 (3 6x 0.15 
~ (9x 18) 9 





kN/m? = 305.6 kN/m? 





z 45000 (1- 6x 0.15 
(9 x 18) 9 
Uplift pressure = 10.2 x 9 kN/m? = 91.8 kN/m? 
Net maximum pressure = 305.6 — 91.8 = 213.8 kN/m? 
Net minimum pressure = 250.0 — 91.8 = 158.2 kN/m?. 


) kN/m? = 250 kN/m? 


19.8 WELL FOUNDATIONS 


Well foundations have been used in India for centuries for providing deep foundations below 
water for monuments, bridges, and aqueducts. For example, the famous Taj Mahal at Agra 
stands on well foundations. 

The construction of a well foundation is, in principle, similar to the conventional wells 
sunk for obtaining underground water; in fact, it derives its name owing to this construction 
technique. It is a monolithic and massive foundation and is relatively rigid in its engineering 
behaviour. 

Well foundations are similar to open Caissons referred to in Section 19.3. These are very 
popularly used to support bridge piers and abutments in India as they afford a number advan- 
tages over other types of deep foundations for such large jobs. 


19.8.1 Advantages of Well Foundations 
The following are the advantages of well foundations over other types of deep foundations 
such as pile foundations: 
(i) The effect of scour can be better withstood by a well foundation because of its large 
cross-sectional area and rigidity. 
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(ii) The depth can be decided as the sinking progresses, since the nature of the strata 
can be inspected and tested, if necessary, at any desired stage. Thus, it is possible to 
ensure that it rests upon a suitable bearing stratum of uniform nature and bearing 
power. 

(iii) A well foundation can withstand large lateral loads and moments that occur in the 
case of bridge piers, abutments, tall chimneys, and towers; hence it is preferred to 
support such structures. 

(iv) There is no danger of damage to adjacent structures since sinking of a well does not 
cause any vibrations. 

These advantages are not obtainable in the case of pile foundations, especially for large 

structures. 

Well foundations have been found to be economical for large structures when a suitable 

bearing stratum is available only at large depths. 


19.8.2 Elements of a Well Foundation 


The elements of a well foundation are: (i) Cutting edge (ii) Curb (iii) Concrete seal or Bottom 
Plug (iv) Steining (v) Top Plug, and (vi) Well Cap. 
These shown in the sectional elevation of a typical well foundation of circular cross 


section (Fig. 19.10). 
ANW 
f Pier 3 
R.C.C. slab Well cap 






















D; : Internal diameter 


D, : External diameter 






D : Depth of penetration 






t, : thickness of steining 














Fig. 19.10 Elements of a well foundation 
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(i) Cutting Edge: The function of the cutting edge is to facilitate easy penetration or 
sinking into the soil to the desired depth. As it has to cut through the soil, it should 
be as sharp as possible, and strong enough to resist the high stresses to which it is 
subjected during the sinking process. Hence it usually consists of an angle iron with 
or without an additional plate of structural steel. It is similar to the sharp-edged 
cutting edge of a caisson shown in Fig. 19.2 (a). 

(ii) Steining: The steining forms the bulk of the well foundation and may be constructed 
with brick or stone masonry, or with plain or reinforced concrete occasionally. The 
thickness of the steining is made uniform throughout its depth. It is considered 
desirable to provide vertical reinforcements to take care of the tensile stresses which 
might occur when the well is suspended from top during any stage of sinking. 

(iii) Curb: The well curb is a transition member between the sharp cutting edge and the 
thick steining. It is thus tapering in shape. It is usually made of reinforced concrete 
as it is subjected to severe stresses during the sinking process. 

(iv) Concrete Seal or Bottom Plug: After the well foundation is sunk to the desired depth 
so as to rest on a firm stratum, a thick layer of concrete is provided at the bottom 
inside the well, generally under water. This layer is called the concrete seal or bot- 
tom plug, which serves as the base for the well foundation. This is primarily meant 
to distribute the loads on to a large area of the foundation, and hence may be omit- 
ted when the well is made to rest on hard rock. 

(v) Top Plug: After the well foundation is sunk to the desired depth, the inside of the 
well is filled with sand either partly or fully, and a top layer of concrete is placed. 
This is known as ‘top plug’. 

The sand filling serves to distribute the load more uniformly to the base of the 
well, to reduce the stresses in the steining, and to increase the stiffness of the well 
foundation. However, as this adds to the weight and load transmitted to the founda- 
tion stratum, the engineer has to consider the desirability or otherwise of providing 
the sand filling from the point of view of bearing power and settlement. 

The top plug of concrete serves to transmit the loads to the base in a uniform 
manner. 

(vi) Well Cap: The well cap serves as a bearing pad to the superstructure, which may be 
a pier or an abutment. It distributes the superstructure load onto the well steining 
uniformly. 


Shape 

The plan shape of a well foundation is similar to that of a caisson as given in Fig. 19.1. The 
entire discussion relating to the shape of a caisson (Sec. 19.2.1) applies to the shape of a well 
foundation equally well. 


In addition to the above, the following comments are also pertinent: 

The shape of a well foundation is controlled by soil mechanics aspect and the construction 
aspect, which have conflicting demands, requiring the engineer to arrive at a judicious com- 
promise. From the point of convenience in sinking and skin friction resistance, a circular sec- 
tion is the most ideal one since it has the least surface area for a given cross-sectional area. 
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However, in terms of lateral stability, a square for rectangular section is better. Circular wells 
offer least resistance against tilting, other factors being the same. 


The cross section of a pier is such that its dimension in the direction of flow is 3 to 4 
times that perpendicular to the flow. Therefore, a single circular well foundation becomes 
uneconomical to support large piers in as much as it has to encircle the pier. It also increases 
the obstruction to the flow of water, which is not desirable. In such cases, rectangular, twin- 
circular, twin-hexagonal, twin-octogonal, or double-D section may be used to advantage. 

Twin-circular wells are nothing but two circular wells sunk close to each other to sup- 
port a pier or an abutment. Both the wells are sunk simultaneously. Rectifying any tilt is 
relatively easy, although translation of the wells towards each other cannot be ruled out. 

Double-D wells have more lateral stability than other types. At the corners of the dredge 
holes, easy access will not be there for dredging equipment. 

Dumb-well and rectangular well with multiple dredge holes are two other types, popu- 
larly used for heavy bridge piers and abutments. (Fig. 19.11): 

The choice of plan shape depends upon a number of factors. Sometimes it is a matter of 
practice—for example, twin-circular wells are widely used in South India, while the Double-D 
shape is more popular in North India. 


19.9 DESIGN ASPECTS OF WELL FOUNDATIONS 


The basic principle involved in the design of a well foundation, as in the case of any other 
foundation, is to satisfy the twin requirements of Stability and Deformation criteria. It is 
taken to sufficient depth to ensure adequate factor of safety against the acticipated maximum 
vertical load. In addition, it is necessary to ensure adequate lateral stability under maximum 
scour conditions. The depth of the well foundation below the local scour level is known as its 
‘grip length’. This is chosen in such a way as to ensure safety against overturning moments 
caused by a combination of vertical and lateral loads. 


oor 
HOO 


(a) Dumb-well (b) Rectangular well with multiple 
dredge holes 



































Fig. 19.11 Additional shapes of wells 


The settlement of a well foundation must be within permissible limits. The lateral de- 
formation at deck level due to the tilting of the well caused by lateral loads must be within 
permissible limits; otherwise the superstructure will be affected. If adequate factor of safety 
against overturning is provided, the deformation requirements at deck level are automatically 
taken care of. 
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The area of cross-section of a well foundation is controlled not only by the allowable 
bearing pressure but also by the size requirements of the pier or other superstructure. The 
desired area of cross-section is suitably adjusted to the shape chosen, the detailed discussion of 
which has been given in the previous section. 


19.9.1 Grip Length 


A well foundation should be sunk below the maximum scour depth such that there is adequate 
lateral stability. The depth of the bottom of the well below the maximum scour level is known 
as the ‘Grip Length’. Thus, one of the important factors governing the depth of a well founda- 
tion is the criterion of the minimum grip length necessary to provide adequate lateral stabil- 
ity, besides the other factor of placing the bottom on a stratum with sufficient bearing power. 


For the first criterion, it is necessary to obtain the depth of scour from hydraulic 
consideration. 


The scour depth can be ascertained by one of the following approaches: 


(a) Actual sounding at or near the proposed site immediately after a flood, at any rate 
before there is any time for silting up appreciably. 


(b) Theoretical methods taking into account the characteristics of flow like the direc- 
tion, depth, and velocity, and those of the river bed material. 


In case the first approach of taking soundings is not feasible, the second approach may 
be used and the normal depth of scour may be calculated by Lacey’s formula: 


d = 0.473(Q/f)8 ... (Eq. 19.10) 
where d = normal scour depth, measured below high flood level (m), 
Q = design discharge (m/s), 
and f= Lacey’s silt factor. 
The silt factor may be calculated from the equation 


f=1.76/dn ...(Eq. 19.11) 
where d, = mean size of the particle (mm). 
The regime width of the waterway, w, can be computed as 
w = 4.75Q"? ...(Eq. 19.12) 
If the actual waterway, L, is less than the regime width, the actual scour depth, d’, is 
given by 
d’ = d(w/L)°*1 ... (Eq. 19.13) 
Recommended values of Lacey’s silt factor, f, for particular particle sizes in the ranges 
of coarse silt to boulders are given in the Indian Standard Code of Practice: 
IS:3955-1967-“Indian Standard Code of Practice for Design and Construction of Well 
Foundations”. 
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These values are set out in Table 19.2: 


Table 19.2 Values of Lacey’s silt factor (IS:3955-1967) 








S.No. Type of bed soil Size of particles mm Lacey’s silt factor f 

1 Coarse Silt 0.04 0.35 

2. Fine Sand 0.08 — 0.15 0.50 — 0.68 

3: Medium Sand 0.30 — 0.50 0.96 — 1.24 

4 Coarse Sand 0.7 1.47 
1.0 1.76 
2.0 2.49 

5. Gravel 5 3.89 
10 5.56 
20 7.88 

6. Boulders 50 12.30 
75 15.20 
90 24.30 











Values of maximum scour depth as recommended by IRC (1966)* and IS:3955-1967 are 
given in Table 19.3: 


Table 19.3 Maximum scour depth—[IRC (1966) and IS:3955-1967] 








S.No. River Section Maximum Scour Depth 
1. Straight reach 1.27 d’ 
2; Moderate Bend 1.50 d’ 
3. Severe Bend 1.75 d’ 
4. Right-angled bend or at nose of Pier 2.00 d’ 
5. Upstream nose of guide banks 2.75 d’ 
6. Severe Swirls (IS:3955-1967 only) 2.50 d’ 











*IRC:6-1966 “Standard specifications and code of Practice for Road Bridges”, Sec. H-Loads and 
Stresses, IRC, 1966. 


The grip length for wells of railway bridges is taken as 50% of maximum scour depth, 
generally, while for road bridges 30% of maximum scour depth is considered adequate. The 
base of the well is usually taken to a depth of 2.67 d’ below the HFL. 

According to IS:3955-1967, the depth should not be less than 1.33 times the maximum 
scour depth. The depth of the base of the well below the scour level is kept not less than 2 m for 
piers and abutments with arches, and 1.2 m for piers and abutments supporting other types of 
structures. 


CAISSONS AND WELL FOUNDATIONS 781 





If inerodible stratum like rock is available at a shallow elevation, the foundation may be 
taken into it and securely bonded, or anchored to it if necessary. 


19.9.2 Forces Acting on Vell Foundations 
The following forces should be considered in the design of a well foundation: 

(1) Dead Loads: The weight of the superstructure and the self-weight of the well foun- 
dation constitute the dead loads. 

(2) Live Loads: The live loads in the case of highway bridges are specified by IRC- 
Standard specifications and code of practice for Road Bridges-Sec. II (1966). Live loads for 
railway bridges are specified in the Indian Railway Bridge Rules (1963) given by Research, 
Design, and Standards Organisation (RDSO), Lucknow of the Ministry of Railways, Govt. of 
India. 

(3) Impact Loads: The live loads cause impact effect and it is considered in the design of 
pier cap and bridge seat on the abutment. Impact effect may be ignored for the elements of the 
well. 

(4) Wing Loads: Wind loads on the live load, superstructure, and the part of substruc- 
ture located above the water level are calculated based on IS:875-1964 “Indian Standard Code 
of Practice for Structural Safety of Buildings-Loading Standards”. Wind Loads act on the ex- 
posed area laterally. 

(5) Water Pressure: Water Pressure is due to the water current acting on the part of the 
substructure between the water level and the maximum scour level. 

The intensity of Water Pressure on piers parallel to the direction of flow is given by 

p =K. v? ...(Eq. 19.14) 
where p = Intensity of Water Pressure (N/m®, 

v = Velocity of the water current (m/s), 
and K =a constant, which depends upon the shape of the well (maximum 788 for square- 

ended piers, and minimum 237 for piers with cut-waters and ease-waters). 
v is taken to be the maximum at the free surface of flow and zero at the deepest scour level, the 


variation being assumed to be linear. The maximum value is taken to be J2 times the average 
value. 

A transverse force of 20% of that parallel to the flow is assumed to allow for occasional 
obliquity of flow. 

(6) Longitudinal Force: Longitudinal force occurs due to tractive and braking forces. 
These are transmitted to the substructure mainly through fixed bearings and through friction 
is movable bearings. According to IRC code, a longitudinal force of uW is taken on the free 
bearing, and the balance on the fixed bearing, where W is the total reaction and u the coeffi- 
cient of friction. 

(7) Earth Pressure: The earth pressure is calculated based on one of the classical earth 
pressure theories of Rankine and Coulomb. Passive earth resistance of the soil is taken into 
account for the stability of foundations below the scour level. The effect of the live load on the 
abutment on the earth pressure is considered by taking an equivalent height of surcharge. 
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(8) Centrifugal Force: A centrifugal force is taken to be transmitted through the bear- 
ings if the superstructure is curved in plan. 

(9) Buoyancy Force: Buoyancy reduces the effective weight of the well. In masonry or 
concrete steining, 15% of the weight is taken as the buoyancy force to account for the porous- 
ness. 

When the well is founded on coarse sand, full buoyancy equal to the weight of the dis- 
placed volume of water is considered. For semiprevious foundations, appropriate reduction 
may be made based on the location of water table. 


(10) Temperature Stresses: Longitudinal forces are induced owing to temperature 
changes. The movements due to temperature changes are partially restrained in girder bridges 
because of friction. 

(11) Seismic Forces: These are to be considered in Seismic Zones. The force is taken is o 
W, where W is the weight of the component, and œ is the seismic coefficient. The value 
of « depends upon the Zone and is given in IS: 1893-1975 “Indian Standard Criteria of 
Earthquake-Resistant Design of Structures”. Its value ranges from 0.01 to 0.08. The Seismic 
Force acts through the centre of gravity of the component. It may act in any one direction at a 
time. Separate seismic forces are considered along the axis of the pier and transverse to it. 

(12) Resultant Force: The magnitude, direction, and the point of application of all the 
applicable forces are found for the worst possible combination. The resultant can be imagined 
to be replaced by an equivalent vertical force W, and lateral forces, P and Q in the longitudinal 
and transverse directions of the pier, respectively. The action of Q will be more critical in the 
consideration of lateral stability of the well. 


19.9.3 Allowable Bearing Pressure 

For the safety of the foundation, the maximum pressure on the bearing stratum, resulting 
from the worst combination of loads and moments, should be equal to or less than the safe/ 
allowable value. Evaluation of this allowable value is thus of great importance. 

For cohesionless soils the allowable pressure can be estimated by the standard penetra- 
tion value keeping in view the twin criteria of safety against shear failure and settlements. 
IS:3955-1967 recommends the following equation for estimating the allowable pressure, q, of 
a cohesionless soil: 

qa = 54N?B + 160(100 + N?)D ... (Eq. 19.15) 
where q, = allowable soil pressure in N/m?, 

B = Smaller dimension of the cross-section of the well in metres, 

D = Depth of foundation below scour level in metres, 
and WN = Standard Penetration Value of the Cohesionless soil (corrected value). 

For cohesive soils, undisturbed samples have to be obtained to ascertain the shear and 
consolidation characteristics of the soil. The ultimate bearing capacity is determined using 
these shear parameters as for a deep foundation. 

The settlement is computed using the famous consolidation settlement equation based 
on Terzaghi’s Theory of one-dimensional consolidation: 
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<= Hae i Mis (Eq. 7.14) 
(1 + eo) Oo 
where S, = Consolidation settlement (mm), 
C, = compression index of the soil, 


e, = initial void ratio (prior to the application of the stress increment), 


0, = effective vertical stress at the centre of the cohesive stratum prior to the applica- 
tion of the stress increment (kN/m2), 


Ao = increment in the effective vertical stress due to the application of the loads 
(kN/m2), 
and #H,=initial thickness of the cohesive layer (mm). 

If the well foundation rests on a stratum of rock, the crushing strength of rock can be 
obtained by testing rock cores in the laboratory. However, the effect of structural defects like 
faults, fissures, joints, and other discontinuities cannot be easily ascertained. Teng (1962) 
suggests that the allowable pressure of rock should not exceed that of concrete seal. The allow- 
able strength of concrete placed under water is usually taken as 3.5 MN/m?, and since a high 
factor of safety of 10 is desired for rock, the crushing strength of rock should be at least 35 MN/ 
m?. Bowles (1968) recommends the compressive strength values as given in Table 19.4: 


Table 19.4 Compressive strength of rocks (Bowles, 1968) 


Rock Type Compressive Strength, MN/m? 


Granite 70 — 177 
Basalt 177 — 283 
Schist 36 — 106 
Sandstone 18 — 70 
Shale 7 — 36 
Limestone 36 — 106 


Porous limestone 7 — 36 





19.9.4 Design Aspects of the Components of a Well Foundation 


The overall design aspects of the well foundation have been discussed in the preceding subsec- 
tions. Certain design aspects of the individual components of a well foundation will be given in 
this subsection. 


(1) Cutting Edge 

The cutting edge should have a sharp angle for cutting the soil. It should be strong so that it 
does not bend even when boulders are encountered. An angle of 30° with the vertical or a slope 
of one horizontal to two vertical is generally used. A cutting edge with stub-nose may also be 
used if a sharp cutting edge is likely to be damaged (Fig. 19.12). The cutting edge should be 
properly anchored to the curb. 
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(a) Sharp edge (b) Stub-nose 


Fig. 19.12 Different forms of cutting edge 


(2) Curb 


Curbs are generally made of reinforced concrete. When curb cuts the soil during sinking, a 
system of forces acts on it, which is shown in Fig. 19.13. 


Force tangential to the bevel surface, Q, is given by 
Q=u.P ... (Eq. 19.16) 
where P = force acting normal to the bevel surface, 
and w= coefficient of friction between the soil and concrete of the curb. 














Fig. 19.13 Forces on the curb of a well 


Resolving vertically, 
u P sin 0 + P cos 0 = N 
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N 

= (usin 8 + cos@) 

Here N = vertical force on the curb 
0 = angle made by the bevel edge with the horizontal. 
Resolving horizontally, 
P sin 0 — u P cos 0 = H 
where H = horizontal force on the curb. 
H = P(sin 90 — u cos 8) 

Substituting for P, 

N(sinð + u cos0) 

= (usin 8 + cos8) 





D 
Hoop tension, T=Hx T 


spon | e. Lety, (Eq. 19.17) 
usin 8 + cos@ 
D, = centre to centre of steining walls 
Suitable reinforcement should be provided to resist the hoop tension developed. 


Sometimes, sand blow may cause sudden sinking of the well and a consequent spurt in 
hoop tension. To account for such a contingency, the hoop tension reinforcement is increased 
by 50%. 


When the cutting edge is not able to move downward due to the reaction developed at 
the curb and the bottom plug, the conditions will be as shown in Fig. 19.14. 


The hoop tension developed is given by 


D? | D 
T= haa (Eq. 19.18) 


| là 


Pi 


q 


Fig. 19.14 Inverted arch of cutting edge 
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where q = Pressure at the base 
Total weight 
~ Area of Plug 
r = radius of the imaginary inverted arch. For granular soils, the hoop tension is relieved by 
active earth pressure around the curb. The net hoop tension is given by 


Dı [q D? 
T’= Pile Pe (py + pat] ...Eq. 19.19) 


where p, = (1/2) K, y’ D? and p, = (1/2) K, y’ (D — 6)”, b being the height of the curb, and 
D = depth of the curb below scour level. 

At the junction of the curb and steining, a moment M develops due to H, and is given by 

M,=H. 6/2 .. (Eq. 19.20) 

Suitable reinforcement is provided at the inner corner to take care of this moment and 
is anchored into the steining. 

IRC recommends a minimum reinforcement of 720 N/m? in a well curb. The inner slope 
of the curb should not be more than 30° for ordinary soil and 45° for cohesionless soil. 


(3) Concrete Seal or Bottom Plug 


The concrete seal or bottom plug has to be designed for an upward pressure equal to the pore 
pressure at the bottom minus the pressure due to self-weight. It is usually designed as a thick 
plate as already mentioned in sub-section 19.2.5 under caissons. 


Based on the theory of elasticity (theory of plates), the thickness of the bottom plug is 
obtained from the following equation: 
For Circular Wells: 
for simply supported conditions, 
3W(8 + v) 


2 
y 810, 


...(Eq. 19.21) 


where t¢ = thickness of the bottom plug, 
6, = allowable flexural stress for concrete, 
v = Poisson’s ratio for concrete (taken as 0.15), 
W = Total uniformly distributed load on the plug, 
T 
‘<9 
Substituting for W and v, this is expected to lead to Eq. 19.4 for Circular Caissons. 


D;?q where q = uniform pressure acting on the plug) 


For Rectangular Wells: 
for simply supported conditions, 
3qB;” 
~ 4o,(1+ 1.610) 
where B, = width or shorter dimension of the well, 


2 ...(Eq. 19.22) 


B. 
a= z` L; being the longer dimension of the well. 


l 
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This is nothing but Eq. 19.5 for Rectangular Caissons. 


The bottom is made bowl-shaped so as to derive inverted arch-action which reduces 
hoop tension in the curb and also provides larger base area. Since underwater concreting is 
done, no reinforcements are provided. Cement Concrete, 1:2:4 mix, is used by the Tremie 
Method, and the whole plug is laid in one continuous operation. About 10% extra cement is 
added to compensate for the washing away of it in water. If the well is to be founded on rock, 
the plug may be omitted; but the well should be properly anchored by taking it 0.25 to 0.30 m 
deep into the rock bed, and providing adequate dowel bars. 


(4) Steining 
The thickness of the well steining should be designed in such a way that it is adequate for the 
stresses developed during sinking and after installation. 

If possible, the thickness should be designed to give adequate self-weight for the well to 
avoid the use of additional weight of kentledge for sinking. With this premise, the thickness of 
steining for a circular well may be got as follows: 

Let the external diameter of the well be D, and the thickness of the steining be ¢.. 

Let the depth of penetration be D. 

Self-weight of the Well = x (D, - t,). t,. D. Y% 
where y, = Unit weight of the material of the well. 

Skin friction resistance = 7. D, D. f, 

f, being the unit skin friction. 

The self-weight should be at least equal to the skin friction resistance for the well to 

sink without kentledge. 





5 mD, — t,).t,.D.y, = II-D,D.f, .. (Eq. 19.23) 
This leads to the following quadratic in t,: 
D,. 
paperek =6 
Ve 
D 4f, 
t = —|1-_1 s ...(Eq. 19.24 
ý 9 Dene | en 


rejecting the positive sign, since ¢, cannot be greater than 2e, (For the solution to be real, 


ate should be less than unity. Or D, > e In other words, the external diameter should be 
efe Ye 


chosen to satisfy this condition.) 
If a kentledge of weight W, is available, Eq. 19.23 gets modified as follows: 
TD, — t,).t,.D.y, = 1.D,.D.f, + W, ...(Eq. 19.25) 
If, in addition, the well got suspended at a height h above the base, the above equation 
gets further modified as 
mD, — t,).t,.D.y, = 1.D(D — h)f, + W, ... (Eq. 19.26) 


788 GEOTECHNICAL ENGINEERING 





An inspection of Eq. 19.24 will reveal that, for a given value of skin friction, the thick- 
ness of steining required appears to decrease with increasing value of the diameter of the well. 
This is, however, contrary to the conventional practice or providing greater thickness of steining 
with increasing diameter of the well, as given in Table 19.5. 


Table 19.5 Thickness of Steining for Different Diameters of Well 


External Diameter m Thickness of Steining m 





Empirically, steining thickness is taken as one-fourth the external diameter for railway 
bridge, and one-eighth for road-bridges. 


A thumb rule commonly used for the thickness of the Steining is 


D H 
t= | A + z ...(Eq. 19.27) 


where D, = External diameter of well, 
H = Depth below low water level, 
and K= a constant (1 for sandy soils, 1.1 for soft clay, and 1.25 for hard clay and boulders). 
The design of Steining reinforcement depends upon the skin friction and the unit weight 
of the material of the well. It is usual practice to provide reinforcements of about 50 to 60 N/m? 
of the Steining. About 75% of the reinforcement is in the form of vertical reinforcement, and 
25% in the form of laterals or hoop rings. The Vertical reinforcement is spread near both the 
inner and outer faces. The lateral reinforcement should be checked for the moment developed 
due to eccentric kentledge and half the weight of the well at an eccentricity of one-fourth the 
width of the well in any direction. This condition is generally critical when the well has sunk to 
about the half the designed depth. 


(5) Top Plug 
The function of the top plug is to transmit the load of the superstructure to the steining. If well 
cap is provided, there is no need to provide the top plug. However, it is generally provided as 
an extra precaution. Offsets are provided at the top of the steining to provide bearing to the 
plug. Cement concrete, 1:2:4 mix, is commonly used for the top plug. 

Between the bottom plug and the top plug, sand filling is usually provided. This will 
enhance the stability of the well. Sand filling does not contribute to the structural strength of 
the well. 


(6) Well Cap 


The bottom of the cap is generally kept at low water level. It is designed as a slab resting on the 
well. The well cap may be extended by cantilever action to accommodate piers of slightly larger 
size. 
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If the width of the pier is greater than the size of the dredge hole, it is assumed that the 
weight of a cone of concrete having an apex angle of 60° is carried by the slab, and the remain- 
ing load is transmitted to the steining. 


The well cap should be provided with a minimum reinforcement of 0.8 kN/mê. 


*19.10 LATERAL STABILITY OF WELL FOUNDATIONS 


It is generally assumed that the well tends to rotate about the base due to lateral forces. This 
is opposed by the resisting moment offered by the soil around the well and at the bottom. 

The minimum grip length of a well foundation has been evaluated earlier from hydrau- 
lic consideration. If the total resisting moment from both the sources of soil around the well 
and that at the base exceeds the overturning moment caused by the external loads, the well is 
considered to be safe with respect to lateral stability and deformation considerations. Other- 
wise, the grip length obtained by hydraulic considerations is increased such that this criterion 
is satisfied with a reasonable margin of safety. No separate analysis is made for lateral defor- 
mation in current practice. 

For an analysis of lateral stability of a well foundation, one must have an idea about (i) 
the position of the axis of rotation of the well, (ii) the pattern of mobilisation of lateral earth 
pressure, and (iii) the loads coming on to the well foundation. The third aspect is a relatively 
easy one, while the first and second are interrelated and are more complex in nature. There is 
difference of opinion among academicians, researchers, and engineers regarding the position 
of the axis of rotation of the well subjected to lateral forces. 

Many hypotheses have been propounded with regard to the mobilisation of earth pres- 
sure against a well foundation subjected to lateral loads, at the point of incipient failure. Most 
of these assume the soil involved to be cohesionless and a few have been extended to cohesive 
soils as well. 

The following are some of these approaches: 

1. Pender‘s Hypothesis (Pender, 1947) 
. Banerjee and Gangopadhyay’s Analysis (Banerjee and Gangopadhyay, 1960) 
. Satish Varma’s approach (Satish Varma, 1966) 
. Balwant Rao and Muthuswamy’s analysis (Balwant Rao and Muthuswamy, 1963) 
. Murthy and Kapur’s analysis (Murthy and Kapur, 1969) 
. Chowdhury’s analysis (Chowdhury, 1967) 
. Sankaran and Muthukrishnaiah’s Hypothesis (Sankaran and Muthukrishnaiah, 
1969) 
8. Terzaghi’s method (Terzaghi, 1943) 
9. I.R.C. Method (I.R.C., 1972) 
10. Lazard’s Hypothesis (Lazard, 1957) 


Methods 3 and 4 may be adapted for cohesive soils also, while method 10 is applicable 
only for cohesive soils. All the other methods are applicable only for cohesionless soils. 


Noa fF WwW WY 


Most of these approaches involve two-dimensional analysis of an essentially three- 
dimensional problem; each has its own merits as well as demerits. 
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The last three are the more important ones from the point of view of application. Of 
course, the I.R.C. Method is based on the experimental investigations of a number of research 
workers in the field and observed behaviour of models of well foundations. While Terzaghi’s 
approach is the earliest and the simplest, Lazard’s method is one of the few approaches appli- 
cable to cohesive soils. 

In view of these comments, the last three alone are considered herein. 


19.10.1 Terzaghi’s Analysis 
Terzaghi’s (Terzaghi, 1943) solution for free rigid bulkheads may be used for the approximate 
analysis of a well foundation. When a rigid bulkhead embedded in sand moves parallel to its 
original position, the sand on the front side and rear side are respectively transformed into 
passive and active states. Assuming that both the active pressure and the passive resistance 
are fully mobilised, the net pressure at any depth z below the ground surface is given by 
p = eK, — K,) 

A free rigid bulkhead depends for its stability solely on the lateral resistance. 

Let @ nax be the horizontal force per unit length acting on the structure of total height 
H, (Fig. 19.15). The pressure distribution on both sides of the bulkhead at incipient failure 
may be represented as shown. The bulkhead rotates about the point 0 at a height of D, above 
the base. As the soil around the well is usually submerged, the submerged unit weight is used. 


m> "max 





Scour line 











E B 
k— YDK, —K,) ——>}e— YDK -K) ——>| 


Fig. 19.15 Terzaghi’s analysis (as for a free rigid bulkhead) 


Considering unit length, and applying =H = 0, 
= Area ABC — Area FEC 


iy 15, 
= 3! D”(K, “Eaa 2 DXK, —K,).D, 


r 
q max 
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1 
= 51 DK, - K,XD -2D)) (Eq. 19.28) 


(Note: For convenience, the height to F is also taken as D, nearly) 
Taking moments about the base, 


l, D 1 —, D? 
madi = ZY DK, ~ Ky) — 521 DKE, - Ka 


Substituting for q’,,,,, from Eq. 19.27, 








1 1 D 1 D? 

>Y D(K, - K,XD-2D,).H, = =y D”(K, - K,)—- —Qy' DXK, - K) = 

2 2 3 2 3 

D? 2D? 
or (D-2D)H, = 3-3 
or D,?-3D,H, + (1.5DH, - 0.5D?) = 0 (Eq. 19.29) 
Solving for D,, 
2D, = 3H, + \(3H,)? - 2D(3H, - D) (Eq. 19.30) 





ia D, = rie + [PHÊ -2D6H, - D) | 


1 
The positive sign yields a value for D, greater than D, which is ridiculous. 
Hence, rejecting the positive sign, 


D= fam, - /9H,? -2D3H, - D) | aB 


Substituting this value in Eq. 19.28, q’ nay can be computed. For K ò and K,, Rankine 
values can be used. (It is interesting to note that K, and K, do not appear in the Eqs. 19.30 
and 19.31). 

In this simplified analysis, the moments due to side friction and base reaction are ne- 
glected; the error is on the safe side, since this results in the under estimating of the stabilising 
forces. 


Heavy Wells 


Wells are in general, heavy compared to bulkheads, with low ratios of length to lateral dimen- 
sion. A heavy well is expected to rotate about its base, as observed in model experiments by 
several investigators; the force per unit length may be obtained by taking moments about the 
base (Fig. 19.16). 





, 2 D: 
madly = (U2) (K, -K )D? x = 
3 


D 
= (1/6) (K, -K ) 7r ...(Eq. 19.32 
or (6WK, -K) F, (Eq. 19.32) 


Qni 
Effect of Surcharge 

The effect of surcharge due to the weight of soil above the scour line can be considered in 
the analysis. The soil below the maximum scour line is subjected to a surcharge Z of the 
unscoured soil (Fig. 19.17). The height Z may be taken as half the normal depth of scour 
in case it is not possible to ascertain it by actual measurement. 
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Fig. 19.16 Heavy well 


The pressure distribution is shown 
equal to y’ (K,- K) D +2). 


-p max 


H; 








in the figure. The maximum pressure at the base is 





Unscoured bed 
Zz 


Scour level 


4, N SS N 


N 
\ Assumed 
N pressure 


A distribution 





l 
y'(D + z)(K, — Ka) 


Fig. 19.17 Effect of surcharge on wells 


In this case q’,,,, 18 given by 
dmax 


Safe Value of Lateral Force 


= (1/6 (K, - K,). 


D?(D +z) 
A, 





(Eq. 19.33) 


For providing a margin of safety, the desired factor of safety has to be applied to the passive 
earth resistance; it amounts to saying that the coefficient of mobilised passive earth resist- 
ance, K’, is obtained by dividing the coefficient of passive earth resistance, K, by the factor of 


safety, F.S. 
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K 
Ke 

P F.S. 
In view of this, equations 19.28, 19.32, and 19.33 get modified with K b in place of K 5 


Total Safe Lateral Load on a Well 

Since equations 19.28, 19.32, and 19.33 for q’ max give only the lateral load per unit length of 
the well, this value should be multiplied by the length of the well, L, parallel to the water flow 
in order to obtain the total lateral load on the well. Since the bulkhead equations are derived 
based on the assumption that the length is very much larger than the width, in practice, the 
error is considered to be not appreciable if the wells are rectangular in shape. A multiplying 
factor, less than unity, called the ‘Shape Factor’, has to be applied for circular wells. This 





factor is taken to be T 


However, the shape factor for circular wells with a diameter larger than 4.5 m, is taken 
to be unity, as for rectangular wells. The safe lateral load, Q, for the well would be got by 
applying K,,’ in place of K, in the relevant equation for q naw and multiplying by the length and 
the shape factor as applicable. 


Base Pressures 
If @ is the actual applied transverse (horizontal) load and Q, is the allowable equivalent resist- 
ing force, the unbalanced force (Q — Q,) acting at a height H above the scour level would 
produce an overturning moment M, about the base. 

M; = (Q-Q,) H +D) 


The maximum and minimum pressures at the base will then be 


W M 
F ...(Eq. 19.34 (a)) 
max A, Z, 
W M 
ana Tmin = A; -z (Eq. 19.34 (b)) 


where W = net vertical load on the base of the well, after making allowance for buoyancy and 
skin friction, 

A,= Area of the base of the well, 
and Z,= Section modulus of the base cross-section of the well. 

The maximum pressure should not exceed the allowable soil pressure. The minimum 
pressure should not be negative, that is to say, it should not be tensile. It is the general prac- 
tice not to give any relief due to skin friction while calculating the maximum pressure at the 
base in clays, but to consider it for calculating the minimum pressure, so that the worst condi- 
tions are taken into account in either case. 


Maximum Moment in Steining 
The maximum moment in the steining occurs at the point of zero shear. Referring to Fig. 19.15, 
the depth x to the point of zero shear, S, is such that the applied force and force due to the 
mobilised earth pressure balance each other. With a factor of safety n, K,’ = K,/n. 

[1/2y K; - K) xX-L]=Q 
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1/2 
or = eto ... (Eq. 19.35) 
yh, - Ka) L 
Taking moments about S, 
M nax = QH + x) — (Force due to pressure).x/3 
Taking the force due to pressure as being equal to Q, 
M aax = QH + x) - Q3) 
or M nax = Q-H + (2/3)Q.% ... (Eq. 19.36) 
If the well rests on rock or on unyielding stratum, no rotation need be expected, and the 
moment developed is transmitted to the foundation bed, which withstands it. 


19.10.2 I.R.C. Method 


Indian Roads Congress (I.R.C.) gives a procedure (IRC: 45-1970) for estimating the resistance 
of the sand below the maximum scour level in connection with the lateral stability of a well 
foundation. Their recommendations are based on extensive experimental investigations on 
well foundation models carried out be several research workers. Elastic theory is permitted to 
be used to determine the earth pressure at the side and soil reaction at the base, caused by 
design loads. However, the ultimate soil resistance is to be computed for estimating the factor 
of safety against shear failure. 

The following assumptions are made in the elastic theory: 

(i) The well behaves like a rigid body. 

(ii) The coefficient of horizontal subgrade reaction increases linearly with depth. 

(iii) Unit soil reaction increases linearly with the lateral deflection. 

(iv) The well is acted upon by an external horizontal force and a moment at the scour 

level. 


Pressure Distribution on Sides 
Figure 19.18 (a) shows a rigid well with its base at a depth D below the scour level. The well 
may rotate about a point above the base, at the base, or below the base. If the centre of rotation 
lies above the base, the latter moves towards the former, and hence, the frictional force at the 
base acts in the direction of the horizontal forces, H. However, if the centre of rotation lies 
below the base, it will be in the direction opposite to that of H. 
In general, the frictional force F is given by 
F = B.u.W ...(Eq. 19.37) 
where u = coefficient of friction, 
W = total load, 
and = a factor which lies between —1 and +1, depending upon the location of the centre of 
rotation. 
If the well rotates about a point C [Fig. 19.18 (6)], the lateral deflection at any depth z is 
given by 
Py = (D-z)0 ... (Eq. 19.38) 
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Fig. 19.18 I.R.C. Method—key figure 


The horizontal soil reaction at that level is given by 


o, = Ky. 4 (D-2) 


or o, =m. Kon ~2)0 (Eq. 19.39) 


K 
where m = —. 


v 


Total horizontal soil reaction P, acting on the sides is given by 


Pe [tod 


D 
= J imk, (z / DXD - 2)0.dz 





_m.K,.L.6{ D? 
= D 6 
2mK 0 
or = r I, (Eq. 19.40) 


LD? 
where I, = 2° the second moment of the area about the axis passing through the centroid 


of the vertical projected area. 
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The moment of P about the base, M » 18 given by 


D 
M, = [to - 2)dz 


D 
= | L.m.K,(z/ DD - z)?.0.dz 
or M, =m.K,9. I, ... (Eq. 19.41) 


Pressure Distribution at the Base 
The vertical deflection at a distance (x + x,) from the centre of rotation is given by 
=(x+x,). 0 
Vertical soil reaction, 6, = K(x + x,)0 


B/2 
Moment about the base, M, = J oe K „(x+ x,)0.x*.dA 


B/2 B/2 
= Ke | xdA +K | x,x.dA 
-B/2 -B/2 
Since the reference axis passes through the centroid of the base second term vanishes. 
; M, = K,,.9. Ip ... (Eq. 19.42) 
ee I, = Second moment of area of the base about an axis passing through the centroid and 
perpendicular to the horizontal force, H. 
Applying 
x Horizontal forces = 0 for static equilibrium, 
H + Bu.W — Buy’P = P 


or P(1 + Buu’) = H + BuW 
(H + Buw) 
or P= af) Bun’) ... (Eq. 19.43) 


Taking moments of all the forces about the base, 
M, + HD =M,+M,+ u’P(oD) 
where aD is the distance from the axis passing through the centroid of the base to the point at 
which the resultant vertical frictional force on the side acts normal to the direction of the 
horizontal force (= B/2 for rectangular wells and 0.318 B for circular wells). 


The above equation may be written as follows: 








M, + HD = K ol + mK,9.1,+woD ene te) 
or M,+ HD = K Sl, + mI,(1 + 2u’a)] ... (Eq. 19.44) 
M,+HD 
or A> FLAN 
or K9 =y ai ora ..(Eq. 19.45) 
or K 9 = M/I ...Eq. 19.46) 
where M = M, + HD 


and T=I,+ ml, (1+ 2u’a) ...(Eq. 19.47) 
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From equations 19.40 and 19.43, 
_ (H +BuW) _ 2mK,9.1, 
~ (1+ Buy’) D 
Using Eq. 19.46, 
2mI 
P= MD) =M Ir (Eq. 19.48) 
I 
where r = (D/2)——_ 
m.I, 
M , 
Also H + BuW = oe Buy’) 
Simplifying, 
H + Buw = M + MBup’ 
r r 
or p(uw - Mun) -My 
r r 
M/r)-H 
or p= K a ...(Eq. 19.49) 
juw -— — | 
As -— 1< ß< 1, we have 
M M 
(Zas uu’) — uw) <H< (*a- up’) + AW | 
The vertical soil reaction is given by 
o, = K,0(x +x.) 
Also W-wP = fo.dA=K,0 f(x+x,)dA 
or W-wP=K,0xA 
W-wP 
or K 8x, = Toen 
W-wP 
o, = K,Ox+ Wen?) (Eq. 19.50) 


A 
The stresses at the toe and the heel are given by 


p= wee?) KAS 














t A 2 
(W-w P) B 
Ph = A Kaf 2 ) 
Substituting the value of K, 9 from Eq. 19.45, 
_(W-WP) MB 
ME OOA 21 
_(W-w'P) MB 
Pao A aI 


.. (Eq. 19.51 (a)) 


(Eq. 19.51 (6) 


.. (Eq. 19.52 (a)) 


(Eq. 19.52 (b)) 


For the soil to remain in the elastic state, the maximum pressure at any depth should 
not exceed the passive resistance. 
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ő SP, 
or mk, =\D -Z> y(K,-K,).z 


mK ,0(D - z) 
D 
mK,0 < (K, — K,) 


At z = 0, the term is a maximum. 


M 
or m- SYE, — Ky) 
This condition should be satisfied. Also the maximum pressure at the base, p,, should 


not exceed the allowable soil pressure. The minimum pressure, p,, should not be negative, so 
as to avoid tension. 


Ultimate Soil Resistance 


The frictional force mobilised along the surface of rupture can be determined assuming the 
surface to be cylindrical (Fig. 19.19). For circular wells, the surface of rupture is assumed to be 
part of a sphere with its centre at the point of rotation and passing through the periphery of 
the base. 

If W,, is the total vertical load multiplied by a suitable load factor, the load per unit 
width is W,/B. It will be also equal to the upward pressure for a rectangular base. 


Let us consider a small arc of length R.d. o at an angle a from the vertical axis. 
Vertical force on the element = R.d. a. cos æ (W,/B) 
Normal force developed on the element 


dF = (Th Rao. cos a) 


oW, j 
F,= 2| Roos a.da 


= mus [6 + sin 8. cos 6] 











Fig. 19.19 Ultimate soil resistance for a well (IRC) 


B 
= tan | — 
where 9 = tan ( =), 
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2 272 
and R= ca +(nD)? = 3 [1+ > 


The above equation for F , may be written as 

















2n2 
F = Wu 1+ a n [tan a + | 
m 2 B 2nD 2R 
W, 4n? D? ıı B 2nBD 
= —+ 1+ tan + ...(Eq. 19. 
or F, 2 B2 í nD (B? +4n?2D?) ( q 9 53) 


The moment of resistance of the base about the point of rotation, M,, is 
M, = R(F,, tan 6) ... (Eq. 19.54) 
For circular wells, the right hand side of Eq. 19.54 is multiplied by a shape factor of 0.6. 


Assuming the point of rotation to be at a height of 0.2 D above the base, the moment of 
resistance about the base is 


M, = C.W.B.tan ọ ... (Eq. 19.55) 
where B = Width parallel to the direction of forces or the diameter for circular wells, 
o = angle of shearing resistance of the soil, 
and C =A Coefficient (given in Table 19.6). 


Table 19.6 Value of coefficient c in Eq. 19.55 














D/B 0.5 1.0 1.5 2.0 2.5 
Rectangular 0.41 0.45 0.50 0.56 0.64 
Well 

Circular 0.25 0.27 0.30 0.34 0.38 
Well 








Resisting Moment from Sides 


Figure 19.20 shows the ultimate soil pressure distribution at the front and back faces of the 
well on its sides. 














Fig. 19.20 Pressure distribution at the sides of a well (IRC) 
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Taking the centre of rotation to be at a height of 0.2 D above the base, it can be shown 
that 


D, = D/3 from similar triangles. 
Taking moments about O, 
M; = 0.096D*[yD{K, - K,)] 
or M; = 0.1yD*(K, — K,) nearly. 
If submerged unit weight is taken, 
M; = 0.1y'D*(K, - K,) 
For a Well of length L, 
M, = 0.1y DAS -K -L ...(Eq. 19.56) 
Resisting Moment from front and back faces 


The frictional forces on the faces act in the vertical direction and produce a resisting 
moment M, given by 


M,= Hyp, —K,)sinb 


For a rectangular well of length L, 


M.= [F ro, — K,)sind [B/2). 


f 
or M,= 0.183 y(K, — K LBD? sin ô ...(Eq. 19.57) 
For Circular Wells, 
M,= 0.11 y’ (K, - K,)B?D? sin ô ... (Eq. 19.58) 
with a shape factor of 0.6. 
Total Resisting Moment 
M,=M,+M,+M, .. (Eq. 19.59) 
IRC: 45-1970 recommends a reduction factor of 0.7 in the total resisting moment of the soil. 
Thus M, = 0.7(M, +M, +M) ... (Eq. 19.60) 
The applied moment, M, should be less than M,. 
Thus M< 0.7(M, + M, + M) 


In this is not satisfied, the grip length has to be increased and the computations re- 
peated, until this is satisfied. In the computation of applied moments, the moments due to tilt 
and shift of the well, if any, should also be considered. 


Check for Maximum Pressure 

The maximum average pressure should not exceed half the ultimate bearing capacity 
WIA <q,/2 

where q, = Ultimate bearing capacity of the soil. 


19.10.3 Lazard’s Hypothesis 


Lazard (1957) analysed the stability of foundation for transmission towers in c-@ soils, the 
depth of foundation being 1 to 3 m and the diameter (or width) being 0.55 to 1.00 m. The 
foundation is laid by first drilling a hole in the soil and filling the hole with concrete. Thus this 





CAISSONS AND WELL FOUNDATIONS 801 





differs from the well foundation in the method of construction. Lazard gives empirical rela- 
tionships for the limiting overturning moment, QH. 








( QA) imi: = K(27.45) My”? ... (Eq. 19.61) 
Here My = (1—€,) (K,"eN, + K,"ybD?) 
In this 
0.175 
” — 0.5136 — —————_ 
= (0.54 +b/e) 
K” =| 28- aa a | (1+ 0.45 ¢ /8) 
68.5 + 3.375 r 
10ybe a 
where Q = Horizontal force applied at a height H above the ground surface 


(QF); ni, = limiting or peak value of overturning moment 


K = Coefficient to take into account the configuration of the terrain, the direction 
of applied pull, and the depth of embedment. It is taken as unity for flat 


terrain and the direction of pull towards the fields (Values of K are given in 
Table 19.7) 


(l-e p) = Correction factor for overburden 


p^? D^? 3 
= 3.44| 1+ -2.44 41+ 
(a) ype) 
Here D’ = depth of surface layer of terrain which has no cohesion and is dry. 
D = depth of foundation 
e = dimension parallel to the applied pull 


b = dimension perpendicular to the applied pull 
a = smaller of the two dimensions e and b 








[Note: For cylindrical foundation with circular base of diameter 2R, a = b =e = 0.8 (2R)] 
y = unit weight of soil 


N, = total vertical load (weight of foundation, pole, fittings, etc.,) 


Table 19.7 Values of K (Lazard’s approach) 














Configuration of Terrain Direction of Pull 
Towards Along the Railway Line 
the 
field i>2m i<2m 
Embankment 0.85 0.95 1.50 
Grade 1.00 1.30 2.00 
Cutting 1.50 1.80 > 2.00 








Fig. 19.21 is the Key figure for Lazard’s approach. 
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Lazard conducted lots of tests and compared the results with the values obtained from 
equation 19.61; he claims that the correlation is satisfactory for all types of soils except for 
boulder deposits. 

Lazard proposed an alternate empirical expression for evaluating the limiting over- 
turning moment: 








p(2R)* HD,’ 








QD mit = Faa (10,000) Eq. 19.62) 
10* x6} 4 p- 2 
(*2R or L or B) 
where p = maximum pressure acting at depth D” from the ground surface 

D;=D-D” 

D’ 
”= +0.15 
p 2 


2R, L, B, D, D,, D’, D” are all expressed in metres. Then (QH);imņi will be got in the 
appropriate units such as kN.m. 


The correlation claimed by Lazard was based on tests of short duration; it was shown 
that the values from those of longer duration were 75 to 95% of the values from short term 
tests. He found that lateral friction in negligible. It could be inferred from Lazard’s data that 
the axis of rotation of the well lies well above the base at incipient failure. 


19.11 CONSTRUCTION ASPECTS OF WELL FOUNDATIONS 


Well Foundations may be constructed on a dry bed or after making a sand island. If the depth 
of water is large and the velocity is also high, wells can be fabricated on the banks of the river 
and floated to the final position and grounded. Alternatively, it may be constructed in lifts, 
each lift being carefully sunk to reach the final position. Once the well has touched the desired 
stratum, sand bags are deposited around it to prevent scour. A well may sink into the soil 0.3 
to 0.6 m due to its own weight. Excavation through dredge holes, in addition to adding kentledge, 
may be carried out to aid the sinking process. Water jets may be used on the exterior surface of 
the well to reduce skin friction and help in the sinking operation. 
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Great care must be exercised to sink a well foundation vertically in order to avoid eccen- 
tricity of vertical loading. However much care is bestowed, it is common that some little tilt 
and shift from the intended position occur. These are to be observed carefully at every stage of 
sinking, and remedial measures adopted to rectify tilts and shifts. In this process, a small 
degree of eccentricity in the loading, unintended though, is bound to occur. This should also be 
borne in mind both in the analysis and construction of the superstructure. 


19.11.1 Sinking of Wells 


The operation sinking of a well consists of the following steps: 


(1) Construction of the Well Curb 


If the river bed is dry, the cutting edge over which the well curb is to be built is placed at the 
correct position after excavating the bed for about 150 mm for seating. If there is water, with 
a depth upto 5 m, a sand island is created before placing the curb. The size of the island should 
be large enough to accommodate the well with adequate working space all round (Fig. 19.22). 
In case the depth of water is more than 5 m, it is more economical to build the curb on the bank 
and float it to the site. 














Fig. 19.22 Sand island for sinking a well 


Wooden sleepers are usually inserted below the cutting edge at regular intervals to 
distribute the load evenly on the soil. The shuttering of the well curb is erected—the outer one 
with steel or wood and inner with brick masonry. The reinforcements for the curb are then 
placed in position, the vertical bars projecting about 2 m above the top of the curb. Concreting 
of the curb is done in continuous operation. After the curb is cured and allowed to cure for at 
least seven days, the shuttering may be removed as also the sleepers. 


(2) Construction of Well Steining 

The Steining is constructed with a height of 1.5 m at a time and sinking done after allowing at 
least 24 hours for setting. Once the well has acquired a grip of about 6 m into the ground, the 
steining can be raised 3 m at a time. The height of any lift is restricted such that the well does 
not lose stability. 


(3) Sinking Process 


The sinking process is commenced after the curb is cast and the first stage of steining is ready 
after curing. The material is excavated from inside manually or mechanically. Manual dredging 
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is feasible when the depth of water inside the well is not more than 1 m. An automatic grab 
operated by diesel winches is used when the depth of water is more. Blasting with explosives 
is used when weak rock is encountered. 

Additional loading, known as ‘Kentledge’ is used, if necessary. Kentledge is generally in 
the form of sand bags placed on a suitable platform on top of the well. Water jetting on the 
exterior face is applied in conjunction with kentledge. Pumping water from inside the well is 
also effective in sinking a well. But this should be resorted to only when the well has gone 
sufficiently deep into the ground, so as to avoid tilts and shifts. Also dewatering is not used 
after the well has sunk to about 10 m. ‘Blow of sand’ may occur if dewatering is resorted to in 
the early stage of sinking, inducing sudden tilting, and posing hazards to the workmen. Scrap 
gunny bags and grass boundles are placed round the periphery of the well to prevent sand 
blow. 


19.11.2 Shifts and Tilts 

The well should be sunk straight and vertical at the correct position. It is not an easy task to 
achieve this objective in the field. Sometimes the well tilts onto one side or it shifts away from 
the desired position. 

The following precautions may be taken to avoid tilts and shifts: 

(i) The outer surface of the well curb and steining should be smooth. 

(ii) The curb diameter should be kept 40 to 80 mm larger than the outer diameter of the 
steining, and the well should be symmetrically placed. 

(iii) The cutting edge should be uniformly thick and sharp. 

(iv) Dredging should be done uniformly on all sides and in all the pockets. 

Tilts and shifts must be carefully noted and recorded. Correct measurement of tilt is an 
important observation in well sinking. It is difficult to specify permissible values for tilts and 
shifts. IS:3955-1967 recommends that tilt should be generally limited to 1 in 60. The shift 
should be restricted to one percent of the depth sunk. In case these limits are exceeded, suit- 
able remedial measures are to be taken for rectification. 


19.11.3 Remedial Measures for Rectification of Tilts and Shifts 
The following remedial measures may be taken to rectify tilts and shifts: 

(1) Regulation of Excavation: The higher side is grabbed more be regulating the dredg- 
ing. In the initial stages this may be all right. Otherwise, the well may be dewatered if possi- 
ble, and open excavation may be carried out on the higher side [Fig. 19.23 (a)l. 

(2) Eccentric Loading: Eccentric placing of the kentledge may be resorted to provide 
greater sinking effort on the higher side. If necessary a platform with greater projection on the 
higher side may be constructed and used for this purpose. As the depth of sinking increases, 
heavier kentledge with greater eccentricity would be required to rectify tilt [Fig. 19.23 (b)]. 

(3) Water Jetting: If water jets are applied on the outer face of the well on the higher 
side, the friction is reduced on that side, and the tilt may get rectified [Fig. 19.23 (c)]. 

(4) Excavation under the Cutting Edge: If hard clay is encountered, open excavation is 
done under the cutting edge, if dewatering is possible; if not, divers may be employed to loosen 
the strata. 
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(a) Excavation on (b) Using eccentric (c) Water or air jetting 


higher side kentledge on higher side 






(d) Pulling from (e) Strutting the well 


higher side , from lower side 
Hydraulic 





Vertical: 








(f) Pushing the well with jacks 
Fig. 19.23 Remedial measures for correction of tilt of wells 


(5) Insertion of Wood Sleeper under the Cutting Edge: Wood sleepers may be inserted 
temporarily below the cutting edge on the lower side to avoid further tilt. 

(6) Pulling the Well: In the early stages of sinking, pulling the well to the higher side by 
placing one or more steel ropes round the well, with vertical sleepers packed in between to 
distribute pressure over larger areas of well steining, is effective [Fig. 19.23 (d)]. 

(7) Strutting the Well: The well is strutted on its tilted side with suitable logs of wood to 
prevent further tilt. The well steining is provided with sleepers to distribute the load from the 
strut. The other end of the logs rest against a firm base having driven piles [Fig. 19.23 (e)]. 

(8) Pushing the Well with Jacks: Tilt can be rectified by pushing the well by suitably 
arranging mechanical or hydraulic jacks. 

In actual practice, a combination of two or more of these approaches may be applied 
successfully [Fig. 19.23 (fl. 


19.12 ILLUSTRATIVE EXAMPLES ON WELL FOUNDATIONS 


Example 19.4: A cylindrical well of external diameter 6 m and internal diameter 4 m is sunk 
to a depth 16 m below the maximum scour level in a sand deposit. The well is subjected to a 
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horizontal force of 1000 KN acting at a height of 8 m above the scour level. Determine the total 
allowable equivalent resisting force due to earth pressure, assuming that (a) the well rotates 
about a point above the base, and (b) the well rotates about the base. Assume y’ = 10 kN/m°, 
o = 30°, and factor of safety against passive resistance = 2. Use Terzaghi’s Approach: 
D=16m H=8m o = 30° 
(1-sin80°) 1 


a™ (1+sin30°) 3 
K = itsmed )_3 
P (1-sin30°) 
Total height above base + H, = 16 + 8 = 24 


Modified passive pressure coefficient, 


K, 3 
P 
’ =- ——=— = 150 
K, F.S 2 
(a) Rotation about a point above the base: 


From Eq. 19.30: 





2D, = 3H, + |9H,” - 2D(3H, - D) 





= 3x 24 + J9 x 24? — 2 x 16(3 x 24 — 16) 


= 72 + 5184 — 1792 




















v AA 














(a) Well with lateral load (b) Pressure distribution 
Fig. 19.24 Cylindrical well with lateral load (Ex. 19.4) 


2D, = 72 — 58.24 (rejecting the +ve sign, as it leads to a value for D, > D) 
= 13.76 
D, = 6.88 m 
From Eq. 19.28, 


1 
‘nax = zY DK,’ ~ K,).(D-2D,) 


d max = 
= (1/2) x 10 x 16{(3/2) — (1/8)} (16 — 13.76) 
= 209.1 kN/m 
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Allowable Transverse load, 


Q, =q’ max X L = 209 x 6 = 1254 kN 
(The shape factor may be taken as unity since D, > 6 m) 


(b) Rotation about the base: 
From Eq. 19.32, 


1 D? 
fe KK 
dma = GY P oF, 


16 
= (1/6) x 10{(8/2) — 1/3)}. oy 


= 332 kN/m 
Hence the allowable lateral load 


Q, = 4 max X L = 332 x 6 = 1992 kN 


Since the actual horizontal load is given as 1000 KN, the well is safe against lateral load. 
Example 19.5: A circular well has an external diameter of 7.5 m and is sunk into a sandy soil 
to a depth of 20 m below the maximum scour level. The resultant horizontal force is 1800 kN. 
The well is subjected to a moment of 36,000 kKN.m about the maximum scour level due to the 
lateral force. Determine whether the well is safe against lateral forces, assuming the well to 
rotate (a) about a point above the base, and (b) about the base, Assume y’ = 10 kN/m%, and 6 = 


36°. Use Terzaghi’s analysis, and a factor of safety of 2 against passive resistance. 


With the notation of Example 19.4, 





D=20m 
36000 
H = MIQ = “gog = 20m 
H,=H+D=20+20=40m 
(1- sin 36°) 
a sando) Va% 
(1+ sin36°) 
~-n) aS 
he K, _ 3.8518 
>” FS 2 
= 1.9259 


(a) Centre of rotation above the base: 
Using Eq. 19.30, 





2D, = 3H, + /9H,? - 2D(3H, - D) 
= 120 — [14400 — 40(120 — 20) 
= 120-102 = 18 
D, =9m 





Using Eq. 19.28, 
dmax = 2) y'D{K, -K D - 2D,) 
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= (1/2) x 10 x 20(1.9259 — 0.2596) (20 — 18) 
= 333 kN/m 
Q, = 333 x 7.5 = 2, 497.5 kN 
(b) Centre of rotation at the base: 
Using Eq. 19.32, 
3 


= (1/6)y’ (K7 K 
= y p o H, 


Cee 
20° 
= (1/6) x 10(1.9259 — 0.2596) x —— = 555 kN/m 


40 
A Q, = 555 x 7.5 = 4162.5 kN 
The well is safe against lateral forces since this is greater than 1,800 kN. 


SUMMARY OF MAIN POINTS 


1. 


10. 


11. 


A Caisson is a type of foundation of the shape of a box, built above ground level and sunk to the 
required depth as a single unit. 

Caissons are mostly used as foundations for bridge piers and abutments, and water-front struc- 
tures, as also for multi-storey buildings occasionally. 

Caissons are broadly classified as Open Caissons, Pneumatic Caissons, and Floating or Box 
Caissons. 

Open Caissons are open both at the top and at the bottom; these are filled with concrete after 
having been sunk to the required level. 

Pneumatic Caissons are those in which water is kept off the working chamber with compressed 
air. Safety precautions and restricted work schedules are essential in this case. 

Floating Caissons are closed at the bottom and open at the top. These are cast on land, launched 
in water, and sunk into position by filling with sand, gravel, or concrete. Stability aspect has to 
be checked for floating caissons. 

Sand Island Method is popular in the placement of open caissons. 

Well foundations are similar to open caissons, and are popularly used to support bridge piers 
and abutments in India. They offer certain specific advantages over other types of deep 
foundations. 

Several plan shapes such as Circular, Rectangular, Hexagonal, Octogonal, Twin-Circular, 
Double-D, Dumb-Well, and Rectangular with multiple dredge holes are commonly used for wells. 
Besides the steining or body, cutting edge, curb, concrete seal and well cap are the important 
components of a well foundation. 


The depth of well below the maximum scour level is known as the ‘Grip Length’. 

Many Hypotheses have been developed for the lateral stability of Well Foundations. However, 
Terzaghi’s Free Rigid Bulkhead Concept is simple, and the IRC Method based on the experimen- 
tal investigations of several research workers is popular. 

Shifts and tilts during sinking of wells should be remedied to the extent possible and their effect, 
if any, should be considered in the design. 
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QUESTIONS AND PROBLEMS 


19.1 
19.2 
19.3 


19.4 
19.5 


19.6 


19.7 
19.8 
19.9 
19.10 
19.11 


19.12 


19.13 
19.14 


What is a “Caisson” ? How are Caissons classified based on the method of construction ? 
Explain an ‘Open Caisson’ with a neat sketch showing all the component parts. 


How is the load-carrying capacity of an Open Caisson determined? What are the merits and 
demerits of an Open Caisson? 

Describe the component parts of a Pneumatic Caisson with a neat sketch. 

What are the advantages and disadvantages of a Pneumatic Caisson when compared with other 
types? 

Under what circumstances is a Pneumatic Caisson preferred? What are the safety Precautions 
to be followed in working with a Pneumatic Caisson? 

What is “Caisson Disease”? What are the precautions necessary to prevent it? 

What is a ‘Floating Caisson”? How is its stability checked? 

What are the merits and demerits of a Floating Caisson when compared with other types? 
What are the circumstances under which a well foundation is more suited than other types? 


Sketch and describe the various components of a well foundation, indicating the function of 
each. 


Discuss the different shapes of Cross-sections of wells used in practice, giving the merits and 
demerits of each. 


Discuss the various kinds of forces likely to act on a well foundation. 


What is ‘Grip Length’ of well? What are the considerations in the determination of the grip 
length? 
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19.15 


19.16 
19.17 


19.18 


19.19 


19.20 


19.21 


19.22 


Enumerate the various methods for the analysis of lateral stability of a well acted on by horizon- 
tal forces. 


How is the I.R.C. Method for the analysis of the Lateral Stability of a Well Foundation superior? 
Discuss the construction aspects of Well Foundations. What are ‘Tilts and Shifts’? What are the 
remedial measures to control these? 

Design a Cylindrical Open Caisson to be sunk through 30 m of sand to support a load of 50 MN. 
The allowable bearing pressure is 1700 kN/m?. Test the feasibility of sinking the caisson, taking 
the skin friction as 27 kN/m?. What is the thickness of the concrete seal required? 

A Cylindrical Open Caisson, 18 m deep, has the external and internal diameters of 7.5 m and 6 
m respectively. Taking the water level to be 1 m below the top, determine the thickness of the 
concrete seal required. Assume 6, = 2360 kN/m? and y, = 24 kN/m?. Allowable perimeter shear 
stress = 660 kN/m?. 

A Box Caisson is 20™ x 10™ x 12 m high. The weight of the Caisson is 12 MN and its centre of 
gravity is 5.4 m above the base. Check if the caisson is stable. If it is not, suggest how it can be 
made stable. The unit weight of water is 10.1 kN/m?. 

The total load is 55 MN, acting at an eccentricity of 0.20 m. If the base is at a depth of 10.5 m 
below water level after installation, determine the net soil pressures. 

A Cylindrical Well is of 6 m external diameter and 3.6 m internal diameter, and is to be sunk to 
a depth of 15 m below the scour level. It is subjected to a horizontal load of 600 KN at a height of 
9 m above the scour level. Determine the allowable resisting force due to earth pressure, using 
Terzaghi’s approach assuming that (a) the well rotates about a point above base, and (b) the well 
rotates about the base. y = 9.9 kN/m®; = 30°, and factor of safety against passive resistance 
= 2.5. 

A Cylindrical Well has an external diameter of 8 m and is sunk into sand to a depth of 21 m 
below the scour level. The well is acted upon by a moment of 40,000 kKN.m about the scour level 
due to a horizontal force of 2,000 kN. Check whether the well is safe assuming (a) it rotates 
about a point above the base, and (b) it rotates about the base. yY = 10 kN/m®, ọ = 30°. Use 
Terzaghi’s Approach, with a factor of safety of 2 against passive resistance. 


Chapter 20 


ELEMENTS OF SoiL DYNAMICS AND 
MACHINE FOUNDATIONS 


20.1 INTRODUCTION 


Foundations may be subjected to either static loads or a combination of static and dynamic 
loads; the latter lead to motion in the soil and mutual dynamic interaction of the foundation 
and the soil. 

Foundations subjected to static loads have already been treated in the earlier chapters. 
‘Soil Dynamics’ may be defined as that part of soil mechanics which deals with the behaviour 
of soil under dynamic conditions. The effects of dynamic forces on soil under this topic which is 
relatively a new area of Geotechnical Engineering. 

The sources of dynamic forces are numerous; violent types of dynamic forces are caused 
by earthquakes, and by blasts engineered by man. Pile driving and landing of aircraft in the 
vicinity, and the action of wind and running water may be other sources. Machinery of differ- 
ent kinds induce different types of dynamic forces which act on the foundation soil. 

Most motions encountered in Soil Dynamics are rectilinear (translational), curvilinear, 
rotational, two-dimensional, or three-dimensional, or a combination of these. The motion may 
be aperiodic or periodic, and steady or transient, inducing ‘vibrations’ or ‘oscillations’. Impact 
forces or seismic forces cause ‘shock’, implying a degree of suddenness and severity, inducing 
a periodic motion in the form of a ‘pulse’ or a transient vibration. This may lead to settlement 
of foundations and consequent failure of structures. 

Since dynamic forces impart energy to the soil grains, several changes take place in the 
soil structure, internal friction, and adhesion. Shock and vibration may induce liquefaction of 
saturated fine sand, leading to instability. 

The primary aim of Soil Dynamics is to study the engineering behaviour of soil under 
dynamic forces and to develop criteria for the design of foundations under such conditions. 

The fields of application of Soil Dynamics are varied and diverse, and include (i) vibra- 
tion and settlement of structures, and of foundations of machinery, (ii) densification of soil by 
dynamic compaction and vibration, (iii) penetration of piles and sheet piles by vibration or 
impact, (iv) dynamic and geophysical methods of exploration, (v) effects of blasting on soil and 
rock materials, and (vi) effects of earthquakes and earthquake-resistant design of founda- 
tions. The increasing use of heavy machinery, of blasting operations in construction practice, 
and of various kinds of heavy transport in the context of industrial and technological progress 
point to the importance of ‘Soil Dynamics’. 
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‘Dynamics of Bases and Foundations’ forms an important part of ‘Industrial Seismol- 
ogy’, a branch of mechanics devoted to the study of the effects of shocks and vibrations in the 
fields of engineering and technology; in fact, the former phrase happens to be the title of a 
famous book on the subject by Professor D.D. Barkan in Russian (English Translation edited 
by G.P. Tschebotarioff and first published by McGraw-Hill Book Company, Inc., New York, in 
1962). This is a monumental reference book on the subject, based on the original research in 
Barkan’s Soil Dynamics Laboratory. The Book “Vibration Analysis and Design of Foundations 
for Machines and Turbines” by Alexander Major (1962) also ranks as an excellent and authori- 
tative reference on the subject, while a more recent Book “Vibrations of Soils and Founda- 
tions” by Richart, Hall and Woods (Prentice Hall, Inc., New York, 1970) is also an excellent 
treatise. 


20.1.1 Basic Definitions 


(i) Vibration (or Oscillation): It is a time-dependent, repeated motion which may be 
translational or rotational. 
(ii) Periodic motion: It is a motion which repeats itself periodically in equal time inter- 
vals. 
(iii) Period: The time in which the motion repeats itself is called the ‘Period’. 
(iv) Cycle: The motion completed in a period is called a ‘Cycle’. 
(v) Frequency: The number of cycles in a unit of time is known as the ‘frequency’. It is 
expressed in Hertz (Hz) in SI Units (cycles per second). 
The period and frequency are thus inversely related, one being simply the recipro- 
cal of the other. 
(vi) Degree of Freedom: The number of independent co-ordinates required to describe 
the motion of a system completely is called the ‘Degree of Freedom’. 


20.1.2 Simple Harmonic Motion 


The simplest form of periodic motion is the simple harmonic motion—that of a point in a 
straight line, such that the acceleration of the point is proportional to the distance of the point 
from a fixed reference point or origin. One famous example is the motion of a weight sus- 
pended by a spring and set into vertical oscillation by being pulled down beyond the static 
position and release (Fig. 20.1). If the spring were to be frictionless and weightless, the weight 
oscillates about the static position indefinitely. The maximum displacement with respect to 
the equilibrium position is called the ‘Amplitude’ of the oscillation. 


Spring constant 


K=-k-W 
Z 





(Force per unit x Initial 
displacement) position 
z| p 2=0 
Qe- feeeSeo sss sey). Pisnen ep eee eee 
Static 
equilibrium 
position 





Fig. 20.1 Simple harmonic motion of a weight suspended by a spring 
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A graphical representation of the simple harmonic motion of the weight is shown in 
Fig. 20.2. The actual line of oscillation of the point p in the vertical direction may be taken as 
the projection on the vertical diameter of the point ‘a’ rotating at uniform angular velocity 
about the circle with the centre at O (Fig. 20.2 (a)). The displacement versus time is shown in 
(Fig. 20.2 (6)). 





T LS è 

— Zmax p E 
Pa Displacement 2 

O 7 $ 

+ T E 
ra 


Cycle wt = 27 
T = 27/0 








(a) Circulation motion (b) Displacement versus time 
Fig. 20.2 Graphical representation of simple harmonic motion 
The equation of motion is represented by a sine function 


z =A sin œt ...(Eq. 20.1) 


where œ is the circular frequency in radians per unit time. This is also the angular velocity of 
point ‘a’ around 0 in Fig. (20.2 (a)). 


The cycle of motion is completed when œt = 2r. 


Therefore, 
: 2n 
the period, T = ra ...(Eq. 20.2) 
The number of cycles per unit of time, or the frequency, is 
1 oœ 
f= T Zx ...(Eq. 20.3) 


The number of cycles per second is called ‘Hertz’ (Hz). Successive differentiation of Eq. 
20.1 gives 


dz = ż = QÁ cos ot = A sin (o F 4 .. (Eq. 20.4) 
dt 2 
d’z Ge os ee 
and FT a ‘A sin wt = 0A sin (@t + 7) ...(Eq. 20.5) 


It is obvious that velocity leads the displacement by 90° and acceleration leads the dis- 
placement by 180°. 


If a vector of length A is rotated counterlockwise about the Origin as shown in Fig. 20.3 
(a) its projection on to the vertical axis would be equal to A sin wt which is exactly the expres- 
sion for displacement given by Eq. 20.1. Similarly it can be easily understood that the velocity 
can be represented by the vertical projection of a vector of length œA positioned 90° ahead of 
displacement vector, and acceleration by a vector of length œA located 180° ahead of the 
displacement vector. A plot of all these three is shown in Fig. 20.3 (b). The differential Equa- 


tion of motion is ž + œ? A sin wt = 0 or 


ž+0°z=0 ...(Eq. 20.6) 
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The general solution of this equation is 
z=C, sin wt + C, cos wt ...(Eq. 20.7) 
where C, and C, are constants. 








A 
A! 7/2! 
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(a) Vector representation (b) Vector representation of harmonic displacement, 
of motion velocity and acceleration. 


Fig. 20.3 Vector method of representing simple harmonic motion 


20.2 FUNDAMENTALS OF VIBRATION 


Certain fundamental aspects of Vibration essential to the study of Soil Dynamics are consid- 
ered in the following subsections. 


20.2.1 Degree of Freedom 
The ‘Degree of Freedom’ for a system is defined as the minimum number of independent 
Co-ordinates required to describe the motion of the system mathematically. 

A mass supported by a spring and constrained to move in only one direction is a system 
with a single degree of freedom. Similarly, a simple pendulum oscillating in one plane is also 
an example of a system with a single degree of freedom (Fig. 20.4). 





(a) Mass supported (b) Simple pendulum 
by a spring oscillating in one plane 


Fig. 20.4 Systems with single degree of freedom 
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However, if the spring-supported mass of Fig. 20.4 (a) can also rotate in one plane its 
degree of freedom is two. A two-mass two-spring system, constrained to move in one direction 
without rotation, is also an example of a system with a degree of freedom of two (Fig. 20.5). 

A body in space has a degree of freedom of six—three translational and three rotational 
(Fig. 20.6). A flexible beam between two supports has an infinite number of degrees of freedom 
(Fig. 20.7). 


20.2.2 Modes of Vibration 


A system with more than one degree of freedom vibrates in complex modes. However, if each 
point in the system follows a definite pattern of vibration, the mode is systematic and orderly, 
and is known as a ‘principal mode of vibration’. A system with a degree of a freedom of n andn 
principal modes. (Of course, the number of principal modes need not always reflect the Degree 
of freedom). The vibration of a block can be reduced to six modes for the purpose of analysis. 
These are 





: Yo 


Fig. 20.5 A two-mass Fig. 20.6 Body in space with six 
two-spring system degrees of freedom 





Fig. 20.7 A beam with infinite degree of freedom 


(i) Translation along X-axis (lateral) 
(ii) Translation along Y-axis (longitudinal) 
(iii) Translation along Z-axis (vertical) 
(iv) Rotation about X-axis (pitching) 
(v) Rotation about Y-axis (rocking) 
(vi) Rotation about Z-axis (yawing or Torsional) 


ELEMENTS OF SOIL DYNAMICS AND MACHINE FOUNDATIONS 817 





These are known as the Principal modes of vibration of the block and are shown 
schematically in Fig. 20.8. 


Z 


Vertical 


KRYA 


Yawing or torsional 


Pitching 
X 


Lateral 





Rocking 


Yx Longitudinal 
Fig. 20.8 Modes of vibration of a block 


Vertical and torsional vibrations can occur independently but not others. This is be- 
cause rotation about X-axis or Y-axis is always accompanied by translation along Y- or X-axis 
and vice-versa, producing what is known as ‘coupled motion’. 

If a combination of more than one mode of vibration occurs in a particular case, it is 
referred to as ‘coupled mode’ of vibration. The analysis of such modes requires the use of 
complex mathematical treatment. 


20.2.3 Free Vibrations and Forced Vibrations 


Bodies which have both mass and elasticity are capable of undergoing vibrations. The vibra- 
tions of a body or a system may be classified as ‘Free Vibrations’ and ‘Forced Vibrations’. 

‘Free Vibration’ is a vibration that occurs under the influence of forces inherent in the 
system itself, without any external force. Of course, an external force or natural disturbance is 
required to initiate the free vibration which continues without an external force acting con- 
tinuously. 

If the vibration is undamped by friction or any other forces, the body undergoes free 
vibration with a frequency known as the ‘Natural frequency’ of the body or system. It is consid- 
ered as the property of the body or system. Depending upon the particular mode of vibration, 
the body will have a particular value of natural frequency. Thus a body or system can have as 
many natural frequencies as the possible modes of vibration. 

‘Forced Vibration’ is a vibration that occurs under the continuous influence of an exter- 
nal force. This obviously depends upon the nature of the external force, also known as the 
‘exciting force’, which may be caused by an inpulsive force or a continuous periodic force. Ham- 
mer foundation produces an inpulsive force causing forced vibration of the system. A founda- 
tion for a machine with rotating masses will be subjected to force a vibration caused by a 
continuous periodic force. 

In practice it is extremely rare that a body has free vibration at its natural frequency 
undamped, since it is always subjected to some form of damping. 
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20.2.4 Resonance 


When the frequency of the exciting force in a forced vibration of a body or a system equals one 
of the natural frequencies of the body or, system, the amplitude of motion tends to become 
excessively large. This condition or phenomenon is called ‘Resonance’. The particular value of 
the frequency of the exciting force producing resonant conditions is called the ‘Resonant fre- 
quency’ under that specific mode of vibration. 

Since resonance produces excessively large amplitudes, it has dangerous implications 
for any engineering structure, machine, or system in causing failure. Hence one of the impor- 
tant endeavours of an Engineer dealing with Soil Dynamics and Design of a Machine Founda- 
tion is to avoid resonant conditions. 


20.2.5 Damping 


‘Damping’ in a physical system is resistance to motion, and may be one of the several types 
mentioned in the following paragraphs. 

(i) Viscous Damping. This type of damping occurs in lubricated sliding surfaces, dashpots 
with small clearances etc. Eddy current damping is also of viscous nature. The magnitude of 
damping depends upon the relative velocity and upon the parameters of the damping system. 
For a particular system, the damping resistance is proportional to the Velocity: 


dz 
F=c— ... (Eq. 20.8 
a (Eq ) 
where F = damping force, 
d 
= = Velocity, 
and c = damping coefficient. 


This affords relatively easy analysis of the system, since the differential equation of the 
system becomes linear with this type of damping. This is why a system is often represented to 
include an equivalent viscous damper even if the damping is not truly viscous. 

(ii) Friction or Coulomb Damping. This kind of damping occurs when two machine parts 
rub against each other, dry or unlubricated. The damping force in this case is practically con- 
stant and is independent of the velocity with which the parts rub each other. 

(tit) Solid, Internal or Structural Damping. This type of damping is due to the internal 
friction of the molecules. The stress-strain diagram for a vibrating body is not a straight line 
but forms a hysterisis loop, the area of which represents the energy dissipated due to molecu- 
lar friction per cycle per unit volume. The area of the loop depends upon the material of the 
vibrating body, frequency, and the magnitude of the stress. Since this involves internal loss of 
energy by absorption, it is also called ‘internal damping’. 

(iv) Slip or Interfacial Damping. Energy of vibration is dissipated by microscopic slip on 
the interfaces of machine parts in contact under fluctuating loads. Microscopic slip also occurs 
on the interfaces of the machine elements forming various types of joints. The magnitude of 
damping depends, amongst other things, upon the surface roughness of the parts, the contact 
pressure, and the amplitude of vibration. This type of damping is essentially of a non-linear 
type. 
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(v) ‘Radiation’, ‘dispersion’ or ‘geometric’ damping. In the case of machine foundation 
resting on soil, damping occurs due to the loss of energy on two counts. First, some energy loss 
occurs by the absorption of energy into the system, reflected by the hysterisis in the stress- 
strain relationship; damping caused by this internal loss of energy is called ‘internal damping’, 
already given in (iii). Next, the dissipation of energy by wave propagation, radiating away into 
the soil mass, causes damping effect. This is known as ‘radiation’, ‘dispersion’, or ‘geometric’ 
damping. 


Negative Damping 

Generally speaking, damping is positive, so that energy is always absorbed from the system by 
damping devices. If the system draws energy from some source or is supplied energy, the 
amplitude continues to increase, leading to instability. Such a system is said to be negatively 
damped. The build-up of amplitudes of transmission line wires, or tall poles or suspension 
bridges under the action of uniform wind flow at critical speeds are examples of negatively 
damped systems. In structural systems subjected to dynamic forces due to an earthquake or a 
blast, the damping is always positive. 


20.2.6 Free Vibrations without Damping 


The mathematical model consists of a mass supported by a weightless spring (Fig. 20.9) with 
single degree freedom. 





(a) Equilibrium position (b) Displaced position (c) Response curve 
Fig. 20.9 Free vibrations—undamped-mass spring system 


If z is the vertical displacement of the system from its equilibrium position, and k is the 
spring constant, applying Newton’s law of motion, the equation of motion is 


M.z+k.z =0 ... (Eq. 20.9) 
or Zt (Fr) z=0 
M 
or ž+0, z =0 ...(Eq. 20.10) 
where ©? = kiM ...Eq. 20.11) 
Eq. 20.10 is a homogeneous linear differential equation and the solution is given by 
z = C sin w,t + C, cos w,t ...(Eq. 20.12) 


where C, and C, are constants which can be evaluated from the initial conditions of the system. 

The equation also represents simple harmonic motion expressed by Eq. 20.7, w, being 
the circular frequency. Therefore, the free vibration of a mass resting on a spring and sub- 
jected to inertial forces only can be represented by a simple harmonic motion. 
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©, in this case is called ‘Natural Circular Frequency’ of the system. 


©, = vk/M rad/s ... (Eq. 20.13) 
and f =a LRM (Eq. 20.14) 
n Qn 2m 
2 
The period, T= —=2n/M/k (Eq. 20.15) 


n 
The time-displacement curve, which is known as the response curve of the system is 
shown in Fig. 20.9 (c). Free vibrations may be initiated by either an initial displacement or an 
initial velocity (due to impact). The final solution depends upon these initial conditions. 


20.2.7 Forced Vibrations without Damping 
If a mass supported by a spring is subjected to an exciting force, the 
system undergoes forced vibrations. Such an exciting force may be 
caused by unbalanced rotating machinery or by other means. 

In the analysis that follows, it is assumed that the exciting 
force is periodic and that it may be expressed as 





P =P, sin ot .. (Eq. 20.16) 
where P, is the maximum value of the exciting force and @ is the 
circular frequency of the exciting force in rad/s. The system is shown Fig. 20.10 Forced 
in Fig. 20.10. vibration—undamped 
The equation of motion for the system may be written as mass-spring system 
M.z+k.z =P. sin œt ...(Eq. 20.17) 
x 2 P. 
or Z+O, a= 7, Sines ... (Eq. 20.18) 
: k 2 
since M=% 


The solution of Eq. 20.18 includes the solution for free vibrations (Eq. 20.12), along with 
the solution which satisfies the right hand side of Eq. 20.18. The solution may be obtained by 
parts as the sum of the complementary function and the particular integral. The complementary 
function which represents the free vibration does not exist in this situation and the particular 
integral alone is of interest. 

Since the applied force is harmonic, the motion of the system may be taken to be har- 
monic. Thus the particular integral may be taken as 


z =A sin ot ... (Eq. 20.1) 
By substituting this in Eq. 20.18, we may show that 
P, 


It follows that the frequency of a forced vibration is equal to that of the exciting force. 
(This is the same as the speed of machine, in case it is a machine that is being dealt with). 
Equation 20.19 may be rewritten as 


ELEMENTS OF SOIL DYNAMICS AND MACHINE FOUNDATIONS 821 








i ...(Eq. 20.20) 


But 





> =A, ...(Eq. 20.21) 


wo 
where A = deflection of the system under P „ applied statically. The ratio (2) is called the 


frequency ratio, &. 


A 
A= Bt ...(Eq. 20.22 
G= = 





The factor Ss is called the ‘magnification factor’, n, It is the ratio of the dynamic 


amplitude to the static displacement. A plot between € and n, is shown in Fig. 20.11. 


Zone of 
resonance 
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Fig. 20.11 Frequency ratio vs magnification factor 


When the exciting frequency approaches the natural frequency of the system (€ = 1), the 
magnification factor, and hence the amplitude of vibration tend to become infinite, leading to 
resonance. If the frequency ratio is more than 1, there will be steep decrease of the magnifica- 
tion factor. 


It is obvious that resonant conditions should be avoided. 


20.2.8 Free Vibrations with Damping 


Assuming that in a system undergoing free vibrations viscous damping is present, a “Mass- 
spring-Dashpot” system can serve as the relevant mathematical mode for analysis (Fig. 20.12). 
The ‘dashpot’ is the simplest mathematical element to simulate a viscous damper. The force in 
the dashpot under dynamic loading is directly proportional to the velocity of the oscillating 
mass. 


The equation of motion is 
Mz+c.z+kz =0 ... (Eq. 20.28) 


where c represents the coefficient of viscous damping expressed as force per unit velocity. 
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eae! 


2 
(5) > r critically damped 
























(a) Mass spring (b) Different damping conditions— (c) Underdamped system 
dashpot system overdamped and critically 
damped systems 
Fig. 20.12 A mathematical model for free vibrations with damping 


This can be rewritten as 


C. k 
te 2 = .. (Eq. 20.24 
B+ ap eta 0 (Eq. 20.24) 
. c 
putting & = M 
ž+0az+0,.z=0 ...CEq. 20.25) 
Let the solution to Eq. 20.25 be in the form 
z=% ...Eq. 20.26) 


à being a constant to be determined. 
Substituting this in Eq. 20.25, we get 


(A? + or + 02e% = 0 ...(Eq. 20.27) 
or 72+ 0A4+ 0,2 =0 .. (Eq. 20.28) 
The roots of this equation are 
2 
Q 104 2 
n=- 4 i$) ie „Eq. 20.29 (a)) 
a ay? 
Ay =-—-,|—] -0 ..(Eq. 20.29 (b 
J i$) O, (Eq (b)) 





Three possible types of damping arise from these roots. 
These are: 


2 
a 
Case — 1 : Roots are real and negative if (s) >00, 


aa 
or ——| > 
2M M 
The general solution is z = Ce™” + Ce” ...(Eq. 20.30) 


Since both i, and i, are negative, z will decrease exponentially with time without any 
change in sign as shown in Fig. 20.12 (6). The motion is not periodic and the system is said to 
be overdamped. 
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2 2 
Case — 2 : Roots are equal if (S) =0,? or (5 _f 


The general solution is 
C 
+ 
z=e 2 (Ci +C) .. (Eq. 20.31) 
This is similar to the overdamped case except that it is possible for the sign to change 
once as shown in Fig. 20.12 (b). This is also not a periodic motion and with increase in time, 
approaches zero. The value of c for this condition is called the ‘critical damping coefficient’, c.. 





2 
: Co k 
Since Se 
(i) M 

c, = 2 4kM ... (Eq. 20.32) 


Using Eq. 20.13, we may write 
c, = 2Mw,, ... (Eq. 20.33) 
c, is the limiting value for c for the motion to be periodic. 


2 
Case — 3 : Roots are complex congugates if (s) < o,” 


Ea Fk 
E 2M) °M 
By using Eq. 20.32, the roots A, and à, become 
A, = 0,(- D+iy1- D’) ...(Eq. 20.34 (a)) 
Ay = œ D -iy¥1- D?) ...(Eq. 20.34 (b)) 


c 
where D = — and is called ‘Damping Ratio’ or ‘Damping Factor’. 
c 


Substituting these into Eq. 20.30 and simplifying, the general solution becomes 


£ e sin @,ty1- D? + C, cosœ,ty 1- D? ) ...(Eq. 20.35) 


where C, and C, are arbitrary constants. 

Eq. 20.35 indicates that the motion is periodic and the decay in amplitude will be pro- 
portional to g~®n2! as shown by the dashed curve in Fig. 20.12 (c). Further Eq. 20.35 indicates 
that the frequency of free vibrations with damping is less than the natural frequency for 


undamped free vibrations, and that as D — 1, the frequency approaches zero. The relation 
between these two frequencies is given by 


jn = Ony1—D? .. (Eq. 20.36) 


where w,,,, = frequency of free vibrations with damping. Fig. 20.12c shows that there is a decre- 
ment in the successive peak amplitudes. Using Eq. 20.35, ratios of successive peak amplitudes 
may be found. 

Let z, and z, be the amplitudes of successive peaks at times tį and ¢,, respectively as 
shown in Fig. 20.12 c. 
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=1 =exp a (Eq. 20.37) 
Zə 1_D? ...(Eq. 20. 
‘Logarithmic Decrement’ is defined as 
ET 2 (Eq. 20.38) 
22 J1-D? 


In words, logarithmic decrement is defined as the natural logarithm of the ratio of any 
two successive amplitudes of same sign in the decay curve obtained in free vibration with 
damping. 

6 is approximately 21D, when D is small. Eq. 20.38 also indicates that, in viscous damp- 
ing, the ratio of amplitudes of any successive peaks is a constant. It follows that the logarith- 
mic decrement may be obtained from any two peak amplitudes z, and z,,, from the equation 

1 zı 


ô= —1ln 
n Zi+n 





...(Eq. 20.39) 


20.2.9 Forced Vibrations with Damping 


A system which undergoes forced vibrations, and in which viscous damping is present, may be 
analysed by the Mass-spring-dashpot model shown in Fig. 20.13. 


P, sin wt 








Fig. 20.13 Forced vibration with damping 


The equation of motion for this system may be written as follows:- 





M.ž+c.ż+k.z =P, sin œt ... (Eq. 20.40) 
This may be rewritten as 
ey eae ee, (Eq. 20.41) 
u u ... (Eq. 20. 
P 
or Z+0é+0,"2= ap sin ot ..(Eq. 20.42) 
k 
where g= A and @,?= M 


The particular solution is a steady state harmonic oscillation having a frequency equal 
to that of the excitation, and the displacement vector lags the force vector by some angle. Let 
us therefore assume that the particular solution is 


z =A sin (wt — ) ...(Eq. 20.43) 
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P 

where A= 2 ...(Eq. 20.44) 
Mo,” 020? +(@,,” -0°) 

5 W 

and A e ...(Eq. 20.45) 
(@,° —@*) 
A may also be expressed as 

FB 

.. (Eq. 20.46) 


A = 
Mo? J02)? + 4D? 


0) 
where € = a the frequency ratio. 
n 


There are two kinds of excitation: constant force-amplitude excitation and quadratic 
excitation. 


Constant Force—Amplitude Excitation 

This type is caused by an electro-magnetic vibrator, the exciting force being generated mainly 
from the magnetic attraction or repulsion due to the change in intensity or direction of mag- 
netic flux linking several flux-carrying elements (Fig. 20.14). The magnetic flux is produced by 
passing an electric current through a winding on one part of the magnetic circuit. The result- 
ant magnetomotive force is proportional to the current passing through the coil. The other 
winding is placed in order to generate a force having fundamental frequency of the magnetic 
circuit and to eliminate the rectification process. An electromagnetic vibrator is driven by a 
frequency oscillator and power amplifier. 


Armature 
(laminated iron) 














KS Electromagnetic core 
(laminated iron) 


Fig. 20.14 Electromagnetic vibrator 

Eq. 20.46 may be rewritten as follows: 

A=n,A, ... (Eq. 20.47) 

1 
n = 
1 sae) +4D?£? 

Since A,, is a constant for given spring and excitation, amplitude of motion A is directly 
proportional to n,. 








where ...(Eq. 20.48) 
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To determine the conditions corresponding to maximum amplitude, Eq. 20.48 may be 
differentiated with respect to €, equated to zero, and solved for €. One obtains 


E = y1- 2D’ ...(Eq. 20.49) 


It is clear from this equation that if D decreases, € increased and vice versa. Resonance 
condition is said to occur when the peak amplitude occurs. Hence, the magnification factor at 
resonance, 1), max 18 got by substituting the value of € from Eq. 20.49 in Eq. 20.48. 

1 


aoe 2D,/1— D? 


From this equation, it can be seen that the larger the damping ratio, the smaller the 
magnification factor at resonance, and vice versa. 


(Eq. 20.50) 


The relationship between € and 1, (or A) for varying D is shown in Fig. 20.15. 


“TTT TT TT TT 






































Fig. 20.15 Magnification factor versus frequency ratio 


It can be observed that the maximum value of n}, and hence the peak amplitude occurs 
at a value of € less than unity when damping is present. As the Damping ratio, D, increases the 
value of & for peak amplitude deviates more from unity. The corresponding frequency at which 
peak amplitude occurs at a certain value of damping is known as the resonant frequency for 
the damped case. 

It may be recalled that, without damping, the peak amplitude which occurs when & = 1, 
is infinite. The effect of damping is to make the peak amplitude finite and make the frequency 
ratio for peak amplitude deviate from unity. In other words, what is called the resonant fre- 
quency is different in the undamped and damped cases. 


Quadratic Excitation 


In this type of excitation, the exciting force is proportional to the square of the frequency. This 
is caused by the rotation of unbalanced masses (Fig. 20.16) in an oscillator. 
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M, M, 
Meo M,eo" 
@ A 
(a) Rotation of unbalanced masses (b) Counteracting forces 


Fig. 20.16 Quadratic excitation due to rotation of unbalanced masses 


The exciting moment, M,e, may be varied by varying either the total unbalanced mass 
M, or the eccentricity e. The periodic force is not constant unlike the previous case. 


The rotating force of each mass is M eœ’. The total force in the vertical position is 2M ,ew* 
or M eœ? where M, is the total unbalanced mass (equal to 2 M,). The vibrating force at any 
position may be represented by 


P = Meosin œt = P, sinat ...(Eq. 20.51) 
where P, =Mew? ...(Eq. 20.52) 


The periodic force is expressed by Eq. 20.16, replacing P, by P, for a frequency-depend- 


ent exciting force. 





P= Psin œt ...(Eq. 20.53) 
We may write 
P, M,ew (e2) 2 Hef a) ) 
k k M Ak M (©, 
Me > ... (Eq. 20.54) 
= au 


The differential equation of motion and its solution are the same as those in the previ- 
ous case in as much as these are independent of the method of applying the exciting force. 

The amplitude may be got as follows, using Eq. 20.46, substituting P, for P , and using 
Eq. 20.54, and simplifying further: 

ae. a (Eq. 20.55) 
M Ja?) +4D7e? 

Analysing in the same manner as in the previous case, the maximum amplitude occurs 

when 








1 
a ... (Eq. 20.56) 
S J1- 2D? a 


From this it can be seen that as D decreases, & decreases and vice versa. Defining the 
magnification factor, n, as 


828 GEOTECHNICAL ENGINEERING 











M E? 
No = A. = ... (Eq. 20.57) 
2 Mee fa?) + 4D%? 
Then means that i= hee .. (Eq. 20.58) 
It can also be shown that 
1 
(Eq. 20.59) 


The relationship between € and n, (or A) for different values of D is shown in Fig. 20.17. 
5 








3 
N 














é —> 


Fig. 20.17 n, Versus € 


It can be seen from this figure that for quadratic excitation the maximum value of n, (or 
A) occurs at a value of € greater than unity when damping is present. As the value of D in- 
creases, the peak n, (or A) deviates more from § = 1. Thus resonant conditions tend to occur at 
a frequency ratio more than unity. 

In this case also, the effect of damping is to make the peak amplitude finite and to make 
the €-value corresponding to the peak amplitude deviate from unity. It can also be seen that 
the influence of damping is large when resonance condition occurs and it decreases when the 
amplitude of motion is different from the peak amplitude; the greater the difference the smaller 
the influence of damping ratio. 


20.3 FUNDAMENTALS OF SOIL DYNAMICS 


‘Soil Dynamics’ has all ready been defined as that discipline which deals with the behaviour of 
soil under dynamic loading. The sources of dynamic loading have also been enumerated earlier. 
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The primary source of dynamic loading of soil is machinery of different kinds, which 
cause dynamic forces and vibrations of the foundations for the machinery. 


20.3.1 Characteristics of Soil Under Dynamic Loading 


Vibrations caused by dynamic loading impart energy to the soil particles. The soil grains slip 
into and fill up corresponding void spaces (densification of soil), pore water tends to escape, the 
modulus of elasticity tends to change, and so does its bearing capacity. The shock tends to 
reduce the internal friction and adhesion considerably. Loose granular soils may be densified 
by vibration, while it will have relatively smaller effect on cohesive soils. Saturated fine sand 
or silt may undergo a phenomenon of ‘liquefaction’ as they tend to become ‘quick’ under the 
action of dynamic forces under certain conditions. 

Thus it may be understood that the engineering properties and behaviour of a soil will 
be significantly affected by the application of dynamic loading. 


20.3.2 Natural Frequency of Foundation-Soil system 


It has been stated earlier that the frequency of a system undergoing free vibration damping is 
known as the natural frequency of the system. However, when this idea is to be applied to a 
machine foundation-soil system, it should be realized that, unlike in the case of the Mass- 
spring-dashpot model in which the spring was assumed to be weightless, the soil which is 
analogous to the spring has weight. Thus, the response curve of a machine foundation-soil 
system does not match exactly the response curve of the Mass-spring-Dashpot model. (A re- 
sponse curve is merely the plot between the frequency versus amplitude of motion). This is 
because of the interaction of flexibility, inertia, and damping present in the system (Whitman- 
1966). 


The natural frequency of the system is once again defined as 


and f= 


where M=M,+M, ...(Eq. 20.60) 
Here M r= Mass of the machine and foundation, 
and M, = Mass of the soil participating in the vibration. 


The definition of resonant frequency of the system has to be based on the equation for f, 
taking cognisance of Eq. 20.60. While M ris easily evaluated, determination of an appropriate 
value for M, in this equation is a ticklish problem, and involves some degree of empiricism. 


20.3.3 Tolerance Limits 


Tolerance limits for amplitudes are generally specified by the manufacturers of machinery. 
The permissible amplitude of a machine foundation is governed by the relative importance of 
the machine and the sensitivity of the neighbouring structure to vibration. 

When the permissible amplitudes are not given by the manufacturer, the values sug- 
gested by Richart (1970) may be adopted for preliminary design (Fig. 20.18). The envelope 
described by the shaded line in this figure indicates the limit for “safety”; it need not be a limit 
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for satisfactory operation of machines, as it can be furnished only by the manufacturers of the 
machinery. 

Barkan (1962) proposed the following values from his observation on the performance 
of machines: 


Table 20.1 Permissible amplitudes (after Barkan, 1962) 


Permissible Amplitude 
(mm) 


Low speed machinery (500 rpm) 


Hammer foundations 
High speed machinery: 
(a) 3000 rpm 
(i) Vertical vibrations 
(ii) Horizontal vibrations 
(b) 1500 rpm 
(i) Vertical vibrations 
(ii) Horizontal vibrations 


























Amplitude(mm)(Log scale) ——» 
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Fig. 20.18 Allowable limits for vertical amplitudes (after Richart et al., 1970) 


For foundations of sensitive equipment such as calibration test stands and precision 
machines, the design criteria should be established either by the manufacturer or by the user 
himself. Permissible bearing pressures for soil should be evaluated by adequate sub-soil 
exploration and testing in accordance with IS: 1892 and IS: 1904 or other relevent standards. 
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20.3.4 Methods of Analysis 
The following are the two broad approach to analyse a machine foundation system undergoing 
vibrations: 

(a) Mass-spring-dashpot model 

(b) Elastic half-space theory in which the soil on which the machine foundation rests is 
considered to be as an elastic half-space. 

Detailed consideration of different types of vibration, involving the use of the classical 
mass-spring-dashpot model has been already given in the previous section. 

Further consideration of the elastic half-space approach will be taken up in the next 
section. 

The objective of the design procedure is the determination of a foundation soil system 
which supports the machine satisfactorily. The supported machine may itself be the source of 
dynamic loads or it may require isolation from external sources of excitation. 

The soil parameters required in the first approach are the ‘spring constant’ and the 
‘damping ratio’. Those required in the second are the ‘shear modulus’ and the ‘Poisson’s ratio’ 
of the soil. 

The main difficulty in soil dynamics and machine foundations consists in the determi- 
nation of the appropriate soil parameters to the desired degree of accuracy. Detailed treat- 
ment of the determination of dynamic soil parameters is given in a later sub-section. 


20.3.5 Wave Propagation through Soil 
For several reasons, the applicability of Hooke’s law soil is limited. The elastic constants of soil 
depend on normal stresses and elastic deformations may affect the initial internal stresses 
which always exist in soil. It should also be noted that the propagation of waves may be greatly 
influenced by dissipative properties of soil which govern the absorption of wave energy. 
There are two basic types of elastic wave: ‘body waves’ which travel through the interior 
of the soil mass and ‘surface waves’ which travel at or near the surface of the material. Body 
waves are further subdivided into two modes. ‘Dilatational’, ‘compression’ or ‘P-wave’ and ‘shear’ 
or ‘S-wave’. Surface waves are subdivided into four modes-‘Rayleigh’ or ‘R-wave’, ‘Compres- 
sion bar’ wave, ‘Hydrodynamic’ or ‘H-wave’, and ‘coupled’ or ‘C-wave’. (The last two are of 
somewhat dubious origin). 


Dilatational or P-Wave 


This wave induces motion of the soil particles in the direction of the propagation of the wave. 
The velocity of the wave, C '„» may be expressed as 


| E(1- v) 
C, = p(1+ v)(1— 20) (Eq. 20.61) 


where E and v = Modulus of elasticity and Poisson’s ratio of the soil, 
and p = density of the soil (mass per unit volume). 
P-Waves can be propagated in any direction within the soil mass. 
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Shear or S-Wave 


This wave induces the motion of the soil particles in a direction perpendicular to the direction 
of propagation of the wave. The velocity of the wave, C,, may be expressed as 


C =| ...(Eq. 20.62) 


where G = shear modulus of the soil. 


Rayleigh or R-Wave 
This wave is propagated at or near the surface and induces motion of the soil particle in the 
shape of a vertical ellipse. 

The velocity, Cp, of this wave may be taken as almost equal to C, for all practical pur- 
poses. 


Compression Bar Wave 

This wave is propagated in thin bars or columns of soil materials which induces motion of the 
soil particle in the direction of propagation of the wave (bar axis). The velocity of this wave, C,, 
is expressed as 


Cy= 45 ...(Eq. 20.63) 


P-Waves, S-Waves, and R-Waves are used in field tests, and S-Waves and compression 
bar waves are used in laboratory tests for the evaluation of the soil parameters under dynamic 
conditions. 


20.3.6 Determination of Soil Parameters 


As already indicated in sub-section 20.3.4, the soil parameters needed in the analysis of ma- 
chine foundation by the Mass-spring-dashpot model are the spring constant, k, and the damp- 
ing ratio, D, while those needed in the analysis by the elastic half-space approach are shear 
modulus G, and Poisson’s ratio, v, of the soil: 

The spring constant can be obtained from the coefficient of elastic uniform compression, 
C „ which, in turn, may be determined by ‘repeated plate bearing test’. 

The coefficient of elastic uniform compression, C „ is defined as the constant of propor- 
tionality between the compressive stress or external uniform pressure on soil and the elastic 
part of the settlement (It has been observed that, within a certain range of loading, there is a 
linear relationship between the elastic settlement, S,, and the external uniform pressure p,). 
This is different from the coefficient (or modulus) of subgrade reaction, which is taken as the 
constant of proportionality between the total settlement and the external pressure on soil. It is 
obvious that C, is always greater than this since the ‘elastic’ part of deformation is always 
smaller than the total settlement. The dimensions for these coefficients are ‘FL and the units 
are kg/cm? (MKS) or kN/m? (SI). 

The corresponding coefficients for horizontal translation (lateral or longitudinal), rota- 
tion about X- or Y-axis (pitching or rocking), and rotation about Z-axis or vertical axis (yawing 
or torsion) are respectively called ‘coefficient of elastic uniform shear (C), ‘coefficient of elastic 
non-uniform compression (Cy), and ‘coefficient elastic non-uniform shear (Cy) They are also 
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defined in a similar manner (IS: 2810-1979 “Glossary of Terms relating to Soil Dynamics (First 
Revision)”). 

All these coefficients are used for the evaluation of the spring stiffness of soil in various 
modes of vibration. These coefficients are functions of soil-type and of size and shape of the 
foundation; however, they are often assumed to be functions of soil type only for the sake of 
convenience. 

The spring constant (k) for the various modes of vibration are related to these coeffi- 
cients as follows: 


(i) For Vertical Vibrations k,=C,A f ...(Eq. 20.64 (a)) 

(ii) For horizontal (sliding) k,=C Ay .. (Eq. 20.64 (b)) 
vibrations 

(iii) For pitching or rocking k o= C Eleri ...(Eq. 20.64 (c)) 
vibrations 

(iv) For torsional vibrations ky = C1, ... (Eq. 20.64 (d)) 


Here A, is the area of horizontal contact surface between the foundation and the soil, 
and I is the second moment of contact area about the corresponding axis passing through the 
centroid of the base. 

Damping is a measure of energy dissipation in the system. Being a physical property of 
the system, it can be evaluated only by experiments. The Damping Ratio, D, may be determine 
either from a ‘free vibration test’ or a ‘forced vibration test’. 

The dynamic shear modulus (G) and Poisson’s (v) may be determined from a field vibra- 
tion test of a cement concrete block as explained in the LS. code or practice -IS: 5249-1977 
“Method of Test for determination of insitu dynamic properties of soil (First Revision)”. 

Each of these tests/methods for the determination of the soil parameters will now be 
considered sequentially. 


Repeated Plate Bearing Test (for the determination of C,, and hence k) 

In a typical plate bearing test, load is applied on to a rigid plate and the vertical deformation is 
measured by dial gauges. Typical test data are put in the form of a plot between the applied 
stress on the soil through the plate and the corresponding vertical deformation of the soil 
below the plate, as shown in Fig. 20.19. 


Stress ——> 
Ww 





> 
O Vertical deformation ——> 


Fig. 20.19 Typical plot from the results of a plate bearing test 
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It may be observed that the stress-deformation relationship is linear upto a point such 
as B. The slope of this line is known as the coefficient (or modulus) of subgrade reaction, used 
in geotechnical engineering problems. 

When the stress is released, the plate does not spring back to its original position as can 
be seen from Fig. 20.20. 


Stress —»> 










Elastic 
1 deformation 


Deformation t——» 
Fig. 20.20 Cycle test 


It may be noted that there is a significant residual deformation even though the applied 
stress is released even within the limit of proportionality. 

In a repeated plate bearing test a small stress is applied on the plate and released. This 
forms one loading cycle. In the subsequent loading cycles, the stresses are gradually increased 
in small increments and released. After a significant number of load cycles, a stress deforma- 
tion curve of the type shown in Fig. 20.21 is obtained. 


Stress ——> 


Deformation ————-»> 
Fig. 20.21 Repeated plate bearing test data 


If the elastic deformation values are separated in each cycle and plotted, essentially a 
linear relationship of the type shown in Fig. 20.22 is obtained. 

The constant of proportionality from Fig. 20.22 is, by definition, the coefficient of elastic 
uniform compression, C, which is a constant for a given size of the plate. 
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Fig. 20.22 Stress vs elastic deformation from a 
repeated plate load test 


The spring constant, k,, may be determined from C, as follows: 


p,=C,S, ...(Eq. 20.65) 
P, 
or = CS, 
P 
z -CA 
S, G 
ERE P, 
But, by definition, k, = 3 
e 
k =C A ... (Eq. 20.66) 


In these equation, p, is the vertical stress, P, is the vertical load, S, is the elastic part of 
the settlement, and A is the area of the plate. 

C, is independent of the foundation base contact area only if the distribution of the 
pressure on the foundation is uniform. In reality, the normal stresses in the soil under the 
plate (or foundation) are distributed in a rather irregular manner. This leads to the fact that 
C,, varies with area of the plate or foundation. 

Sadovsky (1928) gave a solution to this problem for a circular base contact area of a rigid 
plate. After going through a bit of mathematical analysis including integration, the following 
expression is obtained for C; 

E 1 
(1-v7) JA 
where E and v are the elastic constants of the soil. Thus it is seen that C, is inversely propor- 
tional to the square root of the area of the plate, and it is not an absolute property of the soil. 


Cy, JA = Cu, VAs ...(Eq. 20.68) 
or Curi = Cu,- ...(Eq. 20.69) 


r, and r, being the equivalent radii of the base plates of areas A, and A,, respectively. 


C= 118 (Eq. 20.67) 


These equations enable one to calculate the C „value for a machine foundation-soil sys- 


tem as follows: 
Ap 
C= Cup A, ... (Eq. 20.70) 
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where Ci = C value for the machine foundation, 
Cip = C value from the repeated plate bearing test, 
A, = area of the plate, 
and A f= base area of the machine foundation. 
Experiments have shown this relationship to be valid only upto a certain area limit of about 
10 m?. 
Barkan (1962) recommends certain values of C, for different soils to be used in case soil investi- 
gations are not possible. These are given in Table 20.2. 


Since it has been established that C, is a function of the foundation size, it would be erroneous 
and misleading to use these values for-design. Further, Barkan found a large discrepancy between 
experimental and computed values of C, from Eq. 20.68 and attributed it to the possibility of the soil 
not behaving like an ideal material. 

But Subrahmanyam (1971) has shown that Eq. 20.68 is valid for different types of soils such as 
silty clay, uniform fine sand, loess loam, and silty sand, provided C, is evaluated from a field vibration 
test and not from repeated plate bearing test. 


Table 20.2 Recommended design values of C, (after Barkan, 1962) 





Category Soil group da C, 
(kg/cm?) (kN/m?) (kg/cm?) (kN/m?*) 





I Weak soils (clays and silty clays with sand, clayey upto 1.5 (150) upto3 (38 x 104) 
and silty sands; also soils of Categories II & III with 
laminae of organic silt and of peat). 
II Soils of medium strength (clays and silty clays with 1.5-3.5 (150-3850) 3-5 (3 to 5 


sand, close to the plastic limit; sand) x 104) 
II Strong soils (clays and silty clays with sand, of 3.5-5 (3850-500) 5-10 (5 to 10 
hard consistency; gravels and gravelly sands; x 104) 
loess and loessial soils) 
IV Rocks >5 (> 500) > 10 (> 10 
x 104) 











q,: permissible static pressure on soil 

He concludes that the repeated plate bearing test, being a static test, cannot effectively simulate 
the highly dynamic nature of loading that occurs in the soil under a machine foundation, and hence is 
not considered to be satisfactory to evaluate the coefficient of elastic compression, and there from the 
spring constant for the machine foundation-soil system. 

Determination of Damping Ratio will be also taken up along with that of shear modulus 
since the same test data may be used to evaluate both. 

The major items of equipment that are involved in any dynamic test fall into two catego- 
ries—one required for inducing a known pattern of vibration (for example, sinusoidal wave 
form) and the other required for measuring the vibration response. The principle unit of the 
first group of equipment is the ‘vibrator’ or the ‘oscillator’, which may work on mechanical, 
electro-magnetic, or hydraulic principle. The mechanical type is commonly used for applica- 
tion to machine foundation. The equipment of the second group includes essentially a trans- 
ducer (or a vibration pick-up), an amplifier and a recorder. 
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I.S. 5249-1977 “Method of Test for insitu determination of dynamic properties of soil” 
includes several methods for the determination of insitu dynamic properties of soils. One of 
these is the ‘Standard Block vibration Test’. 

A plain cement concrete block (M 150) of size 1.5 m x 0.75 m x 0.7 m shall be cast at site 
at the depth where the machine foundation is to be laid as shown in Fig. 20.23. 
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Depth of foundation 
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Section 
Fig. 20.23 Test pit with concrete block (block vibration test-IS:5249-1977) 


A mechanical oscillator should be mounted on the block so that the block is subjected to 
purely sinusoidal vertical vibration. The oscillator is set to work at a certain low frequency 
value. Two geophones of identical characteristics, one connected to the vertical plates and the 
other to the horizontal plates of an oscilloscope are so positioned along a line in the longitudi- 
nal direction of the block that the Lissajous figure on the oscilloscope screen becomes a circle. 
The nearest geophone may be at a distance of 300 mm from the block and the farther one 
varied in position till this condition is achieved. The block diagram for the testing arrange- 
ment is shown in Fig. 20.24. 


Concrete block 


Oscillator Motor 
K 
l 
I 






Vibration 


pickûp Geophones 






Speed 
controller 
Recorder 
Power 
supply 


Fig. 20.24 Typical block diagram for the experimental 
set up for insitu dynamic soil test (IS:5249-1977) 
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The distance between the two geophones, Dg, is then measured. It can be proved from 
the theory of wave propagation that the wave length in this particular case is four times the 
distance D P The velocity, C,, of the propagating shear wave can be obtained from V, = f.À, 
where fis the frequency of vibration (cps) which is the same as that of the oscillator. This may 
be got from vibration record or by means of a tacheometer. 

Alternatively, the output from the geophones may be connected to the two vertical am- 
plifiers of a double beam oscilloscope. The distance between the two geophones is so adjusted 
that the two traces on the oscilloscope screen are 180° out of phase. The distance between the 
geophones in then equal to half the wave length (A) of the vibration. The shear wave velocity 
may be calculated as before. 

The modulus of elasticity (E) and the shear modulus (G) may be calculated from the 
following equations: 

E = 2pC,°(1 + v) ... (Eq. 20.71 (a)) 
G=pC? ... (Eq. 20.71 (6)) 
where p is the density of the soil and v, the Poisson’s ratio of soil. 

The following values may be used for the Poisson’s ratio: 

clay : 0.50 
sand : 0.30 to 0.35 
Rock : 0.15 to 0.25 

As a general rule, v may be assumed as 0.3 for cohesionless soils and 0.4 for cohesive 
soils. 

The test is carried out with the frequency of the oscillator set to the operating frequency 
of the actual machine. The ratio of the dynamic force to static weight of concrete test block and 
the oscillator taken together should be kept the same as that in the actual machine foundation. 


Aliter 


The shear modulus can also be obtained from the experimentally determined value of coeffi- 
cient of elastic uniform compression as follows: 





E = 2G(1 + v) ...(Eq. 20.72) 
aE 1 
and C, = Gv) JBL ... (Eq. 20.73) 


where o is a constant which depends on the aspect ratio (=); L and B being the length and 
breadth of the rectangular block used in the test. Table 20.3 gives the values of œ for various 


L 
values of B according to Barkan (19.62). 
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Table 20.3 Value of a for rectangular foundations (Barkan 1962) 








Aspect ratio L/B Value of à 
1 1.06 
1.5 1.07 
2 1.09 
3 1.13 
5 1.22 
10 1.41 











The coefficient of elastic uniform compression may also be obtained as follows based on 
the provisions given in IS:5249-1977. 

The vibration pick-up is fixed on top of the block and the amplitudes are obtained by 
means of an oscillograph for different frequencies of excitation. The frequency corresponding 
to the peak amplitude is determined. This is the resonant frequency, f,. Then C, is got from 
the equation 

_ 4n? fa M 
u` A, 
where M is the mass of the test block plus mounted mechanical equipment, 


C (Eq. 20.74) 


f, is the resonant frequency in cps, and 
A, is the contact area of the test block with soil. 


Having determined one of the soil constants, say C from an insitu test on soil, the 
other dynamic soil constants may be evaluated approximately from the following relations 
suggested by Barkan. 


(i) Coefficient of elastic uniform shear, 


C,=0.5C, ...(Eq. 20.75 (a)) 
(ii) Coefficient of elastic nonuniform compression 

Car, (Eq. 20.75 (b)) 
(iii) Coefficient of elastic nonuniform shear 

C= 0.756, (Eq. 20.75 (c)) 


Determination of Damping Ratio, D 

(a) Free Vibration test. Free vibrations are induced in the block is some suitable way, 
such as hitting the block on top with a hammer. The decay curve is obtained on a vibration 
recorder connected to a vibration pick-up fixed to the concrete block. 


The damp ing ra tio 1S OD tained fr om the form ula 
= log . (Eq. 20.76) 
2T 


where z, and z, are peak amplitudes at two successive peaks of the decay curve (Fig. 20.12 (c)) 
(This is valid for small values of D only). 


840 GEOTECHNICAL ENGINEERING 





(b) Forced Vibration test. A mechanical oscillator is mounted on a concrete block in such 
a manner that it induces pure vertical vibrations. The response is obtained from a pick-up 
mounted on top for various frequencies of excitation till the “resonance” is passed through. A 
graph is drawn between amplitude and frequency of excitation (Fig. 20.25). The frequency f, 
corresponding to the peak amplitude represents the “resonant frequency”. 


The damping ratio can now be obtained from the relation: 


me ...(Eq. 20.77) 


2f, 


Amplitude ——> 








f, f 
Frequenccy ——> 


n 


Fig. 20.25 Response curve under forced vibration 


where Af is the frequency intercept between the two points on the response curve at which the 
amplitude is 0.707 (or 1/./2) times the peak amplitude and f, is the resonant frequency. 


It may be noted that laboratory tests inducing vibrations in a small specimen may also 
be used to arrive at the dynamic soil parameters. But a fuller description of all such tests is 
considered unnecessary for the present treatment. 


20.4 MACHINE FOUNDATIONS—SPECIAL FEATURES 


Machine foundations, being of a special kind, fall into a separate class of their own. For exam- 
ple, the general criteria for ensuring stability of a machine foundation are rather different 
from those for other foundations. Also the design approach and methods of analysis are totally 
different in view of the dynamic nature of the forces. The types of machine foundations are 
also different. 

Responsibility for satisfactory performance of a machine is divided between the ma- 
chine designer, who is usually a mechanical engineer, and the foundation designer, who is 
usually a civil engineer, more specifically a geotechnical engineer. The latter’s task is to design 
a suitable foundation consistent with the requirements and tolerance limits imposed by the 
machine designer. It is therefore imperative that the machine designer and the geotechnical 
engineer work in close co-ordination right from the stage of planning until the machinery is 
installed and commissioned for its intended use. 

Until recently, design of machine foundations has been mostly based on empirical rules, 
before the evolution of Soil Dynamics as a discipline. With the developments in the fields of 
structural and soil dynamics, sound principles of design were gradually established. 
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The relevant aspects with regard to the design of machine foundations will be dealt 
with in the subsections that follow. 


20.4.1 Types of Machines and Machine Foundations 
Machines may be classified as follows, based on their dynamic effects and the design criteria: 


(i) Those producing periodical forcees—reciprocating machines or engines, such as com- 
pressors. 


(ii) Those producing impact forces—forge hammers and presses. 
(iii) High speed machines such as turbines and rotary compressors. 
(iv) Other miscellaneous kinds of machines. 
Based on their operating frequency, machines may be divided into three categories: 
(a) Low to medium frequency machines up to 500 rpm: 


Large reciprocating engines, compressors, and blowers fall in this category. Usual 
operating frequencies range from 50 to 250 rpm. 


(b) Medium to high frequency machines—300 to 1000 rpm. 

Medium-sized reciprocating engines such as diesel and gas engines come under this 
category. 

(c) Very high frequency machines-greater than 1000 rpm: 

High-speed internal combustion engines, electric motors, and turbo-generators fall in 
the category. 

Machine foundations are generally classified as follows, based on their structural form: 

I-Block-type foundations, consisting of a pedestal of concrete on which the machine 
rests (Fig. 20.26 (a)). Reciprocating machinery falling into category (a) above are supported on 
block-type foundations with large contact area with the soil. 

Reciprocating machinery of category (b) above may be also supported on block-type foun- 
dations, but these are made to rest on springs or suitable elastic pads to reduce their natural 
frequencies. 

High-speed machinery of category (c) above may also be supported on massive block 
foundations; small contact surfaces with suitable isolation pads are desirable to reduce the 
natural frequencies. 

I-Box or caisson type foundations, consisting of a hollow concrete block (Fig. 20.26 (6)). 

IIJ—Wall-type foundations, consisting of a pair of walls which support the machinery on 
their top (Fig. 20.26 (c)) 

IV—Framed-type foundations, consisting of vertical columns supporting on their top a 
horizontal frame work which forms the seat of essential machinery (Fig. 20.26 (d)). 

Turbomachinery requires this type of foundations, which accommodate the necessary 
auxiliary equipment between the columns. 

Some machines such as lathes, which induce very little dynamic forces do not need any 
foundations; such machines may be directly bolted to the floor. 
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Fig. 20.26 Types of machine foundations 


20.4.2 General Criteria for Design of Machine Foundations 
The following criteria should be satisfied by a machine foundation: 

(i) The foundation should be able to carry the superimposed loads without causing 
shear failure. The bearing capacity under dynamic loading conditions is generally 
considered to be less than that for static loading, the reduction factor ranging from 
0.25 to 1.0. 

(ii) The settlement should be within permissible limits. 

(iii) The combined centre of gravity of machine and foundation should be, to the extent 
possible, in the same vertical line as the centre of gravity of the base line. 

(iv) Resonance should be avoided; hence the natural frequency of the foundation-soil 
system should be far different from the operating frequency of the machine. (For 
low-speed machines, the natural frequency should be high, and vice-versa). The 
operating frequency should be high, and vice-versa). The operating frequency must 
be either less than 0.5 times or greater than 1.5 times the resonant frequency so as 
to ensure adequate margin of safety. 

(v) The amplitude under service conditions should be within the permissible limits, 
generally prescribed by the manufacturers. 

(vi) All rotating and reciprocating parts of the machine should be so balanced that the 
unbalanced forces and moments are minimised. (This, of course, is the responsibil- 
ity of the mechanical engineers). 

(vii) The foundation should be so planned as to permit subsequent alteration of natural 
frequency by changing the base area or mass of the foundation, if found necessary 
subsequently. 
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From the practical point of view, the following additional requirements should also be 
fulfilled: 

(viii) The ground-water table should be below the base plane by at least one-fourth of the 
width of the foundation. Since ground-water is a good conductor of waves, this lim- 
its the propagation of vibration. 

(ix) Machine foundations should be separated from adjacent building components by 
means of expansion joints. 

(x) Any pipes carrying hot fluids, if embedded in the foundation, must be properly iso- 

lated. 

(xi) The foundation should be protected from machine oil by means of suitable chemical 
treatment, which is acid-resistant. 

(xii) Machine foundations should be taken to a level lower than the level of foundations 
of adjoining structures. In this connection, it is perhaps pertinent to remember 
Richart’s chart given in sub-section 20.3.3 (Fig. 20.18). 


20.4.3 Design Approach for Machine Foundation 

The dimension of machine foundations are fixed according to the operational requirements of 
the machine. The overall dimensions of the foundation are generally specified by the manufac- 
turers of the machine. If there is choice to the foundation designer, the minimum possible 
dimensions satisfying the design criteria should be chosen. 

Once the dimensions of the foundation are decided upon, and site conditions are known, 
the natural frequency of the foundation-soil system and the amplitudes of motion under oper- 
ating conditions have to be determined. 

The requirements specified in the previous subsection should be satisfied to the extent 
possible for a good design. Thus, the design procedure is one of ‘trial and error’. 

The specific data required for design vary for different types of machines. However, 
certain general requirements of data may given as follows: 

(i) Loading diagram, showing the magnitudes and positions of static and dynamic loads 
exerted by the machine. 

(ii) Power and operating speed of the machine. 

(iii) Line diagram showing openings, grooves for foundation bolts, details of embedded 

parts, and so on. 

(iv) Nature of soil and its static and dynamic properties, and the soil parameters re- 

quired for the design. 


20.4.4 Vibration Analysis of a Machine Foundation 


Although the machine foundation has six-degree freedom, it is assumed to have single degree 
of freedom for convenience of simplifying the analysis Fig. 20.27 shows a machine foundation 
supported on a soil mass. 

M.is the lumped mass of the machine and of the foundation, acting at the centre of 
gravity of the system. Alongwith M p a certain mass, M, of soil beneath the foundation will 
participate in the vibration. The combined mass M (the sum of M, and M,) is supposed to be 
lumped at the centre of gravity of the entire system. 
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Fig. 20.27 Machine foundation-soil system 


The system is taken to be undergoing purely vertical vibrations and thus considered to 
be a system with single degree freedom. 

The vibration analysis of a machine foundation may be performed based on either one of 
the broad approaches, namely, the Elastic Half-space theory and the Mass-spring-dashpot 
model. Depending upon the approach selected, the values of the appropriate soil parameters 
have to be determined by a suitable method. 


However, it may be noted that, unfortunately, there is no rational method to determine 
the magnitude of the mass of soil participating in the vibration, as stated in subsection 20.3.2. 
A general guideline is to choose this value to be ranging between zero and the magnitude of 
the mass of machine and of the foundation. In other words, the total mass, M, is taken to be 
varying between M f and 2 M pis most cases. 

Empirical approaches, based on different criteria such as type, speed or power of the 
machine have been advanced by some research workers; however, all such approaches may 
now be considered to be obsolete. 


20.4.5 Elastic Half-Space Theory 


In this theory, a rigid body of known mass is taken to rest upon the surface of an ideal soil, i.e., 
elastic, homogeneous, and isotropic material. It is termed ‘half-space’ because the soil is as- 
sumed to extend infinitely in all directions including the depth, with a top surface as a bound- 
ary. For mathematical convenience, the foundation/footing is taken to be of circular shape. 
The basic soil parameters used in the development of the theory are the shear modulus, G, the 
mass density, p, and the Poisson’s ratio, v. 


The elastic half-space theory may be used to predict the resonant frequency and the 
peak amplitude of motion of the system from a single field vibration test. Although the theory 
does not explicitly take into account the damping effect of the system, the amplitudes obtained 
are finite, indicating that the effect is considered, indirectly (In fact, the nature of damping in 
this case may be ‘radiation’ and/or ‘internal’). Further, contact pressure distribution is re- 
quired in the analysis. 

Reissner (1936) presented an analytical solution for vertical vibrations of a circular disc 
resting on an elastic half-space; he considered the contact pressure distribution to be uniform. 
Reissner was the first to use elastic half-space theory for soil dynamics problems. 
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Quinlan (1953) and Sung (1953) gave independently mathematical solutions for three 
types of contact pressure distributions, viz., uniform, parabolic, and rigid base distributions. 
(Note:-Parabolic distribution means zero pressure at the edge with maximum at the centre, 
the distribution across a diameter being parabolic; rigid base distribution means infinite pres- 
sure at the edge with minimum finite value at the centre, the distribution being parabolic 
again.) Sung’s approach involves the use of the data from a single field vibration test to deter- 
mine dimensionless parameters for peak amplitude and for resonant frequency, along with 
another dimensionless parameter, called ‘mass ratio’. Sung presented design charts for ma- 
chine foundations based on his work. His dimensionless parameters are used to predict the 
response of a proposed machine foundation at the particular site where the single field vibra- 
tion test has been conducted. Subrahmanyam (1971) has extended Sung’s work. Richart and 
Whitman (1967) have concluded that the elastic half-space theory is qualitatively satisfactory, 
by analysing vast test data from the U.S. Army Engineer Waterways Experiment Station, and 
also their own test data. A number of other investigators have also come up with their own 
solution, but these are beyond the scope of this book. Readers who are interested may refer 
Richart et al (1970). 


20.4.6 Mass-Spring-Dashpot Model 


The mass-spring-dashpot model, or the ‘lumped parameter system’, has been widely used to 
predict machine foundation response for vertical vibrations as well as other modes of vibra- 
tion, including coupled modes. In this approach also, the soil is assumed to be an ideal mate- 
rial, on the surface of which a machine foundation rests. The soil has been characterised as a 
linear weightless spring, in which damping is present. Although it is well known that the 
damping effect of soil is due to radiation and internal loss of energy, it is considered to be 
viscous damping for mathematical convenience. Thus, the theory of free, and particularly forced, 
vibrations with damping is used to analyse the behaviour of machine foundation. 

Since the spring is considered weightless for mathematical convenience, but the soil has 
weight, the results from this analysis do not exactly match the experimental values obtained 
for a machine foundation. But this model may be considered as a first approximation to the 
machine foundation-soil system (Sankaran and Subrahamanyam, 1971). Non-linear models 
have also been proposed by some investigators to simulate the nonlinear constitutive relation- 
ship of soil, but no effective solution has been given to evaluate the nonlinear stiffness of the 
spring. 

Pauw (1953) considered the soil as a truncated pyramid extending to infinite depth; he 
tried to evaluate the effect of the spring constant on the size and shape of control area and the 
effect of variation of soil modulus with depth. He assumed the soil modulus to increase linearly 
with depth for cohesionless soils, while it is taken to be a constant with depth for cohesive 
soils. 

A modified mass-spring dashpot model, involving the use of the mass of soil participat- 
ing in the vibration in the evaluation of the spring constant, k,, and the damping ratio, D, has 
been proposed by Subrahmanyam (1971). The details of this work are also considered out of 
scope of this book. 


846 GEOTECHNICAL ENGINEERING 





20.5 FOUNDATIONS FOR RECIPROCATING MACHINES 


Reciprocating engines having crank-type mechanism include steam engines, diesel engines, 
displacement compressors, and displacement pumps. Vibrations are caused due to conversion 
of rotary motion to linear motion. Reciprocating machines may operate either vertically or 
horizontally. These may have three modes of vibration-vertical, sliding, and rocking. 

Generally block-type foundations (with openings where necessary for functional rea- 
sons) are provided for reciprocating machinery. 

The main problem in the design is to successfully evaluate the unbalanced inertial forces 
from the mechanical details of the engine. 


20.5.1 Design Criteria 
The general criteria for design of machine foundations have already been set out in subsection 
20.4.2, and the tolerance limits have been given in subsection 20.3.3. Specifically, the principal 
design criteria for foundations for reciprocating machinery are as follows: 
(i) The natural frequency should be at least 30 percent away from the operating speed 
of the machine. 
(ii) The amplitude of motion of the foundation should not exceed 0.2 mm. 

(iii) The pressure on soil (or other elastic layers such as cork, springs, etc., where used) 
should be within the respective permissible values. 

For preliminary design, the maximum pressure on soil due to static load alone may be 

taken as 0.4 times the corresponding safe bearing capacity. 

The design data to be supplied by the manufacturer of the machine include the follows: 

(i) Normal speed and power of engine. 
(ii) Magnitude and position of static loads of the machine and the foundation. 

(iii) Magnitude and position of dynamic loads which occur during the operation of the 
machine; alternatively, the designer should be supplied with all the data necessary 
for computing such forces. 

(iv) Position and size of openings provided in the foundation for anchor bolts, pipe line, 
flywheel, etc. 

(v) Any other specific information considering the special nature of the machine. These 
may include permissible differential settlements, permissible amplitudes of motion, 
etc. The relevant IS Code—IS: 2974-Pt I-1982 (Revised)-contains further details. 


20.5.2 Calculation of Unbalanced Inertial Forces 


A simple crank mechanism for a single-cylinder engine is shown in Fig. 20.28: 

It consists of a piston which moves inside a cylinder, a crank which rotates about a 
point O and a connecting rod which is attached to the piston at point P (known as “wrist pin”) 
and to the crank shaft at point C (known as “crank pin”). The crank pin follows a circular path 
while the wrist pin oscillates along a linear path. Points on the connecting rod between P and 
C follows an elliptical path. 
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Designating the total reciprocating mass which moves with the piston as Me. and the 


rotating mass moving with the rank as M,,,, the unbalanced inertial forces P, (along the direc- 


tion of the piston) and P, (along a perpendicular direction) may be written as 


R’o” 
P, = (M e + M,,,)Ro’cos ot + Mec y, COS 20t ...Eq. 20.78) 


and P, = M,,,Ro’sin ot ...(Eq. 20.79) 








Fig. 20.28 Simple crank-mechanism 


Here o is the angular velocity and R is the radius of the crank. 
For the simple crank-mechanism shown, the reciprocating and rotating masses are given 


by the following equations: 


M ec = M, + mZ) ... (Eq. 20.80) 
and M= Me + Ml =) .. (Eq. 20.81) 
Here M, = mass of crank, 
M, = mass of reciprocating parts, i.e., piston, piston rod, and crank-head, 
M, = mass of connecting rod, 
L = length of connecting rod, 

L, = distance between the CG of the connecting rod and the crank pin C, 

L, = distance between the CG of the connecting rod and the wrist pin P, 
and R, = distance between the CG of the crank shaft and the centre of rotation. 


(These equations are based on a simplifying assumption regarding the distribution of 


the mass of crank shaft). 
The first term for P, in Eq. 20.78 involving cos œt (first harmonic) is called the “primary” 


inertial force and the second involving cos 2wt (second harmonic) is called the “secondary” 
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inertial force. Generally speaking, the contribution to the total inertial force from the second- 
ary components (due to second and higher harmonics) is considered negligible compared with 
that from the primary component. 

The inertial force due to rotating masses may be eliminated by what is known as “coun- 
ter-balancing”; however, that due to reciprocating mass cannot be avoided. 

The above analysis is applicable only for reciprocating machines with a single cylinder. 
But most machines have more than one cylinder-that is to say, most machines are multi- 
cylinders engines, all cylinders being usually housed in single plane. 

The analysis can be extended to a multi-cylinder engine and the unbalanced inertial 
forces may be derived as follows: 


P, = (M, + M, Ro? 5 cos (at + o) ...(Eq. 20.82) 
i=1 
(neglecting secondary inertial forces) 
P, =M „Ro? F sin (at + a) ...Œq. 20.83) 
i=1 


where o, = the angle between the crank of the i-th cylinder and that of the first cylinder (this 
is known as the “crank angle” of the i-th cylinder) 
and n = number of cylinders. 


(Note:- Moments of these inertial forces about the relevant centroidal axis of the ma- 
chine may be determined if the exact relative locations of the engines, and hence the lever 
arms, are known). 


For a vertical two-cylinder engine, for example, the resultant unbalanced inertial forces 
for different crank angles may be obtained as follows: 


Crank Angle n/2 (or phase difference is 1/2) 
This is the most common case. 


Pa, = (Mec +M 


rot 


)Ro? cos wt (approx.) 


P,, = (M,,, + M,,,)Ro* coso F z) 


rot 
T 
P, = P, +P, = (M,,, + Mp) RO? os wot + cos ot + | 


or P, = Mee +t M 


rot 


T 
Racos ot + 4 ... (Eq. 20.84) 


Similarly, P,, = M,,,Ro’sinot 
T 
P,, = M „PRO? sin ot + 5 

P.= Pa + Po = M Rosin ot + sin{ ot + | 


or P, = ¥2M,,,Ro” sin or + 4 .. (Eq. 20.85) 
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It may be noted that the peak values of the inertial forces in this case are 2 times 
those for a single cylinder engine. The moments about the principal axes may be easily ob- 
tained if the exact positions of the cylinders and lever arms are known in a given case. 


Crank Angle n 


The resultant inertial forces P, and P, are obviously zero in this case. However, the moments 
may not be zero and have to be computed. 


Crank Angle 31/2 
The resultant inertial forces are 


P, = V2 (Myo. + My) RO” sin{ of + z) ...Eq. 20.86) 


P, = V2M „RO? sin or - z) ...(Eq. 20.87) 


Crank Angle 2n (Cranks in parallel directions) 
The resultant inertial forces in this case are 
P, = 2X(M e + M,,,)Ro*cos ot ...Eq. 20.88) 


rec rot 
P = 2M „Rosin ot ...(Eq. 20.89) 

These are double the respective forces for a single-cylinder engine. 

(Note:-Corresponding expressions for the unbalanced inertial forces may be derived for 
different sets of crank angles for vertical reciprocating machines with three, four, and six 
cylinders, using the same principles). 

Similar treatment is applicable even for horizontal reciprocating machines, except that 
x and z have to be interchanged; horizontal machines are generally two-cylinder engines with 
90°-crank angle. 


If the engines have auxiliary cylinders such as a compressor and an exhaust, the loads 
imposed by the auxiliaries should also be considered; however, these are usually small, rela- 
tively speaking, and hence may be ignored. 

If vibration absorbers such as springs are interposed between the machine and the foun- 
dation in order to limit the amplitudes, the system has to be considered at least as one with 
two-degree freedom depicted in Fig. 20.5, although strictly speaking, its degree of freedom is 
twelve. 


20.6 FOUNDATIONS FOR IMPACT MACHINES 


Hammers are typical examples of impact type machines. The design principles of foundations 
for hammers are entirely different from those for reciprocating machinery. In a hammer, a 
ram falls from a height on the anvil executing either forging or stamping a material placed on 
the anvil. 


Hammer foundations are generally reinforced concrete block type of construction 
(Fig. 20.29). The anvil on which the tup falls repeatedly is usually placed on an elastic layer 
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which may be of timber grillage or cork. The foundation may be placed directly on soil or on a 
suitable elastic layer, the purpose of which is to isolate the vibration and minimise the harmful 
effects of the impact. 


Foundation 













Elastic pad 
(timber grillage or cork) 


R.C. trough 

















Elastic layer 


Fig. 20.29 Schematic of a typical hammer foundation (1S:2974-1980) 


The frame of the hammer may either rest directly on the foundation or it may be sup- 
ported from outside depending on the convenience. The frame is essentially to guide the ram 
and house the arrangement for the movement of the ram. 


The practice of design of the foundation for hammers has been to provide a massive 
block foundation. 


20.6.1 Special Considerations 
The following are the special considerations in planning the foundation for impact machines: 
(i) The centre line of the anvil and the centroid of the base area should lie on the verti- 
cal line passing through the common centre of gravity of the machine and its foun- 
dation. 


(ii) Where elastic pad is used under the anvil and the base of the foundation, care should 
be taken to ensure uniform distribution of loading and protection of the pad against 
water, oil, etc. It is recommended that the foundation be laid in a reinforced con- 
crete trough formed by retaining walls on all sides. The foundation may be sepa- 
rated from the side walls by means of an air gap. 

(iii) If timber is used for elastic pad, the timber joists should be laid horizontally in the 
form of a grillage. The joists must be impregnated with preservative for protection 
against moisture. 

(iv) The thickness of the elastic pad is governed by the permissible stresses in the re- 
spective materials. Guidelines in this regard are given in Table 20.4 (Major, 1962): 
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Table 20.4 Thickness of timber pads under anvil (after Major, 1962) 














Type of hammer Thickness of pad (m) for a falling weight of 
upto 10 kN 10-30 kN 30 kN 
Double acting drop hammers 0.2 0.2 to 0.6 0.6 to 1.2 
Single acting drop hammers 0.1 0.1 to 0.4 0.4 to 0.9 
Forge hammers 0.2 0.2 to 0.6 0.6 to 1.00 








(v) When two adjacent foundations are laid at different depths, the straight line con- 
necting edges should form an angle not exceeding 25° to the horizontal (Fig. 20.30). 
However, if foundation are too close, they may be laid to the same depth and a 
common raft provided as base. 


20.6.2 Design Data 
The following data are required to be supplied to the designer: 
(i) Type of hammer (ii) Weight of falling tup (W,) 
(iii) Weight of anvil (W,) 






Anvil 











Adjacent 
foundation 


tf 





fA 7 










LL WLLL Adjacent 
foundation 

Machine f, 
foundation a LII, 





Fig. 20.30 Criteria for locating adjacent foundations (IS: 2974-Pt Il-1980) 


(iv) Weight of the hammer stand supported on the foundation (W), to be added to W, 
only if the stand is directly resting on the foundation 
(v) Base area of anvil (L, x B) 
(vi) Stroke or fall of hammer (h) 
(vii) Effective working pressure (p) on the piston and area of piston (a) 
(viii) Outline of the foundation showing the position of anchor bolts, floor level, position 
of adjacent foundations, etc. 


20.6.3 Elastic Pad Under the Anvil 
The thickness of elastic pad varies with the weight of the dropping parts and the type of 
hammer from about 200 mm for 10 KN hammer to a maximum of about 200 mm for hammers 
of over 30 KN (Table 20.4). 

The thickness of the pad should be so selected that the dynamic stresses induced in the 
pad by impact do not exceed the permissible values, which are as follows (Barkan, 1962): 


Oak : 30,000 to 35,000 kN/m? 
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Pine : 20,000 to 25,000 kN/m2 
Larch : 15,000 to 20,000 kN/m? 


20.6.4 Velocity of Anvil 
The velocity of anvil after impact is required to be determined for the dynamic analysis of a 
hammer foundation. This may be obtained as follows: 
Velocity of Tup before Impact 
For free fall hammer, the velocity v before impact is given by 

v=aj2gh ... (Eq. 20.90) 
where A = height of fall, 


and œ= correction factor which characterises the resistance of exhaust steam (a = 1 for well 
adjusted hammer according to Barkan, 1962). 


For double-acting hammer, v is given by 
a 2g(W, + pa)h 


v= W, ... (Eq. 20.91) 
where W, = weight of tup, 
p = pressure on the piston, 
a = area of piston, 
h = stroke, 
and = correction factor which varies from 0.5 to 0.8. Barkan (1962) recommends an 


average value of 0.65. 


Velocity of Tup and Anvil after Impact 
Let v be the velocity of tup before impact, 
v; be the velocity of tup after impact, 
and v, be the velocity of anvil after impact. 
(It may be remembered the velocity of the anvil and foundation is zero before impact). 
Applying the principle of conservation of momentum 
My=My,+Mv, ...(Eq. 20.92) 
where M, = mass of tup, 
and M_,=mass of anvil (including the weight of frame, if mounted on it). 


Another equation is obtained by using Newton’s hypothesis concerning the restitution 
of impact which states that “the relative velocity after impact is proportional to that before 
impact”. The ratio between these two, which is known as the coefficient of elastic restitution 
(e) depends only on the materials of the bodies involved in the impact. Therefore we may write 


(Ug — V4) 
e=_— 


F ...(Eq. 20.93) 
or v = (v, —ev) 
substituting for v, in Eq. 20.92 and simplifying, 
1+ 
v = E aLi v ...Eq. 20.94) 


a7 (14+A,) 
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where rn, =—* ...(Eq. 20.95) 


This analysis is applicable for a ‘central blow’ or ‘centred impact’ as it is called. 

For an ‘eccentric blow’ or ‘eccentric impact’ the moment of momentum equation also has 
to be used in addition to the two equations used for central blow. Proceeding on similar lines, 
one obtains the following equations for the initial velocity of anvil after impact (vj) and the 
initial angular velocity after impact (@,): 











1+e) 
Up = 5 ...(Eq. 20.96) 
M, ei 
1+ DAET 
M, i 
(1+e)e; 
and Wy = -U ...(Eq. 20.97) 
ef pa | +e," 
t 
where e, = eccentricity of blow or impact, 
L 
and i?= ——.Im being the mass moment of inertia of the moving system about the axis of 
M, 
rotation. 


The coefficient of restitution, e, is unity for perfectly elastic bodies and zero for plastic 
bodies. For real bodies, e lies between zero and one. barkan (1962) observed from his experi- 
ments that the value of e does not exceed 0.5. Since higher values of e lead to greater ampli- 
tudes of motion, Barkan recommends that a value of 0.5 be chosen for hammers stamping steel 
parts. Values of e for large hammers proper are much smaller than those for stamping ham- 
mers, and corresponding design value may be taken as 0.25. 


For hammers forging nonferrous metals, e is considerably smaller, and may be consid- 
ered to equal zero (Barkan, 1962). 


20.6.5 Dynamic Analysis of Foundation for Impact Machines 


The hammer-anvil-pad-foundation-soil system is assumed to have two degrees of freedom. 
The elastic pad is taken to be an elastic body with spring constant k, and the soil below the 
foundation another elastic body with a spring constant k,. 


This model for dynamic analysis is shown in Fig. 20.31. 
The impact caused by the ram (tup) of the hammer causes free vibrations in the system. 
Since the soil has also damping effect, the system undergoes free vibrations with damping. 
The equations of motion may be written as follows using Newton’s laws or D’ Alembert’s 
Principle: 
M 72, + kızı — kə(z2 - 21) =0 ...(Eq. 20.98 (a)) 


and M 29 + ko(Ze - 21) =0 ... (Eq. 20.98 (b)) 
Here z; andz, = displacements of foundation and anvil from their equilibrium positions, 
M y= mass of the foundation, 
k, = soil spring constant, 
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and k, = spring constant of elastic pad. 
Also k; =C,/A, ... (Eq. 20.99) 
E,A, 
and k, = i ...(Eq. 20.100) 
P 







Tup(hammer) 
Anvil 


k,(for pad) 
Foundation 


k, (for soil) 


Fig. 20.31 Model for analysis of a hammer foundation 


where C, = coefficient of elastic uniform compression of soil under impact, 
A, = contact area of foundation, 
A, = base area of pad, 
E, = Young’s modulus of the material of the pad, 
and t, = thickness of pad. 
Starting with possible solutions for z} and z, 
such as z; =C sin w,¢ 
and Zo = C, sin w,t, 
C, and C, being constants, and substituting in the differential equations of motion (Eq. 20.98), 
and simplifying, it is possible to develop a frequency equation of the fourth degree as follows: 


w,*—(1 + A,) (@,? + @,7)@,? + (1 + A,)0,70,? = 0 ..(Eq. 20.101) 
where à, =M M; ...(Eq. 20.102) 
ko E,A, 
iT ry a ..(Eq. 20.1 
On M TLM. (Eq. 20.103) 
kı Cu At 





and ... (Eq. 20.104) 


2 = 
% = M, +M) M, +M; 
œ, is the limiting natural frequency of the anvil, assuming the soil to be infinitely rigid (k , =~). 


& is the limiting natural frequency of the entire system (anvil and foundation), assuming the 
anvil to be infinitely rigid (k, = ©). 
The positive roots of Eq. 20.101 are designated as œ, and ,.,. These may be expressed as 





O19 Aas 210, +@)7)) + [a+ A10, +0)? -All 


(Eq. 20.105) 
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The differential equations of motion (Eq. 20.98) may be solved for the known initial 
conditions: 


when ż = 0,2, =2,=0, 2; = 0; and 2, = v, 


The solution is 





2 2 2 2 : : 
-= -= Oni Ont 
Wy = One Oa = Ont ) (#2 nit sin@,2 __(Bq, 20.106 (a)) 


Z,= 
1 2 2 2 
Oa (On -0,2 ) On1 On2 





2 2 2 2 
v (Oa 0n) COP) 
Zo a a n2 sin, it = a ni 


2 SIN@not| ...(Eq. 20.106 (b)) 
(On — Ong”) Oni Ong : | i 


Barkan (1962) observed from his experiments, that vibrations occurred at the lower 
principal frequency only, and as such, it may be assumed that the amplitude of vibrations for 
sin @,;ź (where ®,, > @„2) equals zero. 

Then the approximate expressions for z, and z, are as follows: 


2 2 2 2 
(aq -0n Oa 7 One ) 





z=- V, SİN pot ...(Eq. 20.107 (a)) 


2 2 2 
Oa (On1 -0,2 )O n2 


2 2 
(@, -01 ) 





z= Va SİN Oot ...(Eq. 20.107 (b)) 


(nr T Ong On 
The maximum amplitudes of motion occur when sin œ, = 1. 
These are— 

for foundation-soil-system 


2 2 2 2 
_ @a -0,2 Noa Oni he 





AlE Zima) = b ...(Eq. 20.108 (a)) 


2 2 2 
Oa (Ont —@n2 )O n2 
for anvil 


2 2 
(Oa -0,1 ) 





A (= 25 max) = .. (Eq. 20.108 (b)) 


(1 a On2 )On2 : 
The stress in the elastic pad, ©, is given by 


0, = rae —2,) or BA, — Ay) ...(Eq. 20.109) 

The basic model is applicable if there is a uniform contact between the elastic pad and 
the anvil as well as between the pad and the top surface of the foundation block. However, it 
has been generally observed that the contacts are not uniform by virtue of the fact that the 
bottom surface of anvil and the top surface of the foundation are relatively rough. 

Also, the hammer foundation-soil system is the case of free vibration with damping. 
Satisfactory solutions are not available to date to analyse the system as Mass-spring-dashpot 
model with two-degree freedom. 

Further, hammer foundations are generally embedded in the soil either partially or 
completely. Embedment makes the analysis rather complex. 

Therefore, one has to resort to the use of empirical correlations of Barkan (1962), based 
on his experimental investigations, to take care of the influence of damping of the system, non- 
uniform contact of the elastic pad, and depth of embedment. 
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In this connection Barken gives the following equation: 
C/=kC, (Eq. 20.110) 
where C,’ = coefficient of elastic uniform compression to be used in the design of hammer 
foundation, 
C, = coefficient of elastic uniform compression of the soil obtained from tests, 
and k,=a correction coefficient. 


Barkan (1962) recommends a value of 3 for k, for use in the design of hammer founda- 
tions, based on the observations in the extensive experimental program carried out by him. 


20.6.6 Design Criteria 


The following are the primary criteria for the design of a hammer foundation: 


(i) The amplitudes of the foundation block and anvil should not exceed the permissible 
values given hereunder: 


For the Foundation Block (A) 


The maximum amplitude of the foundation should not exceed 1.2 mm. In the case of founda- 
tions resting on sand below ground water table, this should be limited to 0.8 mm. 


For the Anvil (A,) 


The permissible amplitudes which depend upon the weight of the falling tup are given in Table 
20.5: 


Table 20.5 Permissible amplitudes for anvil (After Barkan, 1962) 














Weight of tup W) upto 10 kN 20 kN 30 kN 
Maximum permissible 1mm 2mm 3 to 4mm 
amplitude 





(ii) The maximum stresses in the soil and other elastic layers shall be less than the 
permissible values for the respective materials. If timber is used for the elastic pad, the per- 
missible stresses given in subsection 20.6.3 are to be considered. 


20.6.7 Design Approach 

The design is a trial and error process. Certain dimensions are assumed for the foundation 
block and elastic pad. The stress in the elastic pad, and the amplitudes of motion are calcu- 
lated. These values are compared with the respective permissible values, and if necessary, the 
dimensions are changed, and the analysis revised. 


20.6.8 Barkan’s Empirical Procedure 


Based on his experimental investigations, Barkan (1962) recommended the following empiri- 
cal equations for the determination of the tentative weight of the foundation and the base area 
of the foundation block in terms of the coefficient of restitution and the velocity of the dropping 
parts: 


Weight of Foundation 
n-= [8.011 + ev —n,] ... (Eq. 20.111) 


ELEMENTS OF SOIL DYNAMICS AND MACHINE FOUNDATIONS 857 





where n = ratio of the weight of the foundation (W) to that of the dropping weight or tup (W,) 
or (W/W) 
e = coefficient of restitution, 
v = velocity of the dropping weight just before impact, (meters/sec) 


and n, = ratio of the weight of anvil (W,) to that of the dropping weight (W,) or (Fe) 


t 
Numerical values of some hammer coefficients are given in Table 20.6: 


Table 20.6 Values of some hammer coefficients (after Barkan, 1962) 











Type of Hammer v(m/s) e na Ne 
Stamping hammers: 

Double acting (Stamping of steel) 6.5 0.5 30 48 

Single-acting (Stamping of steel) 4.5 0.5 20 34 

Single-acting (Stamping of non-ferrous metals) 4.5 0.0 iy 16 
Forge hammers: 

Double-acting 6.5 0.25 30 35 

Single-acting 4.5 0.25 20 25 








Weight of the foundation can now be got by multiplying the value of n f obtained from 
Eq. 20.111 by the weight of the falling tup, as this and the weight of the anvil would have been 
decided earlier. 


Base Area of the Foundation Block 
20(1+ e)v 


ge S ...(Eq. 20.112) 
a 


where a, = ratio of the base area of the foundation block (A) to the weight of the dropping 


A 
weight (W,) or B 
t 


and q, = allowable bearing pressure of soil. 

Values of a, have been found to vary from 2 to 13 for different types of hammers resting 
on a variety of soils of different strengths. 

The required base area of the foundation block may be got by multiplying the value of a f 
obtained from Eq. 20.112 by the weight of the falling tup. 

It is important to note that Equations 20.111 and 20.112 are not dimensionally correct; 
therefore, these equations shall be used with the weight, length, and time expressed in tonnes, 
metres, and seconds, respectively, the units in which Barkan derived them. 


20.6.9 Minimum Thickness of Foundation 


The minimum thickness of the foundation below the anvil for different weights of hammer, as 
recommended by Major (1962) are given in Table 20.7: 
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Table 20.7 Minimum thickness of foundation (after Major, 1962) 








Weight of hammer (kN) Minimum thickness of foundation (m) 
upto 10 1.00 
20 1.25 
40 1.75 
60 2.25 
> 60 > 2.25 











20.7 VIBRATION ISOLATION 


If a machine is rigidly bolted to the floor, the vibration of the machine itself may be reduced, 
but that transmitted to the floor and soil will be large, producing harmful effects even at large 
distances. On the other hand, if an elastic support of sufficient flexibility is provided under the 
machine or its foundation, the vibration transmitted to the floor and soil will be reduced, but 
this may cause significant vibration to the machine itself. A judicious compromise is, there- 
fore, to be struck; this is achieved usually through an appropriate frequency ratio, by adjust- 
ing the natural frequency of the machine foundation to a suitable value. 

To avoid excessive vibration due to the working of a machine, the following points should 
be considered in the planning stage: 

(i) Selection of Site: The machinery should be located far away from the area means for 

precision work. 

(ii) Balancing of dynamic loads: The machine should be dynamically balanced to limit 
the unbalanced forces produced during its operation. 

(iii) Adopting suitable foundations: The foundation for the machine should be designed 
using accepted criteria, after evaluating the necessary design parameters at the site. 


(iv) Providing isolation: Machine foundations should be completely separated from ad- 
joining floors and other components by providing suitable isolating layers in between. 


20.7.1 Types of Isolation—Transmissibility 


Two types of vibration problems are encountered in practice from the point of view of isolation. 
The first is the one in which isolation is required against vibration caused by the machine 
itself, and is called “Active Isolation”. The second is the one in which the foundation for a 
delicate machinery is designed in such a way that the amplitude of its motion due to floor 
vibration, caused by a disturbing force in the vicinity, is reduced to an acceptable limit; this is 
called “Passive Isolation”. 

The schematic for active isolation and the mathematical model for it are shown in 
Fig. 20.32 (a) and (6): 

Active isolation is also called ‘force isolation’, since the attempt here is to reduce the 
force transmitted by the machine to the foundation in order to prevent vibration of adjacent 
machines and structures. 

The schematic for passive isolation and the corresponding mathematical model are shown 
in Fig. 20.32 (a) and (b). 
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Passive isolation is also called ‘motion or amplitude isolation’, since the attempt here is 
to reduce the motion or amplitude of the machine (which may affect its performance) induced 
by ground vibration caused by disturbing sources in the vicinity. 


? 


A P, sin ot 


Isolator 
4— 


(a) Schematic for active isolation (b) Mathematical model for active isolation 











Fig. 20.32 Active type of vibration isolation 


Machine 


| 
Z=Asin at 
ae 


(a) Schematic for passive isolation (b) Mathematical model for passive isolation 

















Fig. 20.33 Passive type of vibration isolation 


The term “Transmissibility” is defined in the case of active isolation as the ratio of force 
transmitted to the foundation to the vibratory force developed by the machine itself. In the 
case of passive type of isolation, the term is defined as the ratio of the amplitude of the sensi- 
tive machine to the amplitude of the base. 

A common expression for transmissibility, T, can be derived for both these cases from 
the theory of vibration: 








mg | (1+ 4D76?) 
= ya- +462 
where € is frequency ratio and D is the damping factor. If the damping is very small, a simpler 
expression for transmissibility can be used: 


el 
ee ee 


...(Eq. 20.113) 





...(Eq. 20.114) 
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It is obvious that with greater values of &(E > ./2 ), the transmissibility will be less. This 
means that the natural frequency of the isolated system should be made as low as possible 
relative to the forcing frequency. 

It is recommended that the frequency ratio be at least two in all cases of vibration 
isolation. 

Also, the design should ensure adequate isolation in all possible modes of vibration. Eq. 
20.112 for transmissibility applies to translatory as well as rotatory modes of vibration. 


20.7.2 Methods of Isolation 


Different methods are available both for active and passive types of isolation. The following 
are the various types practised: 


(i) Counterbalancing the exciting forces: One of the best ways of reducing the vibration 
is to treat the source itself. In the case of rotating type machinery, it is possible to 
counter-balance completely the exciting forces perpendicular to the direction of 
motion of piston and partly in the direction of motion of piston. The efficiency of a 
certain method of counter-balancing depends on the type of engine and nature of 
vibration. Counter-balancing does not require long interruption in the operation of 
the machine; the time required for attaching the counter weights is adequate. 

(ii) Stabilisation of Soil : Stabilization of soil increases the rigidity of the base and, 
hence, increases the natural frequencies of the foundation resting directly on soil. 
This possible only for sandy soils for which chemical or cement stabilization is gen- 
erally adopted. The nature of vibration determines the limits of stabilized zones of 
soil. This method also does not involve prolonged interruption of the working of the 
machine. 


(iii) Use of structural measures: Suitable structural measures may be adopted to change 
the natural frequency of a foundation and ensure the required margin of safety 
against resonant conditions. The choice of structural measures depends on the na- 
ture of vibration and the frequency ratio. 

The following are some of the structural measures that may be adopted: 
Increasing base area or mass of foundation: Depending upon the frequency ratio, 
either increasing the base area or increasing the mass of the foundation, whichever 
is considered appropriate, may be adopted. 

Use of slabs attached to foundation: The dimension of the attached slab is so chosen 
that the amplitude of motion of the system is reduced to the required limit. 


Use of auxiliary spring-mass systems: Auxiliary spring-mass systems may be added 
to the primary system to reduce the vibrations. These systems without damping are 
called “Vibration neutralizers” and those with damping are known as “Vibration 
dampers”. 

(iv) Isolation by Trench barriers: It has been found that the presence of a trench in the 
path of a wave reduces the onward transmission of vibration. According to Barkan, 
for effective isolation the depth of the trench should be at least one-third of the wave 
length of vibration. This may not always be practicable. Trenches filled with bentonite 
slurry are known to show better isolation characteristics. 
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Trenches for isolation of the active and the passive types are shown in Fig. 20.34: 





(a) Active case (b) Passive case 


Fig. 20.34 Vibration isolation by trench barriers 


(v) Isolation in Buildings: Vertical separation between parts of a building would help to 
prevent vibrations from machines located in one part from causing damage in other 
parts. 

(vi) Interposing isolating media: Isolating media such as rubber carpets, steel helical 
springs, and air-bellow mounting systems are introduced between the machine and 
the foundation to effectively reduce the vibrations. 


20.7.3 Properties of Isolating Materials 


Important properties of a few isolating materials used in machine foundations are given 
below: 

(i) Cork: Cork is an effective isolating medium against vibration. It has low unit weight, 
high compressibility and high impermeability. Cork slabs are placed either directly 
under base of machine or under the concrete foundation. The stiffness of cork is 
relatively large. It is available only in slab form and is capable of resisting compres- 
sion only. 

Cork sheets need to be enclosed in a steel frame to prevent lateral expansion. The 
resilient properties of cork deteriorate when it comes into contact with water or soil. 
Preservatives may be used to enhance its life. 

(ii) Felt: Felt consists of a fabric with interlocking fibres of wool or other synthetic fi- 
bres. It is used in the form of small pads. The compressive strength is around 8 N/ 
mm? and its elastic modulus about 80 N/mm?. Under conditions of alternate wet- 
ting and drying, it tends to lose its elastic properties. 

(iii) Rubber: Rubber springs have the advantage of resisting compression as well as shear. 
The allowable stress may be taken as about 0.8 to 1.6 N/mm? in compression and 0.3 
to 0.5 N/mm? in shear. A property known as “shore hardness” decides the quality of 
rubber. 

(iv) Steel spring: Steel springs have the advantage that their properties are known more 
precisely than other materials. Hence a more accurate design of spring isolators is 
possible and hence they are generally preferred. Springs are often used in groups. 
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20.8 CONSTRUCTION ASPECTS OF MACHINE FOUNDATIONS 


Apart from the normal requirements of reinforced concrete construction as given in relevant 
codes of practice, a few additional points specially applicable to the construction of machine 
foundations are pertinent here. 


20.8.1 Concrete 


M 150 concrete should be used for block foundations are M 200 concrete for framed founda- 
tions. The concreting should preferably be done in a single operation. The location of construc- 
tion joints should be judiciously chosen. Proper treatment of the joints with a suitable number 
of dowels and shear keys is required. Cement grout with no-shrinkable additive should be 
used under the machine bed-plate and for pockets of anchor-bolts. 


20.8.2 Reinforcement 


Reinforcement should be used on all surfaces, openings, cavities, etc., required to be provided 
in the machine foundation. In block-type foundation, reinforcements should be used in the 
three directions. The minimum reinforcement should be 250 N/cum of concrete. The reinforce- 
ment usually consists of 16 to 25 mm bars kept at 200 to 300 mm spacing in both directions, 
and also on the lateral faces. The concrete cover should be a minimum of 75 mm at bottom and 
50 mm on sides and at top. Around all openings, steel reinforcement equal to 0.50 to 0.75% of 
cross-sectional area of the opening shall be provided, in the form of a cage. 


20.8.3 Expansion J oints 


Machine foundations should be separated from adjoining structural elements by expansion 
joints to prevent transmission of vibration. 


20.8.4 Connecting Elements 


Base plates and anchor bolts are used to fix machines to the foundation. For this purpose, 
concreting should be stopped at the level of the base plate. This gap will be filled later by 
cement mortar. A 150 mm x 150 mm hole is generally sufficient for bolt holes. A minimum 
clearance of 80 mm should be provided from the edge of the bolt hole to the nearest edge of the 
foundation. The length of a bolt to be concreted is generally 30 to 40 times the diameter. Bolt 
holes should be invariably filled with concrete. Concreting the spaces under the machines 
should be done with extreme care using 1:2 mortar mix. Machines should not be operated for 
at least 15 days after under-filling, since vibrations are harmful to fresh mortar. 


The edges of the foundation should be protected by providing a border of steel angles. 
20.8.5 Spring Absorbers 


Spring absorbers are commonly used for providing isolation in machine foundations. These 
can be installed by using either ‘supported system’ or ‘suspended system’. In the former, the 
springs are placed directly under the machine or the foundation; in the latter, the foundation 
is suspended from springs located at or close to the floor level. In the suspended system, access 
to the springs becomes easy for future maintenance or replacement. 

For well-balanced machines, relatively smaller springs are adequate; in such cases, the 
supported system may be used. For machines with large exciting forces, heavy springs will be 
required; in this case, the suspended system is preferred. 


ELEMENTS OF SOIL DYNAMICS AND MACHINE FOUNDATIONS 863 





20.8.6 Provision for Tuning 
When the necessary margin of safety cannot be realised in design to avoid resonance, it is 
desirable to give due provision in the construction for tuning the foundation at a later stage. 
By “tuning” is meant changing the natural frequency of the foundation system if found neces- 
sary at a later stage. To facilitate subsequent enlargement of the foundation, dowels should be 
let projecting. 

It has been suggested that hollows be left in the foundation block which may be subse- 
quently concreted, if required, to increase the mass of the foundation with the same base area. 


20.9 ILLUSTRATIVE EXAMPLES 


Example 20.1: Determine the natural frequency of a machine foundation which has a base 
area of 2.20 m x 2.20 m and a weight of 155 KN including the weight of the machine. Take the 
value of the coefficient of elastic uniform compression as 4.4 x 104 kN/m. 














CA 
O,= ar 
Substituting C= 4.4 x 104 kN/m3, 
A = 2.20 x 2.20 m2, 
and M= ne kN sec?/m, 
4.4 x 10* x (2.20)? 
On = | (iss/oan 0" 
= 116.1 rad/s 
©, 1161 
Natural frequency, a= an a = 18.5 cps (Hz) 


Example 20.2: Determine the coefficient of elastic uniform compression if a vibration test on 
a concrete block of 1 m cube gave a resonant frequency of 36 Hz in vertical vibration. The 
weight of the oscillator used was 500 N. Take the unit weight of concrete as 24.0 kN/m. 
Weight of the block = 1 x 1 x 1 x 24.0 = 24 kN 
Total weight including that of the oscillator = 24.5 kN 


(ore 
©, = | 





Substituting A = 1 m?, 


24.5 
= —— kN. sec2/m and œ, = 2r x 36 rad/s, 
9.31 n 
C, x1 
m= 0 = a4 5/904 
24.5 
whence C, = (720) x — kN/m? 


9.81 
= 1.277 x 105 kN/m? 
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Example 20.3: Determine the natural frequency of a machine foundation of base area 2m x 
2m and weight 150 kN, assuming that the soil mass participating in the vibration is 20% of the 
weight of foundation. Take C, = 36,000 kN/m. 

Weight of foundation = 150 kN 

Weight of soil mass participating in the vibration = 20% of 150 kN = 30 kN 

Total weight = 150 + 30 = 180 kN 


1 [CA 
n= mN M 


Substituting C, = 36,000 kN/m?, A = 4 m?, 








and M= oa kN sec?/m, 
1 /86,000x4x1 
n= On (80/98) S 
= 14.1 Hz 


Example 20.4: The exciting force in a constant force-amplitude excitation is 90 kN. The natu- 
ral frequency of the machine foundation is 3 Hz. The damping factor is 0.30. Determine the 
magnification factor and the transmitted force at an operating frequency of 6 Hz. 
6 
Frequency ratio, & = L- 35 2, Damping factor, D = 0.30 
n 
1 


NS ET 








Magnification factor, 








1 
= — 44x03 x2? 7031 


(1+4D°E?) 
(1-6?) + 4DE? 
= 0.31 x y2.44 = 0.484 
Transmitted force = T x (Exciting force) = 0.484 x 90 KN = 43.56 KN 


Example 20.5: In a block test according to IS: 5249-1977 (Revised), a resonant frequency of 
18 cps was observed in vertical vibrations. Determine the coefficient of elastic uniform 
compression. 








= nı y1+ 4x (0.3)? x2? 





Transmissibility, T= | 


A machine weighing 90 KN is to be supported on a block of size 3 m x 4 m x 2 m high. 
Determine its natural frequency in vertical vibration. 
According to I1S:5249-1977 (Revised), 
Size of model block = 1.50 m x 0.75 m x 0.70 m high. 
Weight of model block = 1.5 x 0.75 x 0.70 x 24.0 KN = 18.9 kN 
18 


9 
Mass of block = O81 kKN.sec?/m = 1.927 kN sec?/m 


Natural frequency, f, = resonant frequency = 18 cps (Hz) 
Area of test block, A, = 1.5 x 0.75 = 1.125 m? 
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1 {C,.A, 
But f= mV M 
Substituting all known values, 
jg- 2 [Cux 1125 
~ Qn 1.927 


whence C the coefficient of elastic uniform compression = 2.191 x 104 kKN/m? 
Next, Weight of machine = 90 kN 
Weight of block = 3 x 4 x 2 x 24 = 567 kN 
Total Weight = 666 kN 


666 
Corresponding Mass = 981 kN sec?/m = 67.89 kN sec?/m 


Base area, A, = 12 m? 
If we denote C, for the test block as C,, and that for the prototype block for the machine 


as Cu, the relationship between these two is 





112 
Cu, = 2.191 x 104 x ee = 1.37 x 10? kN/m? 


(Since A, is to be limited to 10 m?) 
Hence the natural frequency of the machine foundation 


_ 1 [7.35 x 10° x 12 Een 
Tany 678900 


Example 20.6: What will be the percentage variation in the value of the coefficient of elastic 
uniform compression if the diameter of the plate is halved ? 

Cuo fAr Di _ D | 

Cy A, D, (D,/2) 


C„, =2C 


Ug uy 








This means that the coefficient of elastic uniform compression increases by cent per cent 
if the diameter of the plate is halved. 


Example 20.7: The resonant frequency of a block foundation, excited by an oscillator is ob- 
served as 20 Hz. The amplitude of vibration at resonance is 1 mm. The magnitude of the 
dynamic force at 20 Hz is 5 KN. If the total weight of the block and oscillator is 20 kN, calculate 
the damping factor associated with it. 

1 |k 


f= Oa VM 


a) oe 
~ Qn \(20/9.81) 


whence k = 32, 194 kN/m 
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Maximum amplitude at resonance 


a -R/W 
== 2DJ1— D? 
Substituting P,=5 kN 


k = 32,194 kN/m 
A =Ilmm=1x10°m 


(5/32194) 


1 x 103 = — == 
2D 1- D?) 


(5 / 32194) 
hop: = = 1558 
agi? 1x 10° 


Squaring, 
4D*(1 — D?) = 0.024 
4D* — 4D? + 0.024 = 0 
Solving for D?, 
and hence D = 0.997 or 0.078. The plausible value is 0.078. 


Example 20.8: A single cylinder engine with the following particulars is to be placed on a 
concrete foundation. Find the maximum unbalanced force generated by the engine: 


crank radius = 80 mm 

Length of connecting rod = 280 mm 
operating frequency = 1800 rpm 
Weight of reciprocating parts = 49 N 





R20? 
P, = Mo + M „pRa? cos wt + Me z 00s 20t 
The maximum value is 
Ro . 
P,=M,, Rw’ + M,,, , approximately 





R 
= 2| 1+ 
M eR ( z) 





a 1800 
aT rpm = 60 


©, = 2nf, = 2n x 30 rad/s 
Substituting this and R = 80 x 10 m, L = 280 x 10°? m, and 


cps = 30 cps 





49 
era 2 
M vec = 9.81 KN sec?/m 
49 x 80 80 2 
h = + (2 x 30m) N 
acd z7 981x 10° | a 


18,254 N = 18.25 KN. 
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Example 20.9: Obtain the velocity of the tup of a forge hammer before impact and that of the 
anvil after impact, given the following: 


weight of the tup and die = 15.50 kN 
stroke of tup = 900 mm 
weight of anvil and frame = 342 kN 
efficiency of drop = 0.9 
coefficient of restitution = 0.5 

steam pressure = 700 kN/m? 
area of piston = 0.129 m? 


Determine the amplitudes of vibration of the foundation and anvil if the limiting natu- 
ral frequency of the anvil is 253 rad/s, and the two natural frequencies of the combined system 
are 272 rad/s and 54.3 rad/s. 

Since stream pressure is given, this is a double-acting hammer. 

The correction factor, œ = 0.9 (the efficiency of drop). 

Velocity of the tup before impact 
2g(W, + p.a)h 

W, 

Substituting o = 0.9, W, = 15.50 KN, p = 700 kN/m?, a = 0.129 m?, and h = 900 mm 

=0.9m, 














We have 
2 x 9.81(15.50 + 700 x 0.129) x 0.9 
v = 0.9 m/s 
15.50 
= 9.88 m/s 
Velocity of anvil after impact 
(1+ e) M, W, 342 
= = = = = 22. 
Va asa)” where A, M, W, 155 06 
Substituting e = 0.5, à, = 22.06, and v = 9.88 m/s, 
we have 
(1+0.5) 
= ——— x9.88 = 0. 
Va = (1 + 22.06) wae 


Amplitude of the vibration of the foundation 


2 2 2 2 
(Oa -0,2 Oa -071 Ms 
2 2 2 
Oa (On1 —On2 )O n2 


i= 





a 


Substituting w, = 253 rad/s, w,, = 272 rad/s, @„, = 54.3 rad/s, 
and U, = 0.643 m/s, 
(253? — 54.37)(2537 — 272”) 


A. == x 0.643 m = 1.58 
1 253? (2722 — 54.3°)54.3 m bg 
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Amplitude of vibration of the anvil 


2 2 
a (Oa -0,1 ) 


a 





a 


~ 2 2 
(Oni -02 )O n2 


2532 — 272? 
= ( 2 2 ) x 0.643m — 1.66 mm 
(2727 — 54.37)(54.3) 


Example 20.10: Design a suitable block foundation for a two-cylinder vertical compressor for 
the following data: 





crank angles: 0 and n/2 

Weight of compressor = 200 kN 

operating speed: 600 rpm 

Total weight of rotating mass: 0.06 kN 

Total weight of reciprocating mass: 0.27 kN 

Radius of crank: 0.4 m 

safe bearing capacity of soil under static conditions: 100 kN/m? 
coefficient of elastic uniform compression: 45,000 kN/m® 


Calculation of Unbalanced Inertial Forces 
crank angles 0 and 77/2. 
The crank mechanisms of both cylinders are taken to be identical. Resultant unbal- 
anced inertial force in the vertical direction 
P, = (M ee + M „RO? cos (wt + 1/4) 


rot 


0.27 0.06 


a MAL 2 PEt 2 
rec = 98] KN sec?/m Mot = 981 KN sec?/m 
2 
P, = a22) x 0.4 «(x 2n kN 
la 9.81 60 
= 75.124 kN 


Similarly P, also may be calculated. 


P= MRO? sin or $ 4 


2 
P = Ex BOS x04 x( E xan] kN 
9.8 60 


Size of Foundation 
Let us assume a block of size 6 m x 3 m x 1 m high for a compressor foundation. 


The compressor and motor should be so arranged that the eccentricity of the resultant 
forces due to the weight of the machine and foundation block do not exceed 5%. 


Weight of foundation block = 6 x 3 x 1 x 24 = 432 kN 
(assuming the unit weight of concrete as 24 kN/m®) 
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Pressure on Foundation Soil 
Total weight coming on the soil = (200 + 432) KN = 632 kN 
Area of base = 6 x 3 = 18 m? 


632 
Stress on soil = a 36.8 kN/m? 


Safe bearing capacity of the soil under static loading conditions = 100 kN/m? 
Assuming a reduction factor of 0.5, 

dynamic bearing capacity = 50 kN/m? 

Since this is more than the stress on the soil the size is satisfactory. 
Amplitudes of motion 

_ C,A _ 45,000 x 18 








2 = = 2 
o, = M (632/981 12,573/sec 
(600 x 2n)? 
2— ——_—"_ _ 3 94 2 
60 3.948/sec 
P 
Amplitude of vibration = E zx» neglecting damping of soil. 
Mo,” - 0°) 
= Fmax 
M@,,” -0°) 
E 75.124 E 
~ (632 / 9.81)(12573 — 3948) 
= 0.135 mm 


Since the permissible amplitude is 0.15 mm, this is safe. 

Note:- Moments due to unbalanced forces may be determined from appropriate data 
regarding positioning of the compressor and the motor on the foundation block; also, analysis 
for other modes of vibration such as sliding and rocking may also be performed and the corre- 
sponding amplitudes may be obtained and verified. 

Example 20.11: Design a suitable foundation for a double-acting steam hammer for the fol- 
lowing data: 


Weight of tup = 50 kN 

Height of fall =lm 

Area of piston = 0.2 m? 

Steam pressure on piston = 900 kN/m? 
Weight of anvil and frame = 1000 kN 

Safe bearing capacity under static loading conditions = 200 kN/m? 
Coefficient of elastic uniform compression of soil = 5 x 104 kN/m? 
Base area of anvil (base area of elastic pad also) = 5.5 m? 
Thickness of elastic pad = 0.60 m 
Modulus of elasticity of the material of the pad = 5 x 10° kN/m? 


Coefficient of restitution = 0.5 
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Unit weight of soil = 16 kN/m? 

Safe bearing capacity under static loading conditions = 200 kN/m? 

Coefficient of elastic uniform compression of soil = § x 104 kN/m? 
Velocity of Tup before Impact 


4 2g(W, + p.ah 
W, 


Take o = 0.65 
Substituting W, = 50 kN, p = 900 kN/m?, a = 0.2 m?, and h = 1 m 


a 0.65]? x 9.81(50 +900 x 0.2) x 1 oh 








= 6.2 m/s 


Preliminary Calculation of Weight of Foundation and Base Area 
_ Wa _ 1000 _ 


20 
a W, 50 


W 
W, =n;= 8&1 +ew-n, 
= 8(1 + 0.5) x 6.2 — 20 
= 54.4 
5 W,= 54.4 x 50 = 2720 kN 
This is the minimum weight of foundation required (including that of backfill). 
A_ EE 20(1 +e) _ 2001 + 0.5) x 6.2 
w, f Va 200 = 
Minimum base area, A = 0.93 x 50 = 46.5 m? 





0.93 


Size of Foundation 


The outline of the foundation block proposed, based on the preliminary values of weight and 
base area, is shown in Fig. 20.35. 


Volume of concrete adopted 
= 7.5 x 6.5 x 1.5 + 4.5 x 2 x 0.5 x 1.0 + 2 x 4 x 0.5 x 10 = 91.50 m? 
Volume of backfill used 
2 x 1.0 x 6.5 x 2.0 + 5.5 x 1.25 x 2.0 x 2.0 = 53.5 m8 
Total weight of foundation and backfill = 91.5 x 24 + 53.5 x 16 = 3,052 kN 
Actual base area provided = 7.5 x 6.5 = 48.75 m? 


Amplitudes of Motion 
spring constant of soil 
k; = C4 = 3 C Ap taking the correction factor as 3. 
k,=3x15x 104 x 48.75 = 73.2 x 10° kN/m 


spring constant of pad 
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Fig. 20.35 Details of hammer foundation (Example 20.11) 


_ E,A, 5x10? x55 











= =4 105 
2 t, 060 6 x 10° kN/m 
square of the limiting frequency of anvil 
> ka _46x10°x981 Ale (OBA il tec 
7 M OD A Aee 
: 3052 
Mass of foundation and backfill (M p= 981 N sec?/m 
Frequencies 
Square of the limiting frequency of the whole system 
5 
of = __ 82x10" _ 197799 sec? 


~ (M,+M,) (4052/9.81) 


_ M, _ Wa _ 1000 
~M, W; 3052 





Ratio Ay = 0.327654 


The frequency equation is 
w,*—(1 + A,(@,? + @,7)@,? + (1 + A,)@,70,? = 0 
Substituting o = 45,126, w/? = 17,722, à = 0.327654, 
a? = (1 + 0.327654)(45126 + 17722)o,? + (1 + 0.327654)(45126)(17722) = 0 
Solving,  ,,? = 67.7744 x 10? sec? and w,,” = 15.6660 x 10° sec? 
or 0,,, = 260.335 rad/s and ©„ = 125.164 rad/s 


872 GEOTECHNICAL ENGINEERING 





Initial Velocity of Anvil after Impact 








(1+ e) 
a” (14 A1) 
, _ Ma _ Wa _ 1000 zai 
1 M W, 50 
Substituting e = 0.5, v = 6.2 m/s, and A, = 20, 
ü= oa x 6.2 = 0.443 m/s 


Amplitudes 


The amplitude for the foundation-soil system 


2 2 2 2 
(a -0,2 Oa -01 L 
p= 


Oa (On 7 0,2 On 
Substituting œ? = 45.126 x 103, w, ,2 = 67.7744 x 103, @„ = 15.666 x 103 
and U, = 0.443 m/s, 





a 


10° (45.126 — 15.666)(45.126 — 67.7744)(0.443) 
10° x 45.126(67.7744 — 15.6660)(125.164) 
= 1.00 mm 
The amplitude of the anvil 





1 


2 2 
(@q 7 Oni ) 





a a 


~ 2 2 : 
(Oni -02 )O n2 


10°(45.126 — 67.7744)(0.443) 
10° (67.7744 — 15.6660)(125.164) 





= 1.54 mm 
Stress in the Elastic Pad 
kə(A, — Ay) 
0, = Ta 


p 
Substituting k, = 46 x 10° kN/m, A, = 1.54 x 10m, A, = 1.00 x 103m, 
and A,=5.5 mê, 


o - 46x 10°(1.54 — 100) x 10° 
P 5.5 
= 451.64 kN/m? 
Final Values of Salient Quantities 
The Size of foundation: 7.5 m x 6.5 m x 1.5 m high. 
Estimated amplitude of motion of the foundation: 1.00 mm 
Estimated stress in the elastic pad: 452 kN/m?. 





kN/m? 
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SUMMARY OF MAIN POINTS 


1. 


10. 


11. 


12. 


‘Soil Dynamics’ is defined as that part of Soil Mechanics which deals with the behaviour of soil 

under dynamic loading. This has application is a wide variety of fields of Civil engineering activ- 

ity; one important field of application is the design of machine foundations. 

There are six modes of vibration for a block or body-three translational and three rotational. Of 

these, Vertical vibrations are of most common occurrence in machine foundations, in addition to 

lateral vibrations or sliding in some horizontal machines. 

‘Free Vibration’ is vibration which occurs under the influence of forces inherent in the system 

itself, while ‘forced vibration’ requires the continuous use of an external force or exciting force, 

which may be continuous periodic force as in reciprocating machinery or an impulse as in impact 

machinery. Of course, an external force is required to initiate even free vibrations. 

The frequency with which a system undergoes free vibration is known as its ‘natural frequency’, 

which will have different values in different modes of vibration for any system. 

The particular operating frequency, equal to the natural frequency of a system, at which the 

amplitude of motion of the system becomes excessively large is known as the ‘resonant frequency’. 

Obviously, resonant conditions must be avoided. 

‘Damping’ in a physical system is resistance to motion-this may be viscous damping, friction 

damping, internal damping, interfacial damping, or radiation damping. A system is said to be 

negatively damped if it draws energy from some source during vibration. 

Free and forced vibration may occur without and with damping, the latter being more common 

in practical situations. The ratio of dynamic amplitude to static displacement is called ‘magnifi- 

cation factor’. 

The limiting value of the damping coefficient for the motion to be periodic is called the ‘coeffi- 

cient of critical damping’. 

In forced vibration with damping, the exciting force may be applied by an electromagnetic vibra- 

tor which produces constant force-amplitude, or by an oscillator with rotating unbalanced masses 

producing an exciting force proportional to the square of the frequency. 

The ‘Coefficient of elastic uniform compression’ is defined as the constant of proportionality 

between the compressive stress and the elastic part of the settlement of soil; it is different from 

the coefficient of subgrade reaction which is similarly defined but the total settlement of the soil 

being the criterion. 

The ‘repeated plate bearing test’ is used for the determination of the coefficient of elastic uni- 

form compression; the value of latter has been found to be inversely related to the size of the 

plate. 

The dynamic soil parameters such as ‘shear modulus’ or modulus of elasticity’ may be obtained 

from a standard block vibration test in which the shear wave velocity is measured. 

Block-type machine foundations are commonly used for reciprocating machines as also for im- 

pact machines. 

The important design criteria for the design of a machine foundation are: 

(i) The foundation should be capable of withstanding the superimposed loads-static and dy- 
namic-without the risk of shear failure and without harmful settlement. 

(ii) Resonant conditions must be avoided with a margin of safety. 


(iii) Amplitude of vibration should be within permissible limits prescribed by the manufacturers 
or by the appropriate authority. 
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13. 


14. 


15. 


16. 


17. 


The elastic half-space theory, developed by Reissner (1936), Quinlan (1953), and Sung (1953) is 
one of the approaches for the design of machine foundations; the soil parameters needed are the 
shear modulus, the Poisson’s ratio, and mass density. 

The mass-spring-dashpot model, characterising the soil as a weightless spring in which damp- 
ing is present, is the other popular approach for the design of machine foundation; the theory of 
forced vibrations with damping is used. 

Calculation of the unbalanced inertial forces is the important prerequisite in the design of foun- 
dations for reciprocating machines. Vibration absorbers such as springs may be interposed be- 
tween the machine and the foundation to limit amplitudes; in this case, the analysis becomes 
one with two springs. 

Foundations for impact machines or hammers are generally reinforced concrete block-type, with 
suitable elastic pad below the anvil, and if necessary, between the foundation and the soil. Suit- 
able modifications may be needed in the analysis. Certain special considerations may be re- 
quired in the design and construction of foundations for impact machines. 

Barkan’s empirical procedure may be used for preliminary design of the weight of the foundation 
and the minimum base area required. 

‘Vibration Isolation’ is essentially of two types-the ‘active type’ in which isolation is required 
from the vibration produced by the machine itself, and the ‘passive type’ in which the foundation 
for delicate machinery is designed protecting it from the harmful effects of disturbing forces in 
the vicinity. 

There are several methods of isolation including the use of several structural measures and 
other approaches such as the construction of trench barriers. 

Certain construction aspects of machine foundations need special care to ensure good perform- 
ance. 
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QUESTIONS AND PROBLEMS 


20.1 


20.2 


20.3 
20.4 
20.5 
20.6 


20.7 
20.8 
20.9 
20.10 
20.11 


20.12 


20.13 


20.14 


20.15 


20.16 


Define the following with respect to machine foundations: 


(a) Degree of freedom (b) Simple Harmonic motion 
(c) Free Vibration and forced vibration (d) Frequency 
(e) Amplitude (f) Resonance. 


Explain the different modes of vibration of a foundation block subject to dynamic forces from a 
machine. 
Explain the term ‘Damping’ and give the characteristics of different types of damping. 
Explain what is meant by ‘Natural Frequency’ of a foundation-soil system. 
Explain ‘Frequency Ratio’, Magnification factor’ and ‘Damping Factor’. 
Explain ‘Free Vibration with damping’ and bring out the meaning of overdamped, underdamped, 
and critically damped conditions. 
Explain ‘Logarithmic Decrement’. 
Distinguish between constant force type and quadratic type of Excitation. 
Explain the ‘tolerance limits of amplitudes’ as given by Richart and by Barkan. 
Explain the different types of waves that propagate through soil. 
Explain (a) Coefficient of elastic uniform compression 
(b) Coefficient of elastic uniform shear. 


Describe the ‘Repeated Plate bearing Test’ used for the determination of the coefficient of elastic 
uniform compression. 


Explain how the coefficient of elastic uniform compression varies with the size of the plate or 
foundation. 


Describe the ‘Standard Block Vibration Test’ for the determination of in-situ dynamic properties 
of soil. 


What are various types of machine foundations used for different kinds of machinery ? Give neat 
sketches. 


Explain the general criteria for the design of machine foundations. 
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20.17 
20.18 


20.19 


20.20 
20.21 
20.22 
20.23 
20.24 
20.25 
20.26 


20.27 


20.28 


20.29 


20.30 


Explain the essentials of the Elastic half-space theory for the design of machine foundations. 


Explain briefly the salient components of ‘Mass-spring-dashpot model’ for the analysis of ma- 
chine foundations. 


Describe how the unbalanced inertial forces are calculated for a reciprocating machine (a) with 
a single-cylinder, and (b) with two cylinders with crank angles 0° and 7/2. 


What are the special considerations for the design of ‘Impact Machines’ ? 

Explain the design criteria for the foundation of an impact machine. 

Explain Barkan’s empirical approach for the design of foundation for an impact machine. 
Explain the basic kinds of ‘Vibration Isolation’. 

Describe briefly different methods of active isolation and of passive isolation. 


A machine weighing 500 kN is mounted on a concrete block resting on soil. The base area of the 
block is 25 m2, and the weight is 100 KN. The coefficient of elastic uniform compression of the soil 
is 1.1 x 10° kN/m. Calculate the natural frequency of the system. 


The coefficient of elastic uniform compression of a soil is obtained as 24,000 kN/m? using a plate 
of diameter 4 m. Estimate its value if a plate of 2.4 m had been used. 


The exciting force in a constant force type of excitation was 120 kN. The natural frequency of the 
machine foundation is 4 Hz. The damping factor is 0.36. Determine the magnification and trans- 
mitted force at an operating frequency of 10 Hz. 


The resonant frequency of a block is observed as 18 Hz. The amplitude at resonance is 1.25 mm. 
The dynamic force exerted at 18 Hz is 4.5 KN. If the weight of the block is 18 kN, what is the 
damping factor? 

The following data refer to a single cylinder reciprocating machine: 
cranks radius = 100 mm 

Length of connecting rod = 300 mm 

Operating speed = 1500 rpm 

Weight of reciprocating parts = 45 N 

Weight of rotating parts = 9 N 

Calculate the maximum unbalanced force generated by the machine. 
The following particulars refer to the foundation for an impact machine: 
Weight of ram = 12 kN 

Height of fall = 1000 mm 

Weight of anvil = 300 kN 

Efficiency of fall of ram = 90% 

Coefficient of restitution = 0.5 

Steam pressure 600 kN/m? 

Area of piston = 0.12 m? 

Limiting frequency of anvil = 240 rad/s 

Natural frequencies of the combined system = 270 rad/s and 45 rad/s 
Design the foundation. 


Answers To NuMerRICAL PROBLEMS 


CHAPTER 2 


2.3. 86.96% 2.5. 1.41; 83.61% 2.6. 1.19; 2.97 2.7. 0.53; 20%; 20.388 kN/m 2.8. 70.04%; 2.22; 85.3% 2.9. 
The inconsistent value should be either e or y since the determination of these values involves finding 
the volume of the soil sample, which may not be accurate. This, either e = 7.83 or y = 11.08 kN/m?. 2.10. 
81.83%; 0.63; 16.24 kN/m; 10.23 kN/m; 20.04 kN/m? 2.11. 19.72 kN/m; 14.50 kN/m; 0.76 2.12. 64.44%; 
2.24; 77.67% 


CHAPER 3 


3.10. 2.70 3.11. 2.54; 2.66; 4.5% 3.12. 13.72% 13.13. 57.2% 3.14. 67.55% 3.15. 19.47 kN/m?; 17.70 kN/m? 
3.16. 17.1 kN/m®; 35.3%; 14.3%, 2.43 kN/m? 3.17. 8.25 s 3.18. 0.00671 mm; 40% 3.19. 1.0315 3.20. 
0.00586 mm; 31.63% 3.21. 42; 23.33% 3.22. 0.60; 0.41 3.23. 51%; 2.81; 20% 3.24. 12.3%; 2.48; 0.79; 17.84 
kN/m; 13.53 kN/m; 0.305; 18.64 kN/m 3.25. 2.70; 1.56; 56% 3.26. 82 cm® 3.27. 16.86%; 1.86; 22.3%. 
3.28. 16%; 2.78 3.29. 1.00; normal. 3.30. 10; extra-sensitive; flocculent. 


CHAPTER 4 
4.1. CL; CI; CI-CH: MH or OH; CH-MH 4.2. SW-SM 4.3. 0.002 mm; 20. (well-graded) 


CHAPTER 5 


5.3. At 2m-—o0’ = 33.24 kN/m?; u=0; o = 33.24 kN/m2; At 6 m—o’ = 71.28 kN/m?; u = 39.24 kN/m?; 
co = 110.52 kN/m? 5.9. 0.324 mm/s 5.18. 2.15 x 102 mm/s 5.14. 2.5mm; No-3m 29s. 5.16. 5.9 
x 10-2 mm/s, the soil be fine sand. 5.17. 0.48 mm/s 5.18. 0.11 mm/s; 11 m 21 s 5.19. 42 m 12 s 5.20. k, = 
e? 

+e 

(From k œ e?). 5.23. 4.5 x 1071 mm/s. 5.24. 9.3 mm/s. 5.26. 14.71 kN/m?. 5.27. 3m (nearly) 5.28. 3.35 m 
(nearly) 5.29. 80 mm 5.30. At 3 m — 29.43 KN/m?; At 10 m — 29.43 kN/m? 





1.6 x 107 mm/s ; k, = 625 x 10? mm/s. 5.21. 21.7 x 10? mm/s (From k œ a ) or 17.64 x 102 mm/s 


CHAPTER 6 


6.10. Quick sand condition does not develop since the hydraulic gradient is less than the critical value. 
6.11. 0.255 6.12. 6.21; 0.33; 0.99 6.13. 6 m; 2 m 6.14. 709.5 N/m?; 354.75 N/m? 6.15. 300 ml/s/metre 
length 6.16. 45 Z/s 6.17. 233.3 mĉ/day 6.18. 101 m°/day. 


877 


878 GEOTECHNICAL ENGINEERING 





CHAPTER 7 


7.16. 4.5 cm 7.17. 0.565; 420 kN/m?; Overconsolidated. 7.18. 1.246 7.19. 1.46 7.20. 1.34 7.21. Since the 
pore pressure is greater than the neutral pressure, consolidation is not complete. 7.22. 70% 7.23. 20 cm 


2 
7.24. 63.75 mm 7.25. 333 days. 7.26. 18.265 years 7.27. 1026 days 7.28. 5 cm 7.29. 5.87 cm; ag 


days. 7.30. 20.27 cm; 62,500 days. 7.31. 0.63 7.32. 780.8 days 7.33. 16.74 cm. 


CHAPTER 8 


8.10. 30°; 300 kN/m? (normal), 173.2 kN/m? (shear); 200 kN/m? (max. shear) 8.11. 42°; 37° 8.12. 133.22 
kN/m? 8.13. 38.22 kN/m?; 6.77 kN/m?; 57° with horizontal (major principal plane). 8.14. c = 87 kN/m?; 
o = 36° 8.15. 435 kN/m? 8.16. 488 kN/m?; 126 kN/m?;63° with horizontal (major principal stress). 8.17. 
c = 120 kN/m?; o = 16°; 591 N; 330 kN/m?. 8.18. 128 kN/m? 8.19. c = 65.4 kN/m?; ọ = 18° 8.20. c = 215 
kN/m; 6 = 15°30’ 8.21. c = 70 KN/m?; = 30° 8.22. 513.3 kN/m? 8.23. 38°30’; 64°15’. 8.24. c = 91.3 kN/m?; 
$ = 10°; 117.8 kN/m? 8.25. c = 40 kN/m?; 6 = 19°15’; c’ = 30 kN/m?2; 6’ = 24°00’. 8.26. c = 80 kN/m?; 6 = 
7°30’ 8.27. ben; = 18°;280 kN/m? 


CHAPTER 9 


9.7. c = 16.96 kN/m? 9.8. 1.9 (with respect to cohesion) 9.9. 12.5 m 9.10. 1.3 9.11. F, = 1.5; F = 1.25 (for 
equal mobilisation of friction and cohesion). 9.12. B = 24° (nearly). 


CHAPTER 10 


10.10. 0.06 t/m? 10.11. 0.033 t/m? 10.12. 6, = 2.39 t/m? (Single point load), 2.21 t/m? (Four point loads), 
2.16 t/m? (rigorous) 10.18. 38.2 kKN/m?; 18.3 kN/m? 10.14, 122.75 kN/m?; 105.1 kN/m?2; 47.75 kN/m? 
10.15. 58.2 kN/m? 10.16. Centre: 3.183 t/m? (Single point load), 2.565 t/m? (Four point loads), 2.448 t/m? 
(rigorous); Corner: 1.473 t/m? (Single point load), 1.662 t/m? (Four point loads), 1.451 t/m? (rigorous) 
10.17. 24.52 kN/m? (rigorous) 10.18. 25 kN/m? (rigorous) 10.19. 20 kN/m?. 


CHAPTER 11 


11.7. 90 mm 11.8. 510 mm 11.9. 25 cm 11.10. S, = 72 mm, S, = 362.3 mm; Total settlement = 434.3 mm 
11.11. 137.44 mm 11.12. 465.84 mm; 41.66 mm; 83.33 mm 


CHAPTER 12 


12.13. 86.4% 12.14. 14.3%; 21.6 kN/m? 12.15. 1940 mè 12.16. 109.5 m3; (9.18).kl 12.17. 6.5%; 20.66 
kN/m? 12.18. 12%; 18.94 kN/m®; 19%. 


CHAPTER 13 


13.12. 303.8 kN/m at 3 m above the base; 587.3 kN/m 13.13. 715.2 kN/m; 1806 kN/m 13.14. Active; 
Pressure in the dense state/ pressure in the loose state = 0.747; Passive: Pressure in the dense state/ 
pressure in the loose state = 1.760. 13.15. 92.8 kN/m. run at 1.74 m. above the base 13.16. 152% 13.17. 
560 kN/m (ignoring tensile stresses); 1.11 m; 2.63 m. 13.18. 1189.4 kN/m at 1.87 m above the base. 
13.19. 98 kN/m 13.20. 600 kN/m; 713 kN/m 13.21. Onax = 116 kN/m?; (heel) Omin = 79.2 kN/m. (toe) 


a 
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CHAPTER 14 


14.11. 90 kN/m?, 45 kN/m? 14.12. 100 kN/m? 14.13. 488 kN/m. run 14.14. 85 kN/m? 14.15. 540 kN/m? 
14.16. 290 kN/m? 14.17. 148 kN/m? 14.18. 1.60 m; 1.35 m 14.19. 1.6 m 14.20. 2m; 2m (since water table 
rises to the ground surface). 14.21. 315 kN/m? 14.22. 4 m x 8 m 14.23. 553.7 kN/m?; 2.26. 14.24, 3.5 
14.25. 1944 kN 14.26. 492 kN/m? (Shear failure governs the design) 14.27. 200 kN/m?; 450 kN. 


CHAPTER 15 


15.10. Size ranges from 1 m to 2 m 15.11. 1848 kN; 1987 kN (Useful width approach) 15.12. 2.1 m sq. 
and 2.4 m sq. 15.13. 1.5 m x 7.0 m 15.14. 1 m and 2.5 m wide and 6 m long. 15.15. 103,680 kN; 15,360 
kN 


CHAPTER 16 


16.10. 200 KN 16.11. 250 kN 16.12. 17.5 mm 16.13. 305 KN 16.14. 1012.5 kN 16.15. 580 KN 16.16. 3580 
KN 16.17. 852 kN 16.18. 822 kN 


CHAPTER 17 


17.17. 17% 17.18. 10 cm each. 


CHAPTER 18 


18.13. First sampler ; A, = 10.9% 18.14. 11.8% 18.15. N = 25 18.16. N = 40 18.17. 58.2 kN/m? 18.18. 
C, = 2.94%; C, = 2.78%; A, = 18.43%. 


CHAPTER 19 


19.18. D, = 6 m, D, = 3 m, tea] = 1.25 m. 19.19. t.a = 0.9 m (Perimeter shear stress = 268 kN/m?). 19.20. 
The Caisson is unstable; total thickness of sand ballast required for easy sinking and to ensure stability 
= 2.10 m; After installation, net maximum pressure = 202 kN/m? and net minimum pressure = 136 
kN/m?. 19.21. Allowable lateral load for rotation about the base = 1,212 kN. 19.22. Allowable lateral 
load for rotation about the base = 3,524 KN. 


CHAPTER 20 


20.25. f, = 21.34 cps. 20.26. C, = 40,000 kN/m?. 20.27. T = 0.371; transmitted force = 44.5 kN. 20.28. 
D = 0.078. 20.29. P, = 17,355 kN. 20.30. A, = 2.82 mm; A? = 2.92 mm. 


ao o 


10. 


11. 
12. 


13. 


OBJ ECTIVE QUESTIONS 


‘Lacustrine Soils’ means ............ : 

‘Aeoline Soils’ means ............ i 

Bentonite clay contains predominantly the clay mineral ............ : 

Lateritic soils of Kerala are formed by the process of ............ : 

‘Loam’ means 

(a) Silty with little sand 

(b) Sandy silt with little clay 

(c) Mixture of sand, silt and clay-sized particles in approximately equal proportions 
(d) Clayey sand exhibiting slight cohesion. 

The opposite of flocculated state of soil grains is ............ state. 

The void ratio of a soil sample 

(a) will be between 0 and 1 (0 <e < 1) 

(b) cannot be more than 1 

(c) can be practically any value 

(d) can exceed unity but practically may not be too high. 
‘Void ratio’ is more popularly used than porosity in soil mechanics primarily because 


According to a geologist, ‘water content’ of a soil is defined as ............ ; 

‘Air content’ (a ,%) of a soil is related to the ‘Degree of Saturation’ (S%) as follows: 
(a)a,+100=S 

(b)a,=100-S 

(c) S + 100 =a, 

(d)a,=n-—S (n represents porosity). 
A saturated soil is always submerged. True/False 


Principle involved in the relationship between submerged unit weight and saturated 
unit weight of a soil is: 


(a) Darcy’s law 

(b) Stokes’ law 

(c) Archimedes’ principle 

(d) Equilibrium of floating bodies. 
The relationship between percent air voids (n,%) porosity (n%) and air content (a,%) is 
given by: 

(a)n =na, (b)n =n,a, 

(c)a =n n; (d)a,=n-n, 
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14. 


15. 


16. 


17. 
18. 


19. 
20. 


21. 


22. 


23. 


24, 
25. 


26. 
27. 
28. 


29. 


30. 


In the unit phase diagram for a soil mass: 

(a) the volume of water is taken as unity 

(b) the total volume is taken as unity 

(c) the weight of solids is taken as unity 

(d) the volume of solids is taken as unity 
Grain specific gravity is more commonly used than mass or apparent specific gravity of 
the soil in many calculations in soil mechanics because ............ i 


Generally speaking (i) clays are ............ in colour than sands; (ii) dry soil are............ in 
colour than wet soil; (iii) Organic soils are ............ in colour than inorganic soils. 


The shape of clay particles, as revealed by microscopic examination, is ............ : 
If Kerosene is used instead of water in the pycnometer method of determination of grain 
specific gravity, the expression for the grain specific gravity 

(a) should be multiplied by the specific gravity of Kerosene 

(b) should be divided by the specific gravity of Kerosene 

(c) should be added to the specific gravity of Kerosene 

(d) is modified by subtracting the specific gravity of Kerosene 
The trace moisture absorbed by a dry soil from the atmosphere is called ............ : 
The moisture content obtained by a rapid moisture tester is expressed as a percentage 
Cc) ieee ee erercr weight of the soil. 
For very dense gravelly sand it can sometimes happen that the density index as ob- 
tained in the laboratory is greater than unity. What could be the reason ? (One sentence 
answer) 
What is the primary reason for representing grain size to logarithmic scale in the grain 
size distribution curve ? (One sentence answer) 


Stokes’ law gives the ............ of a spherical particle falling freely in an infinite liquid 
medium. 

Sodium Oxalate is used as a ............ agent in the sedimentation analysis. 

At liquid limit a soil has 


(a) no shearing strength 

(b) negligible or very small shear strength 

(c) high shearing strength 

(d) nothing to do with shearing strength. 
When the plastic limit cannot be determined, the soil is reported to be ............ : 


Shrinkage index is the difference between ............ limit and ............ limit. 

Toughness index is the ratio of 

(a) consistency index to flow index (b) flow index to plasticity index 
(c) liquidity index to flow index (d) Plasticity index to flow index 


In the laboratory method of determination of shrinkage limit, the volume of the dry soil 
pat is determined by ............ method. 
Shrinkage ratio is also the ............ specific gravity of the soil in the dry state. 
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31. 


32. 
33. 
34. 
35. 
36. 
37. 


38. 


39. 


40. 


41. 
42. 
43. 


44. 


45. 
46. 


47. 
48. 
49. 


50. 
51. 


The sensitivity of a clay is 15. How do you classify it with regard to sensitivity ? What 
could be the structure ? 


Activity is a property typical of ............ soils. 

Shaking test is used to identify ............ i 
Inorganic silt is also called ............ 3 
The most active clay mineral in respect of inducing shrinkage and swelling is ............ ; 
Triangular chart is given in the ............ classification system of soils. 
The plasticity chart is obtained by plotting 

(a) Plasticity index on x-axis and liquid limit on y-axis 

(b) Liquid limit on x-axis and plasticity index on y-axis 

(c) Plastic limit on x-axis and plasticity index on y-axis 

(d) Plasticity index on x-axis and plastic limit on y-axis 
Textaral classifications are merely based on 

(a) grain size (b) consistency limits 

(c) grain size and consistency limits (d) plasticity index 


70% of a soil is retained on 75-u I.S. Sieve. 60% of the coarse fraction is retained on 4.75 
mm LS. Sieve. The uniformity coefficient is 5 and the coefficient of curvature is 2. What 
is the soil designation according to IS Classification ? 


Liquid limit for fine-grained soils of high compressibility is ............ according to IS clas- 
sification. 


Clays exhibit more hygroscopicity than sands because ............ : 
Hygroscopic moisture can be removed by oven-drying at a temperature of ............ : 
The effective stress controls certain aspects of soil behaviour, notably ............ and ecane 


The flow of water through soil is invariably (except in the case of coarse sands and 
gravels) ............ : 


Seepage velocity (V) is related to the superficial velocity (V) by the equation ............ : 
The constant of proportionality between seepage velocity and hydraulic gradient is called 
(a) Seepage coefficient 

(b) Coefficient of Transmissibility 

(c) Modified coefficient of permeability 

(d) Coefficient of percolation 
Velocity head in soils is invariably ............ : 
Negative pore pressure can exist. True/False. 


For soils of low permeability, ............ permeameter is used in the laboratory to deter- 
mine the coefficient of permeability. 


The analysis of flow towards a well was given by ............ and modified by ............ : 


The minimum number of observation wells required to determine the permeability of a 
stratum in the field by a pumping test is 


(a) One (6) Two 
(c) Three (d) None of the above 
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52. 


53. 
54. 


55. 
56. 
57. 


58. 
59. 
60. 


61. 
62. 
63. 


64. 


65. 


66. 
67. 


68. 


69. 
70. 


Allen Hazen’s empirical relationship between the coefficient of permeability and effec- 
tive size is ............ : 


Poiseuille’s equation (law) relates to ............ flow through a ............ : 


Specific or absolute permeability varies with the permeant characteristics like viscosity 
and unit weight. True/False. 


Entrapped air ............ the permeability of soil. 
Organic matter increases the permeability of a soil. True/False 


Horizontal permeability is smaller than vertical permeability in a layered deposit. True/ 
False 


‘Capillary fringe’ means ............ 
Capillary height is dependent upon the shape of the Capillary tube. True/False 
The pore water pressure in the capillary zone is 


(a) zero (b) positive 

(c) negative (d) very low 
The shape factor of a flow net is ............ . It is independent of the ............ of the soil. 
Flow through an earth dam is a case of ............ flow. 


When steady seepage occurs in isotropic soil, the head causing flow satisfies ............ . 
equation. 


Ifk, and k, are the permeabilities in the x-and z-directions respectively in a two-dimen- 
sional flow situation, the effective permeability k, is given by: 


(a) k, = Jk,k, (b) k, = k/k, 
(c) k, =k, +k, (d) None of the above 


The critical hydraulic gradient 7, for a soil with a grain specific gravity G and a void 
ratio e is 





Gre G+1 
(a)i, = TF b)i = ipe 
-1 
(c)i, = Tee. (d) None of these 


The seepage force j per unit volume is given by ............ : 


For upward flow, the effective stress at any point in a soil is ............ by an amount equal 
to the seepage force. 


The aim of doubling the pressure each time in the consolidation test is to see that the 
soil is always in a ............ condition. 


The maximum overconsolidation ratio of normally consolidated soil is ............ : 
The compressibility of a field deposit is 

(a) the same as that shown by a laboratory sample 

(b) somewhat greater than that shown by a laboratory sample 

(c) some what smaller than that shown by a laboratory sample 

(d) not at all related to that of a laboratory sample. 
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71. 


72. 


73. 


74. 


75. 
76. 


TI. 


78. 


79. 


80. 


The empirical relationship established by Skempton between the compression index 
(C) and liquid limit (w,) is ............ : 


If the initial excess pore pressure is u; and that at a particular instant is u, the consoli- 
dation (percent) U is 


| to ga ali 
w@u-( “ 00 wu 3 


ou- |) av= [1# ) x100 
U; ui 


l 


Even after the complete dissipation of express pore pressure, a little more consolidation 
is possible. This is known as............ : 


In Terzaghi’s theory of one-dimensional consolidation 

(a) plastic lag alone is considered and hydrodynamic lag is ignored. 

(b) hydrodynamic lag alone is considered and plastic lag is ignored. 

(c) both hydrodynamic and plastic lags are considered. 

(d) both hydrodynamic and plastic lags are ignored. 
Mathematically speaking, the time taken for 100% consolidation is ............ ; 
For a clay deposit 

(a) C, characterizes the total settlement and C, the time-rate of settlement. 
(b) C, characterizes the total settlement and C, time-rate of settlement. 

(c) Both C, and C, characterize both the aspects of settlement. 

(d) neither C, nor C, characterizes either of the aspects of settlement. 


A clay deposit suffers a total settlement of 5 cm with one way drainage. With two-way 
drainage, it suffers a total settlement of 


(a) 10 cm (b) 2.5 cm 
(c) 20 cm (d) 5 cm 


When the average degree of consolidation U is less than 60%, the time factor T is given 
DY acercan; . 


The time factor for a particular average degree of consolidation 
(a) depends upon the distribution of initial excess hydrostatic pressure. 
(b) is independent of the distribution of initial excess hydrostatic pressure. 
(c) depends upon the coefficient of consolidation. 
(d) depends upon the drainage path. 
Consolidation 
(a) is a function of the total stress. 
(b) is a function of the neutral stress. 
(c) is a function of the effective stress. 
(d) does not depend upon the present stress. 
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81. 


82. 


83. 
84. 


85. 
86. 


87. 
88. 


89. 


90. 


91. 


92. 


93. 


94. 


95. 
96. 


Secondary consolidation obeys Terzaghi’s one-dimensional theory of consolidation. True/ 
False 


The three primary sources of shearing strength of a soil are 


Ch) caxvassedcess : 
(it) sisitan 
(LiL) sro 
The strength theory applicable to a cohesive-frictional soil is ............ theory. 
The stress responsible for the mobilization of shearing strength of a soil is 
(a) effective normal stress. (b) neutral stress. 
(c) total normal stress. (d) shear stress. 


jarike shear parameters are independent of the stress history of the soil. 


The type of shear test (with regard to drainage conditions) in which no significant vol- 
ume changes are expected and pore pressures develop throughout the test is 


(a) Consolidated undrained test. (b) Unconsolidated undrained test. 

(c) Consolidated drained test. (d) Slow test. 

The type of shear test in which the failure plane is predetermined is ............ : 

The flow value N 6 is given by 

(a) tan? (45° — $/2) (b) tan (45° + /2) 

(c) tan? (45° + 6/2) (d) tan (45° — 9/2) 
In the modified procedure for evaluating the shear parameters given by Lambe and 
Whitman, ............ is plotted on the x-axis and ............ on the y-axis. 
The special case of a triaxial compression test with zero confining pressure is called 


The shear strength for a saturated clay from unconfined compression test is 
(a) twice the unconfined compression strength. 

(b) half the unconfined compression strength. 

(c) four times the unconfined compression strength. 

(d) not related to the unconfined compression strength. 
For a saturated soil, Skempton’s B-parameter is 

(a) nearly zero. (b) nearly 0.5. 

(c) nearly 1.0. (d) very high. 


Interlocking contributes a significant part of the shearing strength in the case of............ 
sands. 


The void ratio at which further strain does not produce volume changes is called ............ 


For desenes: clay the stress-strain curve shows a peak. 
The maximum angle B of an infinite slope of a purely cohesionless soil is 
(a) B = , the angle of internal friction. (b) B = 6/2. 

(c) B = 0/8. (d) not related to 9. 
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97. 


98. 


99. 
100. 
101. 


102. 


103. 


104. 


105. 


106. 


10.7. 


108. 


109. 


110. 


111. 


112. 


113. 


The most unfavourable condition for the stability of an earth slope is the ............ condi- 
tion. 


Taylor’s stability number N is given by 


yH Em 
(a) N= Cn (6) N= yH 
CmH Very 
(c) N= y (d) N= H 
Generally speaking, the effect of pore water is to ............ the stability of a slope. 
The correction factor for the friction circle is dependent upon ............ of the failure arc. 


The vertical stress intensity ©, at a depth z directly beneath a concentrated load Q, 
according to Boussinesq, is ............ : 

The locus of a point at which the vertical stress intensity is the same value is called 
For layered deposits, which show large lateral restraint, the more appropriate theory of 
stress distribution is considered to be ............ : 

The influence coefficient for vertical stress intensity inside a soil medium due to a sur- 
face point load obtained from Westergaard’s theory are greater than those from 
Boussinesq’s. True/False. 

The absolute maximum shear stress when a strip load of intensity q and width B acts 
on the surface of a soil medium is given by ............ é 

The expression for vertical stress at a point below the corner of a rectangular loaded 
area was derived by ............ . 

For the determination of the vertical stress underneath any point caused by an irregu- 
lar loaded area, ............ is used. 

An approximate method for the determination of stress beneath any point of a loaded 
area iS a...n. ; 


The settlement of a soil in an overconsolidated condition is ............ than that in the 
normally consolidated condition. 

The effect of horizontal drainage on the ............ is to accelerate it and it has no effect on 
the sirosis ; 

The contact pressure at the edges of a rigid footing on a saturated clay is ............ theo- 
retically. 


The maximum contact pressure on a rigid footing on a cohesionless soil occurs at the 


The process of compaction of a soil involves 
(a) expulsion of pore water. 

(b) expulsion of pore air. 

(c) expulsion of both pore air and pore water. 
(d) none of the above. 


OBJECTIVE QUESTIONS 887 





114. 
115. 


116. 


117. 
118. 
119. 
120. 
121. 


122. 
123. 


124. 


125. 


126. 


127. 


128. 


129. 


130. 


131. 


132. 
133. 


The degree of compaction of a soil is characterized by its ............ i 


The higher the compactive effort, the ............ the optimum moisture content upto a 
limit. 
Irrespective of the compactive effort, a soil cannot reach the zero-air-voids condition. 


True/False 
The higher the compactive effort, the ............ the maximum dry density upto a limit. 
Sheepsfoot roller is unsuitable for compacting granular soils. True/False 
The best method for the compaction of cohesionless soils is ............ r 
Relative or degree of compaction means ............ : 
Proctor Plasticity needle is useful for quick determination of 

(a) insitu dry unit weight. 

(b) insitu moisture content. 

(c) both insitu dry unit weight and in situ moisture content. 

(d) optimum moisture content and maximum dry density. 
The soil involved in compaction is always partly saturated. True/False. 


OEE movement is required to mobilize full active pressure; however, ............ MOVE- 
ment may be required for the mobilization of full passive resistance. 


According to the theory of elasticity, the coefficient of earth pressure at rest, K,, is given 
by K 5 pesus . 


Wall friction ............ the active earth pressure on a wall and ............ the passive earth 
resistance of the soil. 


Uniform Surcharge increases the active earth pressure while it decreases the passive 
resistance. True/False. 


Cohesion 

(a) increases the active pressure and decreases the passive resistance. 
(b) decreases both active pressure and passive resistance. 

(c) increases both active pressure and passive resistance. 

(d) decreases active pressure and increases passive resistance. 


The passive pressure coefficient for an inclined backfill of dry sand is the reciprocal of 
active pressure coefficient according to Rankine’s theory. True/False 

The critical depth or the unsupported height to which a pure clay soil will be stable is 
given by H, = nsss : 

Coulomb’s simplyfying assumption that the failure surface is a plane instead of a curved 
one introduces significant error in the computation of ............ . In fact, it soms the 
value. 


The average angle of wall friction, 5, in terms of 6, is given as ............ , according to 
Terzaghi. 


Coulomb’s theory does not satisfy the static equilibrium condition. True/False 
Wall friction can never be negative. True/False 
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134. 


135. 


136. 


137. 


138. 
139. 


140. 
141. 


142. 


143. 
144. 
145. 


146. 
147. 


148. 


149. 


150. 


151. 


152. 
153. 
154. 


155. 


156. 


The curved surface of sliding in the passive case approximates a ............ , according to 
Terzaghi. 
Poncelet’s rule and Rebhann’s condition mean practically the same thing. True/False. 


Poncelet’s graphical construction can be used for the determination of both the active 
earth thrust and the location of sliding surface when the angle of inclination of the 
backfill surface equals o. True/False 


Poncelet graphical construction is useful for the determination of only the active thrust 
on a wall and not the passive resistance of the soil. True/False 


Culmann’s graphical method is a simplified version of the more general ............ method. 


Culmann’s method is applicable for a stratified backfill and Poncelet’s method is not. 
True/False 


Passive resistance cannot be evaluated by Culmann’s method. True/False 


The effect on line load on the lateral earth pressure on a wall can be evaluated by............ 
graphical method. 


The critical position of a line load for not causing any increase in the lateral pressure on 
a wall can be obtained by ............ method. 


The depth A, of the tension crack in a cohesive-frictional soil is given by h, = ............ ; 
Unit adhesion c, cannot exceed cohesion c of a backfill soil. True/False 


Coulomb’s wedge theory cannot be applied when the backfill is a cohesive soil. True/ 
False 


A semi-gravity wall need not be as massive as a gravity retaining wall. True/False. 


For a gravity wall the maximum eccentricity of the base reaction for ‘no tension’ condi- 
tion to be satisfied is ............ ; 


When the eccentricity of base reaction is the maximum for no tension in the base, the 
maximum stress on the foundation soil is ............ ; 


If passive resistance is considered, the factor of safety against sliding and against over- 
turning should be more than two for a retaining wall with a cohesive backfill. True/ 
False. 


Both the amount of yield and the pattern of yield of a wall have significant effect on the 
nature, distribution, and magnitude of the lateral pressure mobilized. True/False. 


Eaei theory of earth pressure may be used if a retaining wall has smooth vertical 


For a masonry gravity retaining wall, ............ theory of earth pressure is preferred. 
For a cantilever retaining wall, ............ theory of earth pressure may be used. 

The portion of the foundation of any structure, which transmits loads directly to the 
foundation soil is called ............ i 

Gross and net bearing capacities will be the same when the structure is founded at 


The two criteria for the determination of bearing capacity of a foundation are (i) ............ 
and Gi) siriasi : 
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157. 


158. 


159. 
160. 


161. 
162. 


163. 


164. 


165. 


166. 


167. 


168. 


169. 


170. 


171. 


Factor of safety should be applied only to the net ultimate bearing capacity and not to 
the surcharge pressure due to the depth of the foundation. True/False. 


The safe bearing capacity values tabulated in building codes and codes of practice are 
known as ............ bearing capacity values. 


Fellenius’ method for bearing capacity assumes ............ failure surface. 
Terzaghi’s method for bearing capacity is an extension and an improved modification of 
the method proposed by ............ ‘ 
The value of Terzaghi’s bearing capacity factors depend only upon the value of ............ . 
For o = 0° the Terzaghi bearing capacity factors are: 

(a) N,=1,N, =5.7, N,= 0. (6) N, = 0, N = 5.7, N= 1. 

(e) N,=5.7,N,=1,N,= 0. (d) N,=1,N,=0,N, = 5.7. 
Terzaghi suggests that the parameters c’ and @’ for local shear failure, in terms of c and 
o for general shear, as: ............ AD iii ; 
Two footings, one circular and the other continuous, are founded at the same depth in a 
pure clay. The diameter of the circular footing is the same as the width of the continu- 
ous footing. The ratio of their net ultimate bearing capacities is ............ : 
Two footings, one circular and the other square, are founded in pure clay. The diameter 
of the circular footing is the same as the side of the square footing. The ratio of their net 
ultimate bearing capacities 

(a) is unity. 

(b) is 1.8. 

(e) is 1/1.3. 

(d) cannot be determined without some more data. 
The benefit of surcharge or depth of foundation is only marginal in the case of footings 
on purely cohesive soils. True/False 
Two footings, one circular and the other continuous, are founded on the surface of a 
purely cohesionless soil. The diameter of the circular footing is equal to the width of the 
continuous footing. The ratio of their ultimate bearing capacities is ............ . 
Two footings, one square and the other continuous, are founded on the surface of a pure 
cohesionless soil. The side of the square footing is equal to the width of the continuous 
footing. The ratio of their ultimate bearing capacities is ............ 
Two footings, one circular and the other square, are founded on the surface of a purely 
cohesionless soil. The diameter of the circular footing in the same as that of the side of 
the square footing. The ratio of their ultimate bearing capacities is 

(a) unity. (b) 1.3. 

(c) 4/3. (d) 3/4. 
The bearing capacity of a footing in pure clay may be increased by increasing its size. 
True/False 
Two footings of the same size and shape are founded—one in loose and (I, = 15%) and the 
other in dense sand (I, = 85%). The one founded in ............ sand will have greater bear- 
ing capacity. This is because this sand will have greater ............ : 
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172. 


173. 


174. 


175. 


176. 
177. 
178. 
179. 


180. 


181. 
182. 


183. 


184. 


185. 


186. 


187. 


188. 
189. 
190. 
191. 


192. 
193. 
194. 


195. 
196. 
197. 


Skempton’s equations give the ............ bearing capacity of ............ footings founded in 
purely cohesive soils. 

Skempton’s equations do not suffer from the limitation that the footings must be shal- 
low (D/b < 1). True/False. 

Brinch Hansen’s theory of bearing capacity gives better results for cohesive soils rather 
than for cohesionless soils when compared with Terzaghi’s theory. True/False 

Net ultimate bearing capacity of a footing in purely cohesive soil is reduced by about 
50% if the water table rises to the ground surface. True/False. 


Abbet’s improved method of plotting is used for plotting the results of a ............ test. 
Size effects in plate load tests are more important in the case of ............ soils. 
Standard penetration Test is commonly used for cohesionless soils. True/False 
Standard penetration test results for a cohesionless soil are correlated to its ............ and 
In the case of cohesionless soils, invariably the ............ criterion for the allowable bear- 
ing pressure governs the design. 

Pile foundation is one of the type of ............ foundation. 

When the weight of the soil excavated to place the foundation equals the total weight of 


the structure the foundation is said to be a ............ foundation. 


When the area of all the footings covers more than fifty percent of the area of the struc- 
ture, a... foundation is considered more suitable. 


For ordinary buildings, dead load plus half of the live load is referred to as the ............ 
load for the column. 


Useful width concept is an approach for the determination of the bearing capacity of 
footings subjected to ............ : 


When the footing of an exterior column cannot be allowed to extend beyond the adjacent 


property line, either a ............ footing or a ............ footing may be used. 

When the allowable soil pressure is low and the expected differential settlement for 
spread footings is high, the best choice is ............ foundation. 

The coefficient of subgrade reaction of a soil is defined as ............ A 

The modulus of elasticity of a cohesionless soil ............ with depth. 

The modulus of elasticity of a cohesive soil ............ with depth. 

Based on the mode of supporting vertical loads, piles may be classified as ............ piles 
and ou... piles. 

Three important materials used for piles are ............ E yener ; 

Perhaps the most complete dynamic pile driving formula is ............ formula. 

The ratio of the energy after impact to the energy of a pile driving hammer before im- 
pact is known as the ............ of the hammer 

One of the simplest of the dynamic pile-driving formulae is the ............ formula. 


There is a possible reduction in pile through liquefaction if a pile is driven into ............ ; 
Dynamic resistance of soil is not much different from its static resistance. True/False. 
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198. 


199. 


200. 


201. 


202. 


203. 
204. 


205. 
206. 


207. 


208. 
209. 


210. 


211. 


212. 


213. 


214. 


215. 


216. 
217. 


Pile driving in sensitive clays could result in the reduction of resistance due to remould- 
ing. True/False. 


The phenomenon of ............ tends to compensate partly the change in resistance of piles 
driven in sensitive clays. 

Load test on a pile is one of the best methods of determining the load carrying capacity 
of a pile. True/False. 


Test on a pile can be used to separate point-bearing and skin friction resistances at any 
load, according to I.S. code. 


When a soft or a loose layer settles after the installation of a pile, ............ develops to 
increase the load on the pile. 


Minimum number of piles in a pile group should be ............ : 
The ‘group efficiency’ of a pile group 
(a) will be always less than 100%. 
(b) will be always greater than 100%. 
(c) may be less than 100% or more than 100% depending upon the type of soil, method 
of installation, and pile spacing. 


(d) is more than 100% for pile groups in cohesionless soils and less than 100% for those 
in cohesive soils. 


Group settlement ratio of a pile group means ............ : 


Most theoretical solutions for laterally loaded piles involve the concept of coefficient of 
subgrade reaction, based on ............ hypothesis. 


For normally loaded clays and silts, the coefficient of subgrade reaction is assumed to 
vary linearly with depth. The constant of proportionality is called ............ : 


Bypassing a bad soil may be achieved by the use of............. . 
The procedure for mechanical stabilization that is widely used in the construction of 
base and surface courses for low cost roads is known as ............ ‘ 


Broadly speaking, the two methods of soil stabilization without additives are (i) ............ 
and Gi) sser : 


Two very commonly used methods of soil stabilization with additives are (i) ............ and 
(LL) -siderssbacds . 
The C.B.R. Value of the soil is usually determined for penetration of ............ mm and 
EN mm. 
To simulate the condition of submergence of subgrade soil in the field, ............ of labora- 


tory sample is resorted to before testing for its C.B.R value. 


C.B.R. Value of soil is used in one of the commonly used methods for the design of the 
thickness of ............ ‘ 


Besides the C.B.R. value, ............ also is required for the design of the thickness of 
bhvasieicees chloride and ............ chloride have been used for soil stabilization. 
TEEN , used as a stabilizing agent for soil, is one of the major constituents of wood and 


it is obtained as a by-product in the manufacture of paper. 
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218. 
219. 
220. 


221. 
222. 
223. 
224. 


225. 


226. 


227. 


228. 


229. 


230. 


231. 


232. 


233. 
234. 


235. 


236. 
237. 
238. 


Waterproofers do not increase the strength of the soil but help it retain its strength even 
in the presence of water. True/False 


EA ETA and ............ resins have also been used for soil stabilization. 


Chemicals which function by altering the electrical forces between the soil particles of 
colloidal size, but provide no cementing action, are generally known as ............ and 


navevtandies is a direct method for soil exploration. 
esses and ............ are indirect methods of soil exploration. 
Two common types of augers are ............ auger and ............ auger. 


A commonly used thickwall type of soil sampler is called ............ sampler, standardized 
by ISI. 


Sample disturbance is characterized by ............ of a sampler. The maximum desirable 
limit for this is ............ : 


ery and ............ are the most commonly used geophysical methods of soil explora- 
The sesir method of geophysical exploration fails when a hard layer overlies a soft 


The sorrera configuration with four equally spaced electrodes is popularly used in the 
RETE A method of geophysical exploration. 


The resistivity of rocks is ............ than that of soils. 


For horizontal coverage, electrical ............ and for vertical coverage, electrical ............ 
and for vertical coverage, electrical ............ are commonly used in the resistivity method 
of soil exploration. 


Caissons are broadly classified into three types: (a) ............ (OT sssesetteces (C) EA : 
The additional weight required to sink a caisson over and above it self weight is called 


The thick concrete layer placed at the bottom of a caisson is known as the ............ : 
An open caisson is one which is, during construction, 

(a) open at the top and closed at the bottom. 

(b) open both at the top and at the bottom. 

(c) open at the top and closed at the top. 
A pneumatic cassion is one which is, during construction, 

(a) closed at the top and open at the bottom. 

(b) open both at the top and at the bottom. 

(c) open at the top and closed at the bottom. 
‘Caisson disease’ may occur in persons working under ............ i 
Better control and working conditions are provided in the case of a ............ caisson. 
A box caisson is one which is, during construction, 

(a) closed at the top and open at the bottom. 

(b) open both at the top and at the bottom. 

(c) open at the top and closed at the bottom. 
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239. 
240. 
241. 
242. 


243. 
244. 
245. 


246. 


247. 


248. 


249. 


250. 


251. 
252. 


253. 
254. 


255. 
256. 
257. 


258. 
259. 


260. 
261. 
262. 


263. 
264. 
265. 


The most popular method of placing an open caisson in position is ............ : 
The well foundation resembles the ............ type of caisson. 
The body of a well foundation is known as the ............ : 


The concrete slab placed between a well and the super-structure, to serve as the bearing 
pad for the latter, is called ............ : 


The depth of the well below the lowest scour level is known as its ............ . 
The lateral stability of a well foundation in clay is analyzed by ............ hypothesis. 


Terzaghi’s ............ concept is commonly used in the analysis of the lateral stability of a 
well foundation, although it is, strictly speaking, not applicable. 


eee method is presently considered to be the most rational one for the analysis of 
lateral stability of a well foundation. 


The centre of rotation for a heavy well under lateral loads is considered to be at ............ 


Remedial measures are required to correct ............ which occur during the sinking of a 
well foundation. 

That part of soil mechanics which deals with the behaviour of soil under dynamic load- 
ing conditions is known as ............ ‘ 


A few important sources of dynamic forces are: (@) ............ AD) nini CEEA (d) 
Frequency is defined as ............ and its units are ............ : 
The number of independent co-ordinates required to completely describe the motion of a 


system is called its ............ : 
The simplest form of a periodic motion is ............ . 


The maximum displacement of a vibrating system from its equilibrium position is called 
IS ausits ; 


Frequency and period are ............ related. 
A body in space has Degree of freedom of ............ : 


The Degree of freedom of a two-mass two-spring system, constrained to move vertically 
without rotation, is ............ 


The rotation of a block about z-axis is known as ............ OF ascens vibration. 


The number of principal modes of vibration need not always reflect the Degree of free- 
dom — True/False. 


Combinations of more than one mode of vibration are called ............ i 
Undamped free vibration of a system occurs at a frequency known as its ............ i 


The continuous influence of an external force is required to sustain a ............ vibration 
of a system. 

The extenal force in a forced vibration is also called the ............ force. 

Undamped free vibration of any system in practice is only hopothetical. True/False. 


When the exciting frequency equals the natural frequency of the system, a phenomenon 
called ............ occurs, and the consequence is that the ............ becomes a maximum. 
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266. 
267. 


268. 


269. 


270. 
271. 
272. 
273. 


274. 


275. 


276. 
277. 


278. 
279. 


280. 


281. 


282. 


283. 


284. 
285. 
286. 
287. 
288. 


289. 


290. 


The resistance to motion in a physical system is known as ............ 

The internal loss of energy by absorption in a stressed system HET vibration is 
called ............ damping. 

The damping effect caused by the dissipation of energy by wave propogation in a soil 
mass is called ............ damping. 


If the amplitude of a system continues to increase as the system is supplied energy from 
an external source, it is said to be ............ damped. 

The time-displacement relationship is shown by means of a ............ curve. 

‘Frequency ratio’ is defined as the ratio of ............ ? 


The ratio of the dynamic amplitude to static displacement is called the ............ ; 
The limiting value of the damping coefficient for the motion to be periodic is the ............ 


The ratio of the damping coefficient in a given case to the critical damping coefficient is 
called ............ . 


The natural logarithm of the ratio of any two successive amplitudes of the same sign in 
the decay curve in a free vibration with damping is known as the ............ ‘ 


The two kinds of excitation are: (a) ............ (O) rosaces 


The type of excitation caused by the rotation of unbalanced masses is constant-force 
amplitude excitation. True/False. 


The type of excitation caused by an electromagnetic vibration is ............ excitation. 


The engineering behaviour of a soil is unaffected by the application of dynamic loading. 
True/False. 

Mass of the soil participating in the vibration should be included in the computation of 
the: ararsan of a machine foundation soils system. 


The two broad approaches used to analyse a machine foundation soil system undergo- 
ing vibrations are: (a) ............ (Dy) seee ; 


adiis and ............ are the parameters required in the analysis using mass-spring- 


snoa and ............ are the parameters required in analysis using the elastic half-space 
theory. 

The two basic types of a elastic waves are: (a) ............ (O) acseceazeees 

P-waves and S-waves are the two modes of surface waves. True/False. 

Body waves are categorized into two modes: (a) ............ (O) sescverseese 

A repeated plate bearing test is used to determine the ............ of the soil. 

The product of the coefficient of elastic uniform compression and the horizontal contact 
area between the foundation and the soil gives the ............ of the soil. 

The test used for the determination of in-situ dynamic properties of soil is ............ ofa 
cement concrete block. 

The coefficient of elastic uniform compression is inversely related to ............ of the 
foundation. 
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291. 


292. 
293. 


294. 


295. 
296. 


297. 


298. 
299. 


300. 


301. 


302. 
303. 
304. 
305. 
306. 


The two basic kinds of machines with regard to their dynamic effects on the foundation 
are: (d) oe. (O) oseni : 


A simple, but common, type of foundation for a machine is ............ : 


Besides avoidance of shear failure and deleterious settlements, two more important 
criteria for the design of a machine foundation are: (a) ............ (DB) creaadocies ; 


There is no rational method to determine the mass of soil participating in the vibration 
of a machine foundation-soil system. True/False. 


Calculation of ............ is an important step in the design of a reciprocating machine. 


In the computation of the unbalanced interial forces, the first harmonic gives the ............ 
inertial force, and the second and higher harmonics give ............ inertial force. 


In a multi-cylinder engine, the crank angles play an important role in the computation 
of unbalanced intertial forces. True/False. 


A hammer foundation is a typical example of that for ............ type machine. 
The ratio between the relative velocity before impact to that after impact is called ............ 


The model for the dynamic analysis of a hammer foundation with elastic pad has a 
degree of freedom of ............ : 


Barkan’s empirical procedure for the design of a hammer foundation involves the use of 
two equations ............ one for ............ of the foundation, and the other for ............ of the 
foundation. 


The two kinds of vibration isolation are: (a) ............ (0) iais ‘ 

Active isolation is also known as ............ and passive isolation is known as ............ : 
RRO barriers is a method of vibration isolation. 

Three important isolating materials are: (a) ............ (Ola (C) rancs Í 


Changing the natural freuqnecy of the foundation system at a later stage after con- 
struction, if found necessary, is known as ............ : 


NOTE 


The topics in which small numercial questions may be given are the following: 


1. 


oP 2 


Porosity, void ratio, Degree of Saturation, etc. 

Unit weights—saturated, dry, submerged, moist ; Unit Phase—diagram, etc. 
Weight—volume relationships. 

Grain specific gravity determination ; Density index, consistency limits and indices, etc. 


Effective and neutral stresses, permeability, permeameters, critical hydraulic gradi- 
ents, etc. 


Seepage, computation of discharge, exit gradient from flow nets. 


Total settlement due to consolidation, compressiblity characteristics, coefficient of con- 
solidation, Time-rate of settlement under different drainage conditions, etc. 


Mohr-Coulomb equation, shear box test, etc. 
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Unconfined compression strength, area correction, etc. 


Taylor’s stability number, computation of factor of safety of a slope, etc. 


Boussinesq’s point—load equation for vertical stress, Equivalent point-load method-ap- 
plication to stress distribution problems, etc. 


Rankine’s theory—active and passive pressures with or without surcharge for cohesionless 
and cohesive back fills, critical depth, depth of tension cracks in cohesive back fills, etc. 


Bearing capacity of continuous, square, and circular footings in purely cohesive and 


cohesionless soils, with adequate data. 


Application of Engineering News formula for allowable load on a pile, etc. 


Area ratio of a sampler, sampling disturbance, etc. 


Answers to Objective Questions in “Geotechnical Engineering” 


S 


p= pm pm pml pm = pam = pant 
So PWN ES 


17. 
18. 
19. 
20. 
21. 


22. 


Piel es Go O a 


Soils deposited in lake bed 

Wind-borne deposits 

Montmorillonite 

Leaching 

(c) 

dispersed 

(d) 

the denominator—volume of solids—is rela- 
tively a constant value 


weight of water divided by the total weight 
expressed as a percentage 


(a) 
False 
(c) 
(a) 
(d) 
it is relatively constant value 
(i) darker 
(ii) lighter 
(iit) darker 
plate-like 
(a) 
hygroscopic moisture 
total or wet 
It is so because the densest state as obtain- 
ing in nature cannot always be simulated 
in the laboratory. 
A very wide range of grain sizes can be rep- 
resented in one plot—(sand, silt and clay 
sizes can be plotted in one graph) 


23. 
24. 
25. 
26. 
27. 
28. 
29. 
30. 
31. 
32. 
33. 
34. 
35. 
36. 
37. 
38. 
39. 
40. 
41. 


42. 
43. 
44. 


45. 


46. 
47. 
48. 
49. 


Terminal velocity 
dispersing 

(b) 

nonplastic 

Plastic and shrinkage 

(d) 

Mercury displacement 
mass or apparent 
Extra-sensitive, flocculent 
clay 

Silts 

Rock flour 
Montmorillonite 

Public Roads Administration (PRA) (USA) 
(b) 

(a) 

GW (Well-graded gravel) 
greater than 50 


their grain size is very small and conse- 
quently their specific surface is very high 


105°C — 110°C 
compressibility and shear strength 


laminar 
V , : 
V, = —, n being the porosity 
n 


(d) 

negligible 
True 

varying head 
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50. 
51. 
52. 
53. 
54. 
55. 
56. 
57. 
58. 


59. 
60. 
61. 


62. 
63. 
64. 
65. 
66. 


67. 
68. 
69. 
70. 
71. 
72. 
73. 
74. 
75. 
76. 
77. 
78. 
79. 
80. 
81. 
82. 


83. 
84. 
85. 
86. 


Dupuit, Thiem 
(b) 
k = 100 D? 
laminar, circular pipe (cylindrical conduit) 
False 
decreases 
False 
False 
the zone above the water-table saturated 
by Capillary moisture 
False 
(c) 
n/n, d (np = number of flow channels, n, = 
number of equipotential drops); permeabil- 
ity. 
Unconfined 
Laplace’s 
(a) 
(c) 
jJ = iY, ( = hydraulic gradient, y, = unit 
weight of water) 
decreased 
normally consolidated 
Unity 
(b) 
C, = 0.009 (w, — 10) 
(a) 
Secondary consolidation 
(b) 
infinite 
(a) 
(d) 
T = (1/4) U? 
(a) 
(c) 
False 
(i) Interlocking 
(ii) friction between individual grains 
(iii) Cohesion 
Mohr-Coulomb 
(a) 
Hvorselv’s true 


(b) 


87. 
88. 
89. 
90. 
91. 
92. 
93. 
94. 
95. 
96. 
97. 
98. 
99. 
100. 
101. 
102. 
103. 
104. 
105. 
106. 
107. 
108. 


109. 
110. 
111. 
112. 
113. 
114. 
115. 
116. 
117. 
118. 
119. 
120. 


121. 
122. 
123. 


124. 


Direct shear test (shear box test) 
(c) 

(0; + 65)/2, (6, + 03)/2 
unconfined compression test 
(b) 

(c) 

dense 

Critical void ratio 
overconsolidated or undisturbed sensitive 
(a) 

rapid drawdown 

(b) 

decrease 

central angle 

0, = 3Q/2r2? 

stress isobar or pressure bulb 
Westergaard’s theory 

False 

qin 

N.M. Newmark 

Newmark’s chart 


equivalent point load method or (2:1 
method) 


smaller 

time-rate of settlement and total settlement 
infinite 

centre of the footing 

(b) 

dry density 

smaller 

True 

Higher 

True 

Vibration 

the ratio of dry density obtained in the field 
to the Proctor maximum dry density. 

(c) 

True 


A little, relatively larger 


p= S , V being the Poisson’s ratio of 
(1—v) 


the soil. 


898 


GEOTECHNICAL ENGINEERING 





125. 
126. 
127. 
128. 


129. 
130. 
131. 
132. 
133. 


134. 
135. 
136. 
137. 
138. 
139. 
140. 
141. 
142. 


143. 


144, 
145. 
146. 
147. 
148. 
149. 
149. 
151. 
152. 
153. 
154. 
155. 
156. 

(ii) 
157. 
158. 
159. 
160. 
161. 
162. 


decreases, increases 

False (increases both) 

(d) 

False (True only for horizontal backfill sur- 
face) 

H, = 4c/y 

Passive earth resistance; underestimates 
ô = (2/3) 

True 


False (can be negative under certain condi- 
tions) 


Logarithmic spiral 
True 

False 

False 

Trial wedge 

True 

False 

Culmann’s 


Culmann’s graphical 


2 
h,= FM [N, = tan? (45° + ¢/2)] 
True 
False 
True 


One sixth of the base width 
twice the average stress. 
True 

True 

Rankine’s 

Coulomb’s 

Rankine’s 

Footing 

Ground surface 

(i) shear failure 

settlement 

True 

Presumptive 

Circular (cylindrical) 
Prandtl, L. 

the angle of internal friction of the soil. 


(c) 


163. 
164. 
165. 
166. 
167. 
168. 
169. 
170. 
171. 


172. 


173. 
174. 
175. 
176. 
177. 
178. 
179. 
180. 
181. 
182. 
183. 
184. 
185. 
186. 
187. 
188. 
189. 
190. 
191. 
192. 
193. 
194. 
195. 
196. 
197. 
198. 
200. 
201. 
202. 
203. 


c’ = (2/3)c; tan 6’ = (2/3) tan o 
1.3 

(a) 

True 

0.6 

0.8 

(d) 

False 

dense, friction angle and hence greater bear- 
ing capacity factors 

Net ultimate; circular, square, rectangular 
and strip. 

True 

True 

False 

Plate load 

Cohesionless 

True 

density index and friction angle 
Settlement 

Deep 

floating 

Raft 

service 

eccentric loads or moments 
strap, combined 

raft 

the pressure per unit penetration 
varies linearly 

is constant. 

point-bearing, friction 

wood, steel, concrete 

Hiley’s 

efficiency 

Engineering News 

Loose sand or silt 

False 

Thixotropy 

True 

Cyclic load 

Negative skin friction 

Three 
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204. 
205. 


206. 
207. 
208. 
209. 
210. 


211. 


212. 
213. 
214. 
215. 
216. 
217. 
218. 
219. 
220. 
221. 
222. 


223. 
224, 
225. 
226. 
227. 
228. 
229. 
230. 
231. 


232. 
233. 
234. 
235. 
236. 
237. 
238. 
239. 
240. 
241. 


(c) 
The ratio of settlement of pile group to that 
of individual pile. 
Winkler’s 
Coefficient of soil modulus variation 
Piles 
Mehra’s method of stabilization 

(i) Mechanical stabilization 
(ii) Stabilization by drainage 

(i) cement stabilization (soil-cement) 
(ii) Bitumen stabilization 
2.5, 5.0 
soaking 
flexible pavements 
The maximum wheel load 
Sodium, Calcium 
Lignin 
True 
Natural, Synthetic 
aggregants, dispersants 
Test pits 
Penetration tests (Soundings) geo-physical 
methods 
Post-hole, helical 
Split-spoon sampler 
Area-ratio 
Seismic refraction, Electrical resistivity 
Seismic refraction 
Wenner, electrical resistivity 
much larger 
profiling, sounding. 


(a) Open caissons (b) Pneumatic caissons (c) 
Box or floating caissons. 


Sinking effort. 

Concrete seal. 

(b) 

(a) 

Compressed air pressure 
Pneumatic 

(c) 

sand island method 
Open 

Steining 


242. 
243. 
244. 
245. 
246. 
247. 
248. 
249. 
250. 


251. 


252. 
253. 
254. 
255. 
256. 
257. 
258. 
259. 
260. 
261. 
262. 
263. 
264. 
265. 
266. 
267. 
268. 
269. 
270. 
271. 


272. 
273. 
274. 
275. 
276. 


277. 
278. 
279. 
280. 


Well cap. 

Grip length 

Lazard’s 

Free rigid bulkhead 

LR.C. 

The base of the well 

Shifts and tilts 

Soil Dynamics 

(a) Earthquakes (b) Blasts (c) Pile driving 
(d) Machinery. 


Number of cycles per unit of time; cycles per 
second (Hertz) 


Degree of Freedom. 
Simple Harmonic Motion. 
Amplitude 

Inversely 

Six 

Two 

Yawing; torsional 

True 

Coupled modes 

Natural frequency 
Forced 

Exciting 

True 

Resonance; amplitude 
Damping 
Internal/solid/structural. 
radiation/dispersion/geometric 
Negatively 

Response 


Operating or exciting frequency to the natu- 
ral frequency 


Magnification factor. 
Critical damping coefficient. 
Damping ratio or damping factor. 
Logarithmic decrement. 

(a) Constant-force amplitude excitation. 
(b) Quadratic-excitation. 
False. 
Constant-force amplitude excitation. 
False. 
Natural frequency. 
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281. 


282. 
283. 
284. 
285. 
286. 


287. 
288. 
289. 
290. 
291. 


292. 
293. 


(a) Mass-spring-dashpot model 
(b) Elastic half-space theory 
Spring constant; damping ratio. 
Shear modulus; Poisson’s ratio. 
(a) Body waves (b) Surface waves 
False. 

(a) Compression or P-waves 

(6) Shear or S-waves. 
Coefficient of elastic uniform compression. 
Spring constant 
Field vibration test. 
The square root of the area. 


(a) Reciprocating machines (b) Impact ma- 
chines 


Block type foundation. 
(a) Avoidance of resonance 


(b) Amplitudes being limited to permissi- 
ble limits. 


294. 
295. 
296. 
297. 
298. 
299. 
300. 
301. 
302. 
303. 
304. 
305. 
306. 


True. 

Unbalanced inertial forces. 

Primary; secondary. 

True 

Impact 

The coefficient of restitution. 

Two 

The weight, the base area 

(a) active isolation (b) passive isolution 
Force isolation, amplitude isolation. 
Trench. 

(a) cork (b) felt (c) Rubber or steel springs 


tuning 


APPENDIX A 


A NOTE ON S.I. UNITS 


S.I. is the abbreviation by which the System Internationale d’Unités (International System of 
Units) is known. S.I. a ‘coherent’ system—the product or quotient of two or more of its units is 
the unit of the resultant quantity. 


The base units of SI System are as follows: 


Length 

The metre is the length equal to 1,650,763.73 wavelengths in vacuum of the radiation corre- 
sponding to the transition between the levels 2p!° and 5d° of the Krypton-86 atom. 

Mass 


The Kilogram is the unit of mass; it is equal to the mass of the international prototype of the 
kilogram. 


Time 
The second is the duration of 9,192,631,770 periods of the radiation corresponding to the tran- 
sition between the two hyperfine levels of the ground state of the Caesium-133 atom. 


Intensity of Electric Current 


The ampere is that constant current which, if maintained in two straight parallel conductors 
of infinite length, of negligible circular corss-section and placed one metre apart in vacuum, 
would produce between these conductors a force equal to 2 x 10-’ newton per metre of length. 


Thermodynamic Temperature 


The Kelvin, unit of thermodynamic temperature, is the fraction 1/273.16 of the thermody- 
namic temperature of the triple point of water. 


Luminous Intensity 

The candela is the luminous intensity, in the perpendicular direction of a surface of 1/600,000 
square metres of a black body at the temperature of freezing platinum under a pressure of 
101,325 newtons per square metre. 


Amount of Substance 


The mole is the amount of substance of a system which contains as many elementary units as 
there are carbon atoms in 0.012 kilogramme of Carbon-12. The elementary unit must be speci- 
fied and may be an atom, a molecule, an ion, an electron, a photon, or a specified group of such 
entities. 
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The base and other units of the S.I. System are tabulated below: 





Quantity Unit Symbol Remarks 





I Base Units: 


Length metre m 

Mass kilogram kg 

Time second s 

Electric Current ampere A 

Thermodynamic temperature kelvin K Celsius scale may be used for 
practical purposes. 

Luminous intensity candela cd 

Amount of substance mole mol 


II Supplementary Units : 
plane angle radian rad 


solid angle steradian sr Solid angle subtended at the 
cente of a sphere by a surface 
area equal to the square of the 
radius. 


III Derived Units 


Force newton N Force which produces an 
acceleration of 1 m/s? acting on 
amass of 1 kg. Also, lkg=gN 


Energy joule J Work done by a force of 1 N 
over a displacement of 1 m or 
1J=1Nm 

Power watt W Rate of work of 1 J/s 

Flux weber Wb 

Flux density tesla T 

Frequency hertz Hz Hz = 1 c/s (s+) 

Electric conductance siemens S 


Pressure, stress pascal Pa 1 Pa = 1 N/m? 
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General Rules and Conventions 


Symbols 


1. 


ST Oe Sr es So 


Full names of units, even when they are named after a person, are not written with a 
capital initial letter. 


The symbol for a unit, named after a person, is written with a capital initial letter. 
Symbols for other units are not written with capatal letters. 

Symbols for units are always used in the singular. 

No punctuation marks should be used within or at the ends of symbols for units. 

A space is left between the numeral and the symbol. 

A space is left between the symbols for compound units—e.g., kW h; N m. (m N would 
denote metre newton while mN would denote millinewton) 

The denominators of compound units are expressed preferably in the base units and not 
in thier multiples or submulitples—e.g., MN/m? is preferred to N/mm?. 

The symbol of multiples and submultiples is to be used only conjointly with that of the 
unit and not with the full name of the unit—e.g., MW and not M watt. 


Prefixes 


Multiples or submultiples involving the factor 1000 (or 10+?” n being an integer) are preferen- 
tially used for the purpose of international consistency. 


Common prefixes used are: 


kilo (k) 108 
mega (M) 106 
giga (G) 10° 
milli (m) 10° 
micro (u) 19° 
nano (n) 10 


Normally, double prefixes are avoided. 


REFERENCES 


1. 
2. 
3. 


Ramaswamy, G.S., and Rao. V.V.L., SI Units: A Source Book, Tata McGraw-Hill Co. Ltd., 1971. 
IS: 3616: Recommendations of the International System (SI) of Units, ISI, New Delhi. 
IS: SP5-1969: Guide to SI Units, ISI, New Delhi. 


AppenDIxX B 


NOTATION 
A : Activity of clay (Ch. 3) 
Area of cross-section (Ch. 3) 
Pore pressure parameter (Ch. 8) 
Area of tyre contact (Ch. 17) 
Amplitude of motion (Ch. 20) 
Area of plate (Ch. 20) 
A° Angstrom unit 
A, Water adsorption capacity (Ch. 12) 
A Product of parameters A & B (Ch. 8) 
A, Amplitude of anvil (Ch. 20) 
A, Bearing area of pile in contact with soil (Ch. 16) 
A; Area of foundation contact (Ch. 20) 
A 3 Area of cross-section of pile block (Ch. 16) 
A; Inside area of caisson (Ch. 19) 
A, Base area of elastic pad/Area of plate (Ch. 20) 
A, Area ratio (Ch. 18) 
A, Surface area of pile in contact with soil (Ch. 16) 
A, Surface area as proposed for underreamed piles (Ch. 16) 
A, Static deflection (Ch. 20) 
A, Area of cross-section of void space (Ch. 5) 
A, Contact area of foundation (Ch. 20) 
a Area of cross-section of stand-pipe (Ch. 5) 
a particular distance (Ch. 6) 
Lever arm (Ch. 9) 
Radius of circular loaded area (Ch. 10) 
Dimension (Ch. 15) 
Effective area of piston (Chs. 16 & 20) 
a, : Air content (Ch. 2) 
ae : Ratio of A/W, in Eq. 20.112 (Ch. 20) 
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a i Coefficient of compressibility (Ch. 7) 

B : Skempton’s pore pressure parameter (Ch. 8) 
Width of loading (Ch. 10) 

Width of foundation (Ch. 18) 

Smaller dimension of caisson/well (Ch. 19) 


B : Parameter (Ch. 9) 

B; : Internal length of caisson (Ch. 19) 
B,,B, : Widths of footing (Ch. 15) 

b Size of elemental square (Ch. 6) 


Breadth of slice (Ch. 9) 
Size (breadth) of footing (Ch. 14) 
Dimension (Ch. 15) 
b’ í Effective width (Chs. 13 & 15) 
C : Correction to hydrometer reading (Ch. 3) 
Shape factor (Ch. 5) 
Total cohesive force (Ch. 9) 
Correction factor (Ch. 11) 
Constant (Ch. 14) 
Empirical constant in pile-driving formulae (Ch. 16) 


C; í Inside clearance (Ch. 18) 
C, Outside clearance (Ch. 18) 
Ca Total adhesion force (Ch. 13) 
C, : Compression bar wave velocity (Ch. 20) 
C, Coefficient of curvature (Ch. 3) 
Compression index (Ch. 7) 
Volume compressibility of soil (Ch. 8) 
Cy : Deflocculating agent correction (Ch. 3) 
C, Expansion index (Ch. 7) 
C n Meniscus correction (Ch. 3) 
C ; P-wave velocity (Ch. 20) 
C Static cone resistance (Ch. 11) 


Coefficient of restitution (Ch. 16) 
C Constant (Ch. 6) 
Compressibility constant (Ch. 11) 
Shear wave velocity (Ch. 20) 
: Temperature correction (Ch. 3) 
C Uniformity coefficient (Ch. 4) 
Coefficient of elastic uniform compression (Ch. 20) 
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C ; Coefficient of consolidation (Ch. 7) 
Volume compressibility of water (Ch. 8) 
í Settlement coefficient (Ch. 16) 
pC3 : Constants (Ch. 20) 
Coefficient of secondary compression (Ch. 7) 
Coefficient of elastic non-uniform compression (Ch. 20) 
Coefficient of elastic non-uniform shear (Ch. 20) 
í Coefficient of elastic uniform shear (Ch. 20) 
CU : Consolidated undrained Test (Ch. 8) 
CD : Consolidated drained Test (Ch. 8) 
c : Percent Clay-size particles (Ch. 3) 
Cohesion (Ch. 8) 
Damping coefficient (Ch. 20) 
c : Unit adhesion (Ch. 16) 
c : Critical damping Coefficient (Ch. 20) 
c : Effective cohesion (Hvorslev) (Ch. 8) 
City : Extreme fibre distance (Ch. 15) 
D : Diameter of soil particle (Ch. 3) 
Diameter of pipe pore (Ch. 5) 
Size of largest particle (Ch. 17) 
Electrode Spacing (Ch. 18) 
Overall diameter of Shear vane (Chs. 8 & 18) 
Depth of penetration of caisson (Ch. 19) 
Gripth length of well (Ch. 19) 
Damping ratio or Damping factor (Ch. 20) 
D,D, : External and internal diameters of Caisson/well (Ch. 19) 
: Depth of foundation (Ch. 14) 
D,D ; Diameters of cutting edge (Ch. 18) 
D,D : Dimeters of sampling tube (Ch. 18) 
D í Depth of pressure bulb (Ch. 11) 
Depth of compressible layer (Ch. 16) 
D Effective particle size (Ch. 5) 
D i 10% finer size or effective size (Ch. 3) 
Ds : 30% finer size (Ch. 3) 
Dgo 60% finer size (Ch. 3) 
d distance (Ch. 6) 
Aperture size of sieve (Ch. 17) 
Total thickness of construction (Ch. 17) 
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Diameter of central vane rod (Ch. 18) 
Normal scour depth (Ch. 19) 


d í Actual scour depth (Ch. 19) 

d, : Diameter of capillary (Ch. 5) 
Critical distance (Ch. 18) 

dmn í Mean size of soil particle (Ch. 19) 

d,&d d : Depth factors (Ch. 14) 

E í Modulus of elasticity of soil (Chs. 14 & 20) 
Potential drop (Ch. 18) 

E, : Young’s modulus of pad material (Ch. 20) 

E, í Modulus of elasticity of soil (Ch. 11) 

e : Void ratio 


Lever arm for weight of slice (Ch. 9) 
Eccentricity of reaction (Ch. 13) 
Eccentricity of mass (Ch. 20) 
Coefficient of elastic restitution (Ch. 20) 
en ,€, : Eccentricities of load (Ch. 15) 
e : Natural void ratio (Ch. 3) 
Initial void ratio (Ch. 11) 
Maximum void ratio (loosest state) (Ch. 3) 
; Minimum void ratio (densest state) (Ch. 3) 
F í Frictional resistance (Ch. 8) 
Factor of safety (Ch. 9) 
Damping force (Ch. 20) 
F : Group settlement ratio (Ch. 16) 
f : Lacey’s silt factor (Ch. 19) 
Frequency (number of cycles per unit of time) (Ch. 20) 


fn Natural frequency of a system (Ch. 20) 

f; Unit skin friction (Chs. 16 & 19) 
Unit frictional resistance between soil and soil (Ch. 16) 

G Specific gravity of soil solids or grain specific gravity (Ch. 2) 
Shear modulus (Ch. 20) 

G, ; Specific gravity of Kerosene (Ch. 2) 

Gn Mass specific gravity (Ch. 2) 

Gos Specific gravity of soil suspension (Ch. 2) 

G., : Specific gravity of water (Ch. 2) 

(Gor Specific gravity of water at the temperature of the test (Ch. 2) 


(Gor, : Specific gravity of water at temperatures T}? and T? respectively 
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(Go)r, i (Ch. 2) 


Gr Gr : Specific gravity of soil solids at temperature T}? and T,,° respectively (Ch. 2) 


g Acceleration due to gravity (Ch. 5) 
H : Thickness of confined aquifer (Ch. 5) 
Height of sample (Ch. 7) 
Drainage path (Ch. 7) 
Height of vane (Ch. 8) 
Height of slope (Ch. 9) 
Height of wall (Ch. 13) 
Height above maximum scour level (Ch. 19) 
Depth of water above the base of Caisson (Ch. 19) 
Critical depth (Ch. 13) 
Equivalent height of soil (Ch. 14) 
: Inclined height of wall face (Ch. 13) 
i í Overall depth of well (Ch. 19) 
Length of hydrometer bulb (Ch. 3) 
Hydraulic head causing flow (Ch. 5) 
Stroke or height of fall of hammer (Ch. 20) 
h Capillary rise (Ch. 5) 
Depth of tension crack (Ch. 9) 


h, : Height of water (Ch. 6) 
h ph ahy s Pressure head, elevation head and velocity head (Ch. 5) 
I : Current (Ch. 8) 
Second moment of area of the plan shape of caisson (Ch. 19) 
Iyl; : Moments of inertia of footing (Ch. 15) 
L Consistency index (Ch. 3) 
Ip : Density index 
I f : Flow index (Ch. 3) 
I, : Liquidity index (Ch. 3) 
I, Plasticity index (Ch. 3) 
I, Shrinkage index (Ch. 3) 
Influence value (Ch. 11) 
I, : Influence value (Ch. 11) 
Ir : Toughness index (Ch. 3) 
I : Influence value (Ch. 10) 
i : Hydraulic gradient (Ch. 5) 
Lash pl A ; Inclination factors (Ch. 14) 


J : Seepage force per unit volume (Ch. 6) 


910 GEOTECHNICAL ENGINEERING 





K ; Constant as specified (Ch. 3) 
Specific or absolute permeability (Ch. 5) 
Cohesion factor (Ch. 8) 
Conjugate ratio (Ch. 13) 
Shape coefficient (Ch. 14) 
Constant which depends upon shape of well (Ch. 19) 


K,K, Active earth pressure coefficient (Ch. 13) 
Ke Boussinesq’s influence factor (Ch. 10) 
K, Influence coefficient for line load (Ch. 10) 
K, Coefficient of earth pressure at rest (Ch. 13) 
K, Passive pressure coefficient (Ch. 13) 
K, Coefficient of earth pressure (Ch. 16) 
K, Westergaard’s influence factor (Ch. 16) 
k Darcy’s coefficient of permeability (Ch. 5) 
Coefficient of subgrade reaction (Ch. 15) 
k; : Constant (Ch. 5) 
k i Coefficient of soil modulus variation (Ch. 16) 
; Correction coefficient in Eq. 20.110 (Ch. 20) 
k, : Effective permeability 
p Coefficient of percolation (Ch. 20) 
k,k, Spring constant (Ch. 20) 


L i Length of sample (Ch. 5) 

Size of elemental square (Ch. 6) 
Length of rectangular load (Ch. 10) 
Length of footing (Ch. 15) 

Actual waterway (Ch. 19) 


L’ í Effective length (Ch. 15) 

L, i Embedded length of pile (Ch. 16) 
E; : Lineal shrinkage (Ch. 3) 

L : Length dimension (Ch. 8) 


Arc length (Ch. 9) 
Distance (Ch. 13) 


L Chord length (Ch. 9) 

ll, Lever arm (Ch. 14) 

L Length of slices (Ch. 9) 

M Mass under vibration (Ch. 20) 
M, Mass of anvil (Ch. 20) 

M Moment of force (Ch. 18) 


w 
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M f Mass of foundation (Ch. 20) 

M, Monent of force (Ch. 14) 

M, í Moment of resistance (Chs. 14 & 19) 

M, A Mass of vibrating soil (Ch. 20) 

M, ; Mass of tup (Ch. 20) 

M,M, : Moments (Ch. 15) 

m Factor of safety with respect to total stresses (Ch. 9) 





Factor for rectangular loading (Ch. 10) 

Perimeter shear factor (Ch. 14) 

Number of rows of piles (Ch. 16) 

m Modulus of volume change (Ch. 7) 

N i Overall percentage of particles finer than D (Ch. 3) 
Number of blows (determination of LL) (Ch. 3) 
Standard penetration number (Chs. 14 & 18) 
Normal force (Ch. 9) 

Taylor’s stability number (Ch. 9) 

Normal component of soil reaction (Ch. 13) 





N’ : Observed SPT Value (Ch. 18) 

N NON, : Bearing capacity factors (Ch. 14) 

N; : Percentage of particles finer than size D in a sample (Ch. 3) 
N 6 Flow value (Ch. 13) 

n í Porosity 


Coefficient (Ch. 9) 
Factor (Ch. 10) 
distance (Ch. 13) 
number of piles (Ch. 16) 


Na í Percent air voids (Ch. 2) 
Ratio (W/W, in Eq. 20.111 (Ch. 20) 
Na í Number of equipotential drops (Ch. 6) 
Ne : Number of flow channels (Ch. 6) 
Ratio (W/W,) in Eq. 20.111 (Ch. 20) 
OCR : Over Consolidation Ratio (Ch. 7) 
P : Force (Ch. 8) 


Perimeter of pile section (Ch. 16) 
Earth thrust (Ch. 13) 
Exciting force (Ch. 20) 

Pi : Earth thrust (Ch. 14) 

P í Total active earth thrust 
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Para i Horizontal and vertical components of active earth thrust (Ch. 13) 
PoP; : Inside perimeter of caisson (Ch. 19) 
P : Total earth thrust at rest 


Maximum value of exciting force (Ch. 20) 


Ps í Perimeter of pile group (Ch. 16) 

Ps Total passive earth resistance (Ch. 13) 
P. : Standard load (Ch. 17) 

Pr : Corrected Test load (Ch. 17) 

Pt : Peat (Ch. 4) 


Vertical load (Ch. 20) 

Mean effective pressure (Ch. 16) 
Intensity of water pressure (Ch. 19) 
P; Vertical stress (Ch. 20) 

Q : Quality of water collected (Ch. 5) 
Concentrated load (Ch. 10) 

Design discharge (Ch. 19) 


Q, : Horizontal force on pile (Ch. 16) 

Q it : Total ultimate bearing capacity (Ch. 14) 

Q, A í Ultimate bearing load on pile (Ch. 16) 

Qo : End-bearing resistance of pile (Ch. 16) 

Qu : Skin friction resistance of pile (Ch. 16) 

Qap ; Allowable load on pile (Ch. 16) 

Qaf : Negative skin friction force on the pile (Ch. 16) 
Qag : Net group capacity of piles (Ch. 16) 

q ; Discharge (Chs. 5 & 6) 


Rate of pumping (Ch. 5) 

Load intensity (Ch. 10) 

Surcharge stress (Ch. 13) 

Net upward pressure on concrete seal (Ch. 19) 


g : Line Load intensity (Ch. 10) 

Va : Allowable soil pressure (Ch. 19) 

qu Unconfined compression strength (Ch. 8) 

dut ; Ultimate bearing capacity (Ch. 14) 

Cii : Ultimate bearing capacity under local shear failure (Ch. 14) 
d net ült Net ultimate bearing capacity (Ch. 15) 

dy Bearing capacity of pile in point bearing (Ch. 16) 

lii : Net allowable bearing pressure (Ch. 14) 

q; : Safe bearing capacity (Ch. 14) 


Bearing capacity of foundation for a specified settlement (Ch. 14) 
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Ins i Net safe bearing capacity (Ch. 14) 
R : Shrinkage ratio (Ch. 3) 
Reynold’s number (Ch. 5) 
Radius of influence (Ch. 5) 
Frictional resistance (Ch. 9) 
Length of polar ray (Ch. 10) 
Base reaction (Ch. 13) 
Ratio of weight of pile to weight of hammer (Ch. 16) 


RR 3 ; Correction factors for water table (Ch. 14) 

R, : Depth factor (Ch. 14) 

R, í Groutability ratio (Ch. 17) 

RR, ; Base reactions (Ch. 14) 

R, : Corrected hydrometer reading (Ch. 3) 
Observed hydrometer reading (Ch. 3) 

r, : Radius of central well (Ch. 5) 

i : Pore pressure ratio (Ch. 9) 


Degree of saturation (Ch. 2) 

Specific surface area (Ch. 5) 

A particular distance (Ch. 6) 

Shearing resistance of base of slice (Ch. 9) 
Shear component of soil reaction (Ch. 13) 
Settlement (Chs. 14 & 16) 


S, ‘ Consolidation settlement (Ch. 7) 
So : Corrected Consolidation settlement (Ch. 11) 
S, : Elastic compression of pile (Ch. 16) 


Elastic part of settlement of plate (Ch. 20) 
Elastic compression of soil at base (Ch. 16) 
Settlement of foundation (Ch. 11) 
Settlement due to deformation (Ch. 16) 
Immediate settlement (Ch. 11) 
Stability number (Ch. 9) 
: Optimum spacing of piles (Ch. 16) 
S i Settlement of plate (Ch. 11) 

Settlement of pile tip (Ch. 16) 

Plastic compression of soil (Ch. 16) 


S, : Degree of shrinkage (Ch. 3) 
S, : Settlement due to secondary compression (Ch. 15) 
S, Sensitivity of clay (Ch. 3) 
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s i Shear strength (Ch. 8) 
Elastic settlement (Ch. 14) 
Penetration (set) of pile (Ch. 16) 
Pile spacing (Ch. 16) 

S98 558 : Shape factors (Ch. 14) 

T í Coefficient of transmissibility (Ch. 5) 
Time factor (Ch. 7) 
Tangential force (Ch. 9) 
Sliding resistance (Ch. 13) 
Relative stiffness factor (Ch. 16) 
Hoop Tension force (Ch. 19) 
Period of oscillation (Ch. 20) 

T í Surface Tension (Ch. 5) 

t : Elapsed time (Chs. 3 & 20) 
Thickness of vane (Chs. 8 & 18) 
Thickness of Concrete seal/Bottom plug (Ch. 19) 


ts i Thickness of pad (Ch. 20) 
t. : Thickness of steining of a well (Ch. 19) 
U í Uniformity coefficient (Ch. 3) 


Average consolidation ratio (Ch. 7) 
Total neutral force (Ch. 9) 


U, Consolidation ratio at depth z (Ch. 7) 
UU : Unconsolidate undrained Test (Ch. 8) 
u : Pore water pressure 


Neutral stress (Ch. 5) 
Excess pore pressure (Ch. 7) 
V í Total volume of soil sample (Ch. 2) 
Volume of suspension (Ch. 3) 
Volume of water displaced by a floating caisson (Ch. 19) 
V : Volume of air (Ch. 2) 
VaV m Volume of soil at shrinkage limit (Ch. 3) 
V, Volume of hydrometer (Ch. 3) 
V; : Initial volume of soil sample (Ch. 3) 
V, : Volume of soil at liquid limit (Ch. 3) 
V, Volume of soil at plastic limit (Ch. 3) 
Volume of pipette sample (Ch. 3) 
V : Volume of solids (Ch. 2) 
Volumetric shrinkage (Ch. 3) 
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V, Volume of voids (Ch. 2) 

Vo í Volume of water in the voids (Ch. 2) 
VbV : Velocity of shock waves (Ch. 18) 

v : Terminal velocity (Ch. 3) 


Velocity of flow (Chs. 5, 6 & 19) 
Velocity of shock waves (Ch. 18) 
Velocity of tup before impact (Ch. 20) 
Lower critical velocity (Ch. 5) 
Velocity of anvil (Ch. 20) 

Seepage velocity (Ch. 5) 

Initial velocity of anvil (Ch. 20) 

Üi i Velocity of tup after impact (Ch. 20) 
W : Total weight of soil mass (Ch. 2) 
Weight of soil slice (Ch. 9) 

Weight of soil wedge (Ch. 13) 
Maximum wheel load (Ch. 17) 
Weight of air (negligible) (Ch. 2) 
Weight of anvil (Ch. 20) 

Weight of dry soil (Ch. 2) 

Weight of soil finer than size D (Ch. 3) 


Weight of fine soil fraction out of a total soil sample taken for combined 
sieve and sedimentation analysis (Ch. 3) 


Weight of pile hammer (Ch. 16) 

Initial weight of soil sample (Ch. 3) 

Weight of kentledge (Ch. 19) 

Weight of soil sample at shrinkage limit (Ch. 3) 
Weight of solids in pipette sample (Ch. 3) 
Weight of solids (Ch. 2) 

Submerged weight of soil solids (Ch. 2) 

Weight of tup (Ch. 20) 

Weight of material occupying void space (Ch. 2) 
Weight of water (Ch. 2) 

Water content (Ch. 2) 

Weight of dipersing agent (Ch. 3) 

Regime width of waterway (Ch. 19) 

Water content corresponding to a penetration o (Ch. 3) 


s33 3 


== 


~ 


S35 


: 


sas 


Ww. : Initial water content (Ch. 3) 
Wy : Liquid (LL) 
w : Optimum moisture content (Ch. 12) 
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TR 


Plastic limit (PL) 

Water content obtained by rapid moisture meter (Ch. 3) 
Shrinkage limit (SL) 
X-coordinate (Ch. 13) 

distance 

Level arm of reaction (Ch. 13) 
Y-coordinate 

Displacement (Ch. 20) 

Depth under consideration 
Critical depth (Ch. 8) 

Depths of water table (Fig. 14.14) 


Angle (Ch. 6) 

Coefficient expressing rate of secondary compression (Ch. 7) 
Angle of inclination of wall face with horizontal (Ch. 18) 
Shape factor (Ch. 14) 

Adhesion factor (Ch. 16) 

depth of penetration (cone penetrometer method) 
Ratio (B/L,) for caisson (Ch. 20) 

Correction factor in Eq. 20.90 (Ch. 20) 

Angle of obliquity (Ch. 8) 

Angle of Slope (Ch. 9) 

Bulk unit weight 

Submerged or buoyant unit weight 

Unit weight of caisson material (Ch. 19) 

Dry unit weight (Chs. 2 & 12) 

Initial unit weight of suspension (Ch. 3) 

Modified unit weight (Ch. 13) 

Unit weight of water 4°C (Ch. 2) 

Unit weight of soil in the natural state (Ch. 3) 

Unit weight of solids (Ch. 2) 

Saturated unit weight (Ch. 2) 

Unit weight of water (Ch. 2) 

Unit weight of suspension at depth z and time t (Ch. 3) 
Maximum dry density (densest state) (Ch. 3) 
Minimum dry density (loosest state) (Ch. 3) 

Small increment in any quantity, e.g., Aa (Ch. 6) 
Elastic compression of pile (Ch. 16) 





APPENDICES 917 
Ao Increment of effective stress (Ch. 11) 
é Angle (Ch. 9) 
Angle of wall friction (Ch. 13) 
Logarithmic decrement (Ch. 20) 
ro Angle of base friction (Ch. 13) 
€ Strain 
A Axial strain (Ch. 8) 
n Factor of safety (Ch. 15) 
Hammer efficiency (Ch. 16) 
notin Magnification factor (Ch. 20) 
Ng Pile group efficiency (Ch. 16) 
no Factor of safety against overturning (Ch. 13) 
n, Factory of safety against sliding (Ch. 13) 
E Frequency ratio (Ch. 20) 
(3 Angle denoting orientation of plane (Ch. 8) 
Central angle of failure surface (Ch. 9) 
u Micron (Ch. 8) 
Viscosity (Ch. 5) 
Coefficient of friction (Ch. 8) 
Ly Viscosity of liquid (Ch. 3) 
Hy Viscosity of water (Ch. 3) 
v Kinematic viscosity (Ch. 5) 
Poisson’s ratio (Ch. 10) 
0) Circular frequency/frequency of fored vibration (Ch. 20) 
o, Natural circular frequency (Ch. 20) 
o, Initial angular velocity after impact (Ch. 20) 
T Pi—ratio of the circumference and the diameter of a circle 
A A constant (Ch. 20) 
p Mass density (Chs. 5 & 20) 
Balla’s parameter (Ch. 14) 
o Normal stress (Ch. 8) 
Effective overburden pressure (Ch. 18) 
61,05 Principal stresses (Ch. 8) 
com Allowable flexural stress for concrete (Ch. 19) 
O, Horizontal stress or lateral pressure (Ch. 13) 
o, Perimeter shear stress (Ch. 19) 
5 Effective stress (Chs. 5, 7, & 11) 


Initial effective overburden pressure (Ch. 7) 
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Conjugate lateral stresses (Ch. 5) 

Vertical stress (Ch. 5) 

Intergranular pressure in the Capillary zone (Ch. 5) 
Shear stress (Ch. 8) 

Phi—Velocity Potential (Ch. 6) 

Angle of internal friction 

Hvorslev’s (Ch. 8) 

Psi—Stream function (Ch. 6) 

Angle (Ch. 8) 
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Anvil 850 
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Boulders 96 
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(coefficient) 356 

Break in the backfill 494 


Caisson disease 767 
Caissons (Wells) 613, 759 
Caliche 96 
California bearing ratio (CBR) 106, 711 
Capillarity 137 
Capillary rise 141 
water 137 
Classifical earth pressure theories 456 
Clay 93 
Coefficient of 
compressibility 210 
consolidation 228 
curvature 59 
earth pressure at rest 452, 453 
passive earth resistance 452 
percolation 121 
subgrade reaction 637 
transmissibility 126 
uniformity 59 
volume compressibility 220 
Coefficient of elastic 
non-uniform compression 833 
non uniform shear 833 
uniform compression 833 
uniform shear 833 
Cohesion 2, 254 
factor 265 
Combined footings 610, 632 
rectangular 633 
trapezoidal 634 
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Compaction 424 
Compactive effort 426 
Comressibility 203 
Compression 203 
initial or elastic 394 
primary 394 
secondary 394 
Compression bar wave 833 
Compression index 213 
Concrete seal or plug 763 
Cone of depression 126 
Cone penetrometer 66 
Conjugate harmonic functions 177 
Conjugate ratio 465 
Consistency index 62 
limits 2, 31, 61 
Consolidated undrained test 266 
Consolidation 203, 205 
ratio 222 
Consolidometer 205 
fixed ring type 205 
floating ring types 206 
Constant force amplitude excitation 
and quadratic excitation 826 
Constant head permeameter 122 
Contact Pressure 408 
Converse-Labarre formula 683 
Core-cutter method 42, 44 
Cork 862 
Coulomb’s law 263 
Wedge theory 456, 471 
Coupled mode 818 
Critical depth 323 
Critical hydraulic gradient 32, 193 
Critical void ratio 288 
Curb 777, 778 
Cycle 814 
Cyclic load test 672 


Damping 819 
coefficient 819 
dispersion 820 
geometric 820 
interfacial 819 
internal 819 
negative 820 
radiation 820 
ratio 824 
slip 819 


solid 819 
structural 819 
Danish formula 669 
Darcy’s law 118 
Deep footings 612 
foundations 608 
Degree of compaction 437 
consolidation 222 
saturation 15 
shrinkage 71 
Degree of freedom 814 
Density bottle 33 
index 31, 38 
Dietert’s test 433 
Dilatancy test 94 
Dialational or P-wave 832 
Direct shear test 268 
Dipersion test 94 
Double-D wells 779 
Drained test 266 
Drawdown curve 126 
Dumb-well and rectangular well 
with multiple dredge holes 779 
Dynamic cone penetration test 742 
Dynamic pile driving formula 665 


Earth pressure at rest 453 
Earth slope 319 

infinite 319 

finite 319, 326 
Eccentric impact 854 
Eccentric loading on footings 623 
Effective size 59 
Effective stress 116 

parameters 265 
Elastic half-space theory 832 
Electrical resistivity 749 
Electro-osmosis 702 
Engineering News formula 665 
Equation of continuity 176 
Equipotential line 167 
Equivalent point load method 378 
Exciting force 818 
Exit gratient 170 
Expansion index 213 


Factor of safety against overturning 511 


sliding 511 

Falling head (variable head) 
permeameter 124 

Field’s rule 683 
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Felt 862 
Field (in-situ) compaction 433 
Field consolidation line 219 
Film moisture 115 
Floating foundation 609 
Floating or box Cassons 767 
Flow channel 166 

index 64 

line 166 

value 468 
Flownet 166 
Footing 542 

on slopes 630 
Forced vibrations 818 
Foundation 2, 3, 542 

soil 542 
Free vibrations 818 
Free water 113 
Free rigid bulkhead 791 
Frequency 814 
Frequency ratio 822 
Friction 254 

coefficient of 255 

angle 255 
Friction circle method 326, 337 
Friction of Coulomb Damping 819 


General shear failure 562 
Geophysical methods 747 
Geostatic stresses 115 
Geosynthetics 718 
geotextiles 718 
geogrids 718 
geomembranes 718 
geocomposites 718 
Grain size (particle-size) distribution 
curve 48 
Grain Specific gravity 18, 33 
Gravel 93 
Gravitational water 113 
Grip length 780 
Ground water 113, 114 
Group action of piles 678 
Grouting 709 


Hammers 850 

Harvad miniature compaction test 432 
Held water 113, 114 

Hiley’s formula 666 


Horizontal capillarity test 144 
Hydrodynamic lag 217 
Hydrometer analysis 53 
Hygroscopic moisture 35, 114 


Illite 32 

Impact type machines 850 

Inclined loading on footing 628 
Indian Standard compaction test 429 
Influence diagram 358 

Inside clearance 736 

Insitu vane shear test 744 
Interlocking 256 

Internal friction 2 

Isochrones 228 


Jodhpur mini-compactor test 433 
Jodhpur permeameter 125 


Kaolinite 32 


Laplace’s equation 176 

Lateral earth pressure 450, 452 
Laterally loaded piles 686 
Laterite 4, 96 

Leaching 4 

Linear shrinkage 72 

Line load 362 

Liquefaction 287 

Liquid limit 61, 63 

Liquidity index 62 
Load-settlement curves 576 
Load-test on pile 670 

Loam 96 

Local shear failure 562 

Loess 96 

Logarithm of time-fitting method 235, 237 


Magnification factor 822 

Marl 96 

Mass specific gravity 18 

Mass-spring -dashpot model 825 
Mechanical stabilisation 699 

Mehra’s method 701 

Metacentre 768 

Modified mass-spring-dashpot model 846 
Modified Proctor (modified ASHO) test 429 
Modulus (coefficient) of volume change 220 
Mohr-coulomb theory 263 
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Mohr’s circle 256 

Mohr’s strength theory 262 
Montmorillonite 32 
Moorum 96 


Natural frequency 818 
Negative skin friction 676 
Neutral stress 115, 116 
Newmark’s influence chart 377 
Normally consolidated soil 215 





Oedometer 205 

One-dimensional consolidation 225 
Open Caissons 759 

Optimum moisture content 426 
Oscillations 813 

Outside clearance 736 
Overconsolidated soil 215 
Overconsolidation ratio 216 


Particle-size distribution 46 
Passive earth resistance 452 
Passive isolation 859 
Peat 96 
Penetration test 267, 544, 580 
Percent air voids 15 
Period 814 
Periodic 813 
Permeability 117 
Phase 13 
diagram 13 
Pier foundation 613 
Piezometric head 121 
Pile 652 
capacity 657 
driving 655 
foundation 612, 652 
group 678 
group efficiency 682 
Pipette analysis 51 
Piping 194 
Plastic lag 217 
limit 59, 61, 67 
Plasticity index 61 
Plate bearing test 544 
Plate load test 575 
Pneumatic Caissons 759, 765 
Point load 354 
Poisson’s ratio 356, 832 


Poncelet rule 485 
Poorly graded soil 58 
Pore presure parameters 281 
ratio 322 
Porosity 15 
Preconsolidation pressure 214 
Pressure bulb 360 
Pressure-void ratio relationship 210, 221 
Principal mode of vibration 817 
Primary compression (consolidation) 237 
Principal planes 256 
Principal stress 256 
major 256 
minor 256 
intermediate 256 
Proctor needle 437, 488 
Pulse 813 
Pycnometer 36, 37 


Quartz 32 
Quicksand 193 


Radial flownet 188 
Radius of influence 127 
Raft (mat) foundation 609, 635 
Rammers 436 
Rankine’s theory 456 
Rapid drawdown 321, 333 
Rapid moisture tester 36, 38 
Ralyeigh or R-wave 833 
Rebhann’s condition 484 
Rebound curve 212 
Reciprocating machines 847 
Recompression curve 213 
Reinforced earth 717 
Repeated plate bearing test 834 
Resonance 819 
Retaining walls 3, 450, 451 
buttress 450, 451, 506 
cantilever 450, 451, 504 
counterfort 450, 451, 505 
gravity 450, 451, 503 
crib 506 
semi-gravity 504 
Ring foundation 370 
Ring shear test 267 
Rock flour 96 
Rocks 4 
igneous 4 


INDEX 


925 





sedimentary 4 
metamorphic 4 

Rollers 434 
grid 434, 436 
pneumatic-tyred 436, 435 
sheepsfoot 434, 435 
smooth wheeled 434 

Rolling test 94 

Rubber 862 


Sample disturbance 735 
Sand-replacement method 42 
Schleicher’s method 547 
Scour depth 780 

Secondary consolidation 239 


Sedimentation (Wet) analysis 46, 49 


Seepage 166 
velocity 120 
Seismic refraction 747 
Sensitivity of clays 73, 297 
Settlement 31, 203, 391 
contact or distortion 394 
differential 391 
permissible 405 
time rate of 391 
total 391 
Shaking test 94 
Shallow foundation 608 
Shape factor 168 
Shear modulus 833 
Shear or S-wave 833 
Shear strength of soil 254 
Sheet pile walls 450 
Shifts and tilts 805 
Shine test 94 
Sinking effort 762 
Shock 813 
Shrinkage 31 
index 62 
limit 61, 67, 70 
ratio 71 
Sieve analysis 46 
Silt 33 
Simple harmonic motion 814 
Site ingestigation 725 
Skin friction 658 
Slide 319 
Soil 1 
aeoline 7, 97 


alluvial 7, 97 
black cotton 7, 94 
coarse-grained 7, 33 
fine-grained 7, 33 
glacial 7, 97 
lacustrine 7, 97 
marine 7, 97 
partially saturated 15 
residual 1, 6 
saturated 14 
transported 1, 6 
Soil-cement 704 
Soil dynamics 813 
Soil exploration 725 
Soil horizons 5 
Soil investigation report 751 
Soil moisture 113 
Soil profile 5, 392 
Soil sample 31, 733 
disturbed 31 
remoulded 31 
undisturbed 31 
Soil stablisation 698 
Specific gravity 18 
of soil solids 18, 32 
of water 18 
Split-spoon sampler 736 
Spread footings 609, 618 
Spring absorbers 863 
Spring constant 832 
Square root of time fitting method 235 
Stability number 324, 341 
Standard block vibration test 838 
Standard Penetration test 395, 739 
Standard Proctor (AASHO) test 428 
Static cone penetration (Dutch cone) test 740 
Steady motion 813 
Steel springs 862 
Steining 778 
Stoke’s law 49 
Strap footing 610, 611, 631 
Stream function 176 
Strength (failure) envelope 263 
Stress isobar 360 
Stress-path 283 
Strip load 364 
Structural water 114 
Structure 5, 8, 31 
flocculent 9 
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honey-comb 8 

single-grained 120 
Superficial velocity 120 
Swedish method of silices 326, 328 
Swelling 31, 204 


Taylor’s method 326, 341 
Tension crack 327 

Test pits 727, 728 

Texture 5, 9, 31 
Thin-walled sampler 736 
Thixotropy 74 
Time-compression curve 208 
Time-factor 230 

Tolerance limits 830 

Top flow line 179 

Torsion test 267 

Total stress parameters 265 
Transient vibration 813 
Transmissibility 859 

Trial wedge method 477 
Triaxial compression test 270 
True shear parameters 265 
Tup 851 

Tuning 864 

Two is to one method 378 


Unbalanced inertial forces 847 

Unconfined compression strength 
test 73, 267, 277 

Unconsolidated undrained test 266 

Underconsolidated soil 216 

Underreamed piles 662 

Uniform surcharge 462, 495 

Unit weight 16 


bulk (mass) 16 

dry 18 

in-situ 42 

saturated 17 

submerged (buoyant) 17 
Unit weight of solids 16 

of water 16 
Useful width concept 627 


Vane shear test 267, 279 
Velocity potential 176 
Vertical capillarity test 147 
Vibration 813 

Vibration isolation 859 
Vibration pick-up 838, 840 
Vibrators 434, 436 

Virgin compression curve 212 
Viscous damping 819 
Viscous friction 291 

Void ratio 15 

Volumetric shrinkage 71 


Wall friction 478 

angle of 478 
Water (moisture) content 16, 31, 35 
Wave equation method 664 
Well foundations 776 
Well-graded soil 58 
Well cap 778 
Wenner configuration 750 
Westergaard’s influence coefficient 362 
Winkler’s hypothesis 686, 687 
Working chamber 765 
Zero-air voids line 426 


